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PREFACE 

 

 

As the leader of our 21st century COE (Center of Excellence) program, I am very pleased 

to have this international conference, inviting many distinguished guests and experts from inside 

and outside Japan.  The COE program entitled “Evolution of Urban Earthquake Engineering” 

aims to develop effective strategies and technologies to enhance our present urban societies 

resilience against earthquakes and to train elite individuals in the related fields.  This kind of 

effort is urgently needed, not only in Japan but also in other earthquake prone countries around 

the world.  Just as an example, consider the 1995 Kobe earthquake: it demonstrated that 

modern cities are highly vulnerable to earthquakes and that the state of the practice of 

earthquake preparedness should be much advanced in order to prevent catastrophic disasters in 

the next big earthquake.  

To carry out the COE program, which is sponsored by the Ministry of Education, Culture, 

Sports, Science and Technology (MEXT), in an effective manner the Center for Urban 

Earthquake Engineering (CUEE) was established in the Tokyo Institute of Technology (Tokyo 

Tech) on September 1, 2003, which marked the 80th anniversary of the 1923 Great Kanto 

Earthquake.  The faculty members working in six departments in three of the Graduate Schools 

of Tokyo Tech are unified under CUEE to further strengthen the available resources.  In the 

area of mitigation of urban earthquake disasters, CUEE serves as the home for extensive and 

in-depth research and development efforts (R&D) and also hosts special training programs 

prepared for doctoral and postdoctoral students.  In addition to these research and educational 

activities, CUEE also offers the possibility of worldwide collaboration with research 

organizations, and industry and government partners. 

Following a kick-off symposium which was held in last October, CUEE has organized this 

international conference to introduce our COE program and to facilitate the worldwide 

collaboration in the various fields related to urban earthquake engineering.  In our quest for the 

success of the COE program at an international level, we would appreciate your creative and 

kind contribution and fruitful discussions. 

 

 

Tatsuo Ohmachi 

Program Leader 

Professor, Department of Built Environment 
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21
ST

CENTURYCOE PROGRAMS INTOKYO INSTITUTE OFTECHNOLOGY

Masuo Aizawa

President, Tokyo Institute of Technology, Japan

The 21
st
Century COE Program (Center of Excellence) has started as a new project sponsored by

the Ministry of Education, Culture, Sport, Science, and Technology (MEXT) from the fiscal year 2002.

It aims to form one of the most advanced international centers in every research field, which can focus

research and education at an international level and foster potential leaders in the international

community.

In the fiscal year 2003, proposals for this COE program were solicited in 5 research fields

comprising 1) Medical Science, 2) Mathematics, Physics, Earth Science, 3) Mechanical, Civil,

Construction Engineering and Others, 4) Social Science, 5) Interdisciplinary, Combined Fields, and

New Disciplines and 611 research programs were submitted from 225 National/ Public/ Private

Universities.

In the fiscal year 2003, 133 research programs were adopted, including 97 programs from the

National universities (73%), 5 programs from Public universities (4%) and 31 programs from the

Private universities (23%). Five research programs out of a total of 9 proposals from Tokyo Institute

of Technology have been adopted for the fiscal year 2003, resulting in a total of 9 COE programs in

our university including 4 programs adopted in the fiscal year 2002. Classifying by fields, we have 1

program in Mathematics, Physics, Earth Science, 3 programs in Mechanical, Civil, Construction

Engineering and Others, and 1 program in Interdisciplinary, Combined Fields, and New Disciplines.

A budget of 960 million yen has been provided by MEXT for the 5 programs, which were adopted

in the fiscal year 2003. It is noteworthy that the total provided budget for our 9 programs in the fiscal

years 2003 and 2004 is over 1,580 million yen. Although MEXT will give us the midterm

assessment, it will provide the budget for 5 years.

The 9 programs adopted in our Tokyo Institute of Technology listed below consist of strong

research groups that are selected from the whole campus among the researchers who are

internationally well known. We strategize making the global research basis as a key step towards

realization of our university’s objective of attaining the status of “World-leading university in science

and technology”.

Adopted Program and Project Leader in the fiscal year 2002

1. Prof. Hiroshi HANDA “Frontier System of Bioengineering”

2. Prof. TakakazuYAMAMOTO “Creation of Molecular Diversity and Development of

Functionalities”

3. Prof. Hideo HOSONO “Nanomaterial Frontier Cultivation for Industrial Collaboration”

4. Prof. Shigehisa ARAI “Photonic Nano-Device Integrated Engineering”
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Adopted Program and Project Leader in the fiscal year 2003

5. Prof. TsuneyaAndo “Nanometer-Scale Quantum Physics”

6. Prof. Shigeo Hirose “Innovation of Creative Engineering through the Development of Advanced

Robotics”

7. Prof. Tatsuo OHMACHI “Evolution of Urban Earthquake Engineering”

8. Prof. Hiroshi SEKIMOTO “Innovative Nuclear Energy Systems for Sustainable Development of

the World”

9. Prof. Sadaoki Furui “Framework for Systematization and Application of Large-scale Knowledge

Resources”

- 2 -



OUTLINE OF21STCENTURYCOE PROGRAM:

EVOLUTIONOFURBANEARTHQUAKEENGINEERING

T. Ohmachi
1)
and K. Tokimatsu

2)

1) Professor, Department of Built Engineering, Tokyo Institute of Technology, Japan

2) Professor, Department of Architecture and Building Engineering, Tokyo Institute of Technology, Japan

ohmachi@enveng.titech.ac.jp, kohji@o.cc.titech.ac.jp

Abstract: Densely populated urban cities that comprise a complicated web of people, urban facilities and

urban system are highly vulnerable to earthquake disasters. Once an earthquake strikes such a metropolitan

city, catastrophic disasters and widespread disaster chain, which may even lead to chaos in the global

economy, could be anticipated. This has led to the pressing need for improving the overall earthquake risk

reduction technology for urban cities. The Center for Urban Earthquake Engineering has been established to

carry out the 21
st
Century COE program entitled “Evolution of Urban earthquake Engineering,” that aims not

only to promote the above research objectives but also to strengthen the graduate education program as well

as to launch international collaboration in research and education. This paper describes the outline of our

COE program on Urban Earthquake Engineering.

1. INTRODUCTION

Since the 1995 Kobe Earthquake, various researches and proposals have been made for

developing measures to reduce seismic risks in urban cities; however, there still remains much to be

done to develop and disseminate feasible risk reduction technologies for the benefit of urban society.

Densely populated urban cities that comprise a complicated web of people, urban facilities and urban

system are highly vulnerable to earthquake disasters. Once an earthquake strikes such a metropolitan

city, catastrophic disasters and widespread disaster chain, which may even lead to chaos in the global

economy, could be anticipated. This has led to the pressing need for improving the overall

earthquake risk reduction technology for urban cities.

The Center for Urban Earthquake Engineering (CUEE) was established on September 1, 2003, to

carry out the 21
st
Century Center of Excellence (COE) program, entitled "Evolution of Urban

Earthquake Engineering," which is sponsored by the Ministry of Education, Culture, Sport, Science,

and Technology (MEXT).

CUEE program includes extensive and in-depth research and development (R & D) of new

technologies for the prevention of urban disasters caused by earthquakes. CUEE will work towards

making global contributions in the areas of research and education as well as aim to become one of the

most advanced international centers for Urban Earthquake Engineering (Fig. 1).

2. OVERVIEWOFTHE COE PROGRAM

The faculty working in six departments in three Graduate Schools of Tokyo Institute of

Technology, which may be ranked as one of the world’s top level faculty in the field of earthquake
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engineering, shall be unified under CUEE together with its research and educational bases to further

strengthen the resources. This would enable the research and study on Urban Earthquake Engineering

to attain the world’s highest standards, making CUEE a global hub, interconnecting North and South

Americas, Asia and Europe, for international study on Urban Earthquake Engineering. To develop in-

depth, strategic technologies on urban disaster mitigation, CUEE will focus on the following three

major research topics:

(1) Advanced Technology for Earthquake Disaster Mitigation

(2) Renovation Technology for Urban Earthquake Resilience

(3) Strategic Plan for Urban Seismic Risk Reduction

CUEE will also offer special doctoral courses involving overseas studies and OJT programs to

foster potential leaders in the international community. CUEE will forge ahead with more active

efforts in collaborating and interacting with foreign as well as local research institutions, government

and non-government institutions and Non Profit Organizations (NPO) in order to promote the research

on Urban Earthquake Engineering for practical applications.

3. PROMOTION OFRESEARCH ON URBAN EARTHQUAKE ENGINEERING

To effectively reduce the earthquake-induced damage and losses that are related to the people,

buildings and infrastructures, CUEE will enforce studies from the following three viewpoints (Fig. 2):

3.1 Advanced Technology for Earthquake Disaster Mitigation:

To develop advanced technologies for the creation of safer cities and communities, R&D will be

carried out on topics including: seismic hazard and risk simulation technology, smart material

structures, intelligent passive and active control, real-time processing of ground profile survey, high

seismic performance foundations, and real-time earthquake information system.

Fig. 1 Overview of the COE Program
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3.2 Renovation Technology for Urban Earthquake Resilience

To reduce seismic risks in existing cities and communities, R&D will be carried out on topics

including: seismic evaluation of existing facilities in urban areas, comprehensive disaster mitigation

technology for ground and underground structures, seismic retrofit technologies with limited

environmental impact, regional planning for mitigating fire spread, evacuation planning, and universal

design for disaster mitigation.

3.3 Strategic Plan for Urban Seismic Risk Reduction

To develop basic strategies for reducing seismic risks of urban cities that are yet friendly to

people and environment, R&D will be carried out on topics including: evaluation of urban seismic

risks, evaluation of investment required for risk reduction, performance-based design, damage control

design, and earthquake education.

4. FOSTERING YOUNG RESEACHERS AND SPECIALISTS ON DISASTER

PREVENTION

CUEE educational program (Fig. 3) aims to offer two special doctoral courses to foster world-

leading specialists in the area of the disaster prevention, e.g., Academic course to foster researchers

and Practical course to foster specialist engineers for immediate deployment.

In order to foster ability in international communication, teaching, research, creativity, and

practice for doctoral and post-doctoral fellows, the CUEE education program includes the following

implementations: (i) intensive lectures on English technical presentations, (ii) assignment to Research

Assistant (RA) and Post-Doctoral Fellow (PD), (iii) scholarships for overseas school training and

participation in international conferences, (iv) research awards to young researchers, (v) supervision

by overseas visiting professors, and (vi) publication of technical books on Urban Earthquake

Engineering in Japanese and English.

Fig. 2 Research themes and topics
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5. UPGRADING OF BASIC RESEARCHAND EDUCATIONALFACILITIES

Basic research facilities such as high-precision dynamic experimental system and emergency

assessment system will be introduced and/or upgraded. Advanced IT system, enabling internet

conferencing and multimedia lectures not only within the university but also with local and foreign

institutions, will be introduced, facilitating worldwide collaboration.

6. PROMOTION OF INTERNATIONAL RESEACH COLLABORATION AND

CONTRIBUTION

CUEE also aims to promote active international involvements through planning and sponsoring

international joint researches, international symposia and exchange programs for young researchers

and graduate students. CUEE would also make international contributions through conducting

specialized seminars on earthquake engineering for developing countries as well as promote and

develop the implementation of practical measures through collaboration with local and international

government and non-government research institutions.

7. PROMOTION OF EDUCATION TO GENERALPUBLIC ON DISASTER PREVENTION

Knowledge and information accumulated through the programs will be disseminated to the

general public through seminars and Internet, to promote education on Urban Earthquake Engineering

and enhance their awareness on disaster prevention.

• Academic Course

Special Doctoral Courses

Urban Earthquake Engineering 

Education Implementation Plan

Faculty in 6 Departments
Built Environment, Civil Engineering

Architecture & Building Engineering

Environmental Science & Technology

Mechanical & Environmental Informatics

International Development Engineering

Foreign/Local

Government/Research

Institutions/NPO

Professors

Collaboration

Research

Collaboration

Cross-department Doctoral Students

• Practical Course

Internet

Conferencing

Internet

Conferencing

Joint

Research & 

Symposium

Visiting

Professors

Overseas

Universities &

Earthquake

Engineering Centers

Lecture and Supervision 

over Internet

Overseas/On-the-Job

Training

Local/International

Collaboration

Lecture and Supervision

Fig. 3 Educational Implementation Plan
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THE BAM EARTHQUAKE: THE FACTS AND THE LESSONS LEARNT 

 

 

Fayaz R.  Rofooei
1) 

 

 

 
1) Associate Professor, Civil Engineering Department, Sharif  University of Technology, Tehran, Iran, 

rofooei@sharif.edu 

 

 

ABSTRACT At 5:28 am on December 26, 2003, a devastating earthquake with a moment magnitude 

around 6.5, leveled the historical city of Bam within few seconds. More than %80 of the city was 

destroyed and the dead toll was officially declared to be around 40000. The historical citadel of Arg-e-

Bam, made entirely from mud bricks, was ruined and most of its ancient irrigation system, qanats, was 

ruptured.  The 20 kilometers long Bam fault, silent for the last 2 millenniums, passes from the vicinity of 

the city. The hypocenter of the Bam earthquake has been estimated to be below the city itself, with a focal 

depth around 7 km, thus causing extensive damage to city. The preliminary investigation of the region 

indicates a rapid decay of the ground motion amplitude toward the suburbs of the city. Almost all of the 

mud brick buildings of the city were totally collapsed causing the heaviest life loss among the buildings 

of the city. Poor construction techniques together with low to none supervision were found to be the 

major reasons for the destruction of many newly designed and built buildings.  

 

1. INTRODUCTION 

 
The Bam 12/26/2003 earthquake with a moment magnitude around 6.5 struck at 01:58 GMT, 

5:28 am local time. The epicenter was in Bam, a city of 80,000, with 200,000 in the surrounding 
area, in southern Iran, 620 miles southeast of Tehran. The earthquake flattened the old city and 
ruptured its qanats, the ancient water supply system that have been used in this area for centuries.  

Bam is on major trade routes to India and the Far East. It's well known orange and date farms 
were a major source of income for its farmers and the country. Many of its population were 
involved in the booming tourism industry, serving a large number of tourists coming from different 
parts of the world to visit the ancient citadel of Bam. As the largest mud brick structure in the 
world, and a major historic site, it was on the Unesco's list of World Heritage Sites(Figure  1). The 
ruined citadel of Bam, known as the old Arg-e-Bam was made entirely of mud bricks, clay, straw 
and the trunks of palm trees. It was originally founded during the Sassanian period (224-637 AD) 
and while some of the surviving structures date from before the 12th century, most of it was built 
during the Safavid period (1502-1722). During Safavid times, it was expanded to six square 
kilometers, surrounded by a wall with 38 towers with 9000 to 13,000 inhabitants. 

   At the site of the Zoroastrian fire temple(dating to early Sassanian times), the Jame Mosque 
was built during the Saffarian period (866-903 AD) and adjacent to this mosque is the tomb of 
Mirza Naiim, a mystic and astronomer who lived three hundred years ago. Bam declined in 
importance following an invasion by Afghans in 1722 and another by invaders from the region of 
Shiraz in 1810. The city was used as a barracks for the army until 1932 and then completely 
abandoned. Intensive restoration work began in 1953, and was continued since then. This historic 
monument was mostly destroyed during this earthquake (Figure  2).  
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         Figure 1  The ancient Arg-e Bam before earthquake.                Figure 2  The Arg-e Bam after earthquake. 

 
 

2. Geological Setting of Iran 
 

Earthquakes in Iran and neighboring regions (e.g., Turkey and Afghanistan) are closely 
connected to their position within the geologically active Alpine-Himalayan belt (Figure 3). In the 
Middle East region, modern tectonic activity is forced by the convergent movements between two 
plates: the Arabian plate, including Saudi Arabia, Persian Gulf and the Zagros Ranges of Iran, and 
the Eurasian plate that incorporates Europe, central and East Asia, as well as the interior Iran 
(Figures 3 and 4). The Zagros Thrust Zone (red line in Figure 4) constitutes the boundary between 
the two colliding plates[1-4].  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
                            
                       Figure 3     The Alpine-Himalayan Belt. Image from Cornell University/INSTOC[1-4] 

 
Much of the mechanical deformation resulting from Arabia-Eurasia collision is accommodated 

by the Zagros Ranges in the form of folding of rocks and the rise of mountains in conjunction with 
fault movements at depth of the Earth. In fact, the highest frequency of earthquakes in Iran occurs in 
the Zagros region (Figure 5). However, because of the diffuse nature of this deformation (i.e. 
simultaneous movements along a number of sub-parallel faults over a wide area) the intensities of 
these tremors are generally low and are recordable only by sensitive seismic devices. The interior 
parts of Iran, however, respond to the plate collisional forces in a different manner. In the area known 
as Central-East Iran deformation takes place largely in the form of strike-slip (sideway) movements  
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AZF= Abiz  Fault, 

 DRF= Doruneh Fault, 

 GWF= Gowk Fault, 

 KBF= Kuhbanan Fault, 

 KMF= Kalmard  Fault, 

 MAF= Mehdiabad  Fault, 

 NAF= Nostratabad  Fault, 

 NHF= Nehbandan Fault, 

 NNF= Naein Fault, 

 RJF = Rafsanjan Fault ,  

SBF=Shahre-abak  Fault, 

 ZRF= Zarand Fault, 

 ZTZ=Zagros Thrust Zone. 

 
 

Figure 4 The simplified structural map of Central-East Iran showing the location of major faults. Red line     represents 

the boundary between Arabian and Eurasian plates. Large arrows indicate the direction of plate motion [1-4]. 

 
focused along a complex array of intersecting faults (Figure 4). In sharp contrast to that in Zagros, 
seismic activity associated with central Iranian faults is sporadic but much more localized and 
occurs with significantly higher magnitudes.  

Many of Iran's powerful tremors, such 
as the recent Bam earthquake, have 
occurred in this area. By and large similar 
mechanisms are responsible for large 
magnitude earthquakes in other parts of 
the country, such as Zanjan and 
Azerbaijan, not shown here. Figure 4 
illustrates major fault structures of the 
Central-East Iranian region along with 
large centers of population in their 
vicinity. The locations of three largest 
earthquakes of the modern times are also 
indicated by red circular symbols. These 
are the Ferdows earthquake of August 31, 
1968 (Magnitude = 7.3, 12,000 – 20,000 
deaths), Tabas earthquake of September 
16, 1978 (M = 7.8, more than 1,500 
deaths), and the recent Bam earthquake 
(M = 6.6, more than 30,000 deaths).  

                                                               

 Preliminary analysis of the pattern of 
seismic-wave radiation from the 
December 26 earthquake is consistent with 
the earthquake having been caused by right-
lateral strike-slip motion on a north-south 

Figure 5  Record of seismicity in southeastern Iran from   

          1990 to 2003 [5] 
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oriented fault. The earthquake occurred in a region within which major north-south, right-lateral, 
strike-slip faults had been previously mapped, and the epicenter lies near the previously mapped, 
north-south oriented, Bam fault. However, field investigations will be necessary to determine if the 
earthquake occurred on the Bam fault or on another, possibly not yet mapped fault. The December 
26 earthquake is 100 km south of the destructive earthquakes of June 11, 1981 (magnitude 6.6, 
approximately 3,000 deaths) and July 28, 1981 (magnitude 7.3, approximately 1,500 deaths). These 
earthquakes were caused by a combination of reverse-motion and strike-slip motion on the north-
south oriented Gowk fault. Table 1 shows the major earthquakes occurred within a 100 kilometers 
distance from the city of Bam[6]. 

 

    Table-1   Seismicity of the Bam region, whitin a 100km distance from the city of Bam[ 6].  

Date        Time     Coordinates 
 Y    M  D  HH MM SS  Lat.N   Lon.E  FD    mb  Ms Mw   Efa  Ref   Region 
___________ ________  _______ ______ ___  ___ ___ ___  ___  ___   __________ 
  
1948 07 05  13 53     29.460  57.780   0  5.9 6.0  .0       Amb   Gowk 
1962 09 29  06 54 00  28.290  57.480  83  5.5  .0  .0       N.US 
1964 05 11  06 07 38  28.220  57.390  73  5.3  .0  .0       N.IS 
1964 08 27  11 58 39  28.160  58.830  50  5.1  .0  .0       N.IS 
1976 11 13  10 12 36  28.250  57.340  62  5.0  .0  .0       ISC 
1981 06 11  07 24 25  29.895  57.718  30  6.6 6.0  .0   *   ISC   Golbaf 
1981 07 28  17 22 23  29.987  57.770  11  5.9 7.0  .0   *   ISC   Sirch 
1981 10 14  09 12 39  29.900  57.758  43  5.2  .0  .0       ISC 
1982 10 15  02 53 55  28.280  57.398  83  5.0  .0  .0       ISC 
1983 01 31  18 56 53  28.919  57.318 133  5.0  .0  .0       ISC 
1984 10 11  05 09 27  29.539  58.030  48  5.1  .0  .0       ISC 
1986 07 25  10 08 09  28.068  57.303  69  5.2  .0  .0       ISC 
1989 11 20  04 19 04  29.880  57.721  18  5.5 5.7 5.9       ISC South Golbaf 

1998 06 10  08 30 16  28.227  58.507 113  5.0  .0  .0       ISC 
 

3.  Strong Ground Motion  

There have been various recording of this earthquake in and around the city of Bam. The accelerogram 

located in the Governship's building in the middle of the city has recorded the strongest motion with the   

horizontal PGA's equal to 0.8g and 0.7g respectively, and a PGA around 1.0g in the vertical direction(Figure 

6). The big velocity pulse caused by  the directivity effect is shown in the Figure 7. It should be mentioned 

that around 1000 accelerograms are currently under operation by the Building and Housing Research Center 

of Iran(BHRC).[7] 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
                         
                   Figure 6   The corrected accelerograms of Bam Earthquake 2003(Record No. 3168-2)[7]. 
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Figure 7  The Displacement and Velocity time histories of the corrected accelerograms of Bam earthquake 

recorded at  the Governship’s building [7]. 
 
 
4.   Structural Damages and Their Cause 
 

The total number of Buildings in Bam and Baravat area has been estimated to be around 19000 
units. The intense strong ground motion destroyed more than %80 of those buildings. In general 
these building can be categorized as the adobe buildings, un-reinforced masonry buildings, 
reinforced masonry buildings, semi-steel structures and steel and concrete structures. Based on the 
preliminary investigations, the following observation can be made for these different types of 
structures. 

The adobe buildings that are made of mud bricks with dome shaped or arch type roofs, comprise 
more than %30 of the buildings within the Bam city and the Baravat (Figure 8).  The thick walls 
and roofs in adobe buildings in the absence of bonding beams can not resist the lateral earthquake 
forces. More than %90 of adobe buildings, including the ancient citadel known as the Arg-e-Bam were 
destroyed by the earthquake. When collapsed, the mud brick crumbles into a heavy powder without 
air pockets. Consequently, casualties were much higher compared to other similar earthquakes in 
Iran or elsewhere in the world. 

The un-reinforced masonry buildings still are the most built buildings, specially in the rural 
areas. These type of buildings are constructed mostly with certain type of heavy steel jack 
arch(shallow arch) roofs(Figure 9). No bonding beam is usually used to provide the masonry 
bearing walls with some ductile behavior. The steel profiles that are used for the steel jack arch are 
also placed on the walls without any tie beams to make them act as a diaphragm. Therefore, any 
failure of the bearing walls usually lead to the collapse of the heavy roofs, killing many 
people(Figures 9 and 10). About %35 of the buildings in city of Bam and Baravat belong to this 
type of buildings that were mostly destroyed. 
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Figure 8  The adobe buildings with dome or arched type roofs. 

 

 
                           

 

Figure 9  The un-reinforced masonry buildings and an example of steel jack arch type roofs. 

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
                             

 

                             Figure 10  collapsed un-reinforced masonry buildings with steel jack arch type roofs. 
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In reinforced masonry buildings, vertical and horizontal bonding beams are used to provide them with 
a better seismic behavior. The main problem with these type of buildings are the poor quality of the 
concrete used in the horizontal and vertical bonding beams. In some cases, there were not enough 
rebars in the bonding beams(Figure 11). That clearly shows the lack of an effective supervision, if any, 
during the construction process of those buildings. Weak connections between the vertical and 
horizontal ties( no anchorage of the steel bars) and no connection between the walls and the ties, non-
standard hoop spacing and skipping the horizontal ties were among other problems encountered in 
these type of buildings. About %18 of the buildings in the earthquake effected area were from this 
category with many of them destroyed. 

 
    

    Figure 11  The reinforced masonry buildings with seperated vertical bonding beams, inappropriate connection 

    detailing and poor concrete quality. 
 
The third type of the buildings in this area is a combination of surrounding masonry bearing walls 

with some interior steel columns. Therefore, in these so-called semi-steel structures, there is basically 
no frame action. Again, the poor quality welding of the beam-column connections was the cause of 
many failures. The masonry bearing walls in these type of buildings were usually un-reinforced with 
no bonding beams. More than %17 of the buildings were in this group and as expected, most of them 
were destroyed.  

The remaining %2 of the buildings in the city of Bam and Baravat, can be considered as concrete 
or steel structures with infilled masonry walls. Some of the main problems with the steel structures 
include, poor quality welding, use of non-standard steel with poor specification, weak connections, no 
connection between the infilled walls and the columns and in some cases, no lateral load resisting 
systems(bracing or moment resisting systems) (Figure. 12).  

  
  
 

 

 

 

 
 
 
 
 
 
 
 
 
 
 
 

 
  

Figure 12   Steel Structures with inappropriate welding that led to the separation of the beam or bracing from

the columns.   
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In concrete structures, non-professional construction procedures and poor quality concrete, were 

among the most common problems.  In some cases, no rebars were used in beams and columns with 
non-standard hoop spacings(Figure 13).       

  

 
          Figure  13   Concrete structures without required hoop spacing or proper beam-column connection detailings.  

 

After the Tabas earthquake in 1978, a new seismic design regulation were developed in Iran that was 
mainly adapted from the Uniform Building Code(UBC). It was updated about 4 years ago, and a new 
revision of that will be out for practitioners in a few months. As it is clearly shown by some of the 
remaining steel or concrete buildings in Bam, minimal observance of the country's seismic design code 
and the proper construction technics, could have saved many lives by preventing the total collapse of 
those buildings(Figure 14).  

 
 

 

    Figure 14  Minimum attention to the country’s seismic code, or proper construction techniques, could have prevented many     

buildings from total collapse. 

 
On the other hand, in well designed and built buildings, the damages were limited to nonstructural 

elements, like formation of cracks in interior partitions or exterior walls (Figure 15).  
 Traditional way of building new houses, almost in any part of the country including the Bam area is 

among other major problems to deal with. Inappropriate use of materials is frequently encountered. Many 
houses, especially in the rural regions, are built out of mud bricks and un-reinforced masonry, which do 
not stand up well to earthquakes. Therefore, the builders should be provided with the necessary education 
for proper construction methods to minimized further loss of lives in any future events. 
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                Figure 15  Nonstructural damages to the well designed and built were minimal. 

 

 The preliminary investigation on the strong ground  motion recorded in the Bam Governship's office, as well 
as the inflicted  damages observed in the city,  is a clear indication of a very  strong vertical component, compared 
to the horizontal ones in the Bam earthquake. That has led to some very peculiar type of destruction of the 
buildings. As it can be seen from the Figure 16, the folded columns could be seen in many damaged steel 
structures.  

 

 
 
             Figure 16  Folded columns caused by the vertical component of the earthquake.  

 

 

 

5.    Non- Building Structural Damages 
 
The city's only elevated water tank was empty when the earthquake struck. There were minor 

damage in the form of cracking of the concrete cover at some of its joints. As it can be seen in Figure 17, 
smooth steel bars have been used as the reinforcement for the concrete.  

No serious damage is reported with regard to the effect of earthquake on the major Mosques of the 
city. However, there was a slight buckling in the tower of one of these Mosques, plus falling of some of 
the bricks used as a cover as it is shown in Figure 18.  
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There were some damages to the Bam city's only substation. But the damaged equipments were  
 
 

 
 
 
 
Figure 17   The Bam's elevated water tank and the cracking of  its concrete cover at  joints . As it can be seen from the 

picture, smooth steel bar has been used as the re-inforement .   
 

 
                         

                           Figure 18  Minor damages is reported for Bam’s major Mosques.  

 

repaired very rapidly to restore the electricity of the Bam(Figure 19). 
As it was mentioned before, the destruction of qanats, the ancient irrigation system used vastly in 

central and southern part of Iran, is of major concern. A qanat can be defined as a horizontal 
underground gallery that conveys water from an aquifer in pre-mountainous alluvial fans to 
lower-elevation irrigated fields[8]. As it can be seen from Figure (20), a qanat consists of a series of 
vertical shafts in sloping ground, interconnected at the bottom by a tunnel with a gradient less than that 
of the ground. The first shaft is usually sunk into an alluvial fan to a level below the groundwater 
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table. 
 Shafts are sunk at intervals of 20 to 30 meters in a line between the groundwater recharge zone 

and the irrigated land. From the air, the tunnel portion of a qanat system looks like a line of anthills 
leading from the foothills across the desert to the greenery of an irrigated settlement. 

 
 
 
  

 
 
 
                               
                             Figure  19    The damages inflicted to the city's only substation. 

 
 

 

 

 

 

 

 

                        

 

 

 

                     Figure 20  General Schematic for a qanat[8] 

 

In the Bam earthquake, many of the qanats located within the vicinity of city have been damaged. 
As the Figure 21 shows, the opening of many of the vertical shafts of the qanats have collapsed, 
blocking the flow of water. The restoration of some of these qanats has begun recently.  

 

 

(1) Infiltration part of the tunnel 

(2)Water conveyance part of the tunnel

(3) Open channel 

(4) Vertical shafts 

(5) Small storage pond 

(6) Irrigation area 

(7) Sand and gravel 

(8) Layers of soil 

(9) Groundwater surface 
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 Figure 21  A view of the opening of vertical shafts of the qanats and their type of failure caused by the Earthquake[6]. 

 

6. CONCLUSION 
 
On December 26, 2003, a devastating earthquake with a moment magnitude around 6.5, leveled 

the historical city of Bam. More than %80 of the city was destroyed and the dead toll was officially 
declared to be around 40000. The historical citadel of Arg-e-Bam, made entirely from mud bricks, was 
ruined and most of the city’s ancient irrigation system, qanats, was ruptured. The hypocenter of the 
Bam earthquake has been estimated to be below the city with a focal depth around 8 km. Almost all of 
the mud brick buildings of the city were totally collapsed causing the heaviest life loss among the 
different types of buildings in the city. No observance of the country’s seismic design code, poor 
construction techniques and low to none supervision during construction, were found to be the major 
reasons for the destruction of most of the buildings in Bam. 
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Abstract:  The Pacific Earthquake Engineering Research Center (PEER) aims to develop a robust 

methodology for performance-based earthquake engineering.  To accomplish this objective, the 

performance assessment and design process has been broken into logical elements that can be studied and 

resolved in a rigorous and consistent manner.  Elements of the process include description, definition, 

and quantification of earthquake intensity measures, engineering demand parameters, damage measures, 

and decision variables.  A consistent probabilistic framework underpins the methodology so that the 

inherent uncertainties in earthquake performance assessment can be represented.  The methodology can 

be implemented directly for performance assessment, or can be used as the basis for establishing simpler 

performance metrics and criteria for performance-based earthquake engineering. 

   

 

 

1. INTRODUCTION 

 

Performance-based earthquake engineering seeks to improve seismic risk decision-making 

through assessment and design methods that have a strong scientific basis and that express options 

in terms that enable stakeholders to make informed decisions.  A key feature is the definition of 

performance metrics that are relevant to decision making for seismic risk mitigation.  The 

methodology needs to be underpinned by a consistent procedure that characterizes the important 

seismic hazard and engineering aspects of the problem, and that relates these quantitatively to the 

defined performance metrics. 

The first generation of performance-based earthquake engineering assessment and design 

procedures for buildings in the United States (ATC 1996, FEMA 1997) made important steps 

toward the realization of performance-based earthquake engineering.  These procedures 

conceptualized the problem as shown in Figure 1.  A building was visualized as being loaded by 

earthquake-induced lateral forces that resulted potentially in nonlinear response and resulting 

damage.  Relations were established between structural response indices (interstory drifts, inelastic 

member deformations, and member forces) and performance-oriented descriptions such as 

Immediate Occupancy, Life Safety and Collapse Prevention.  Without belittling the remarkable 

accomplishments of these first-generation procedures, several shortcomings can be identified: 

• Engineering demands were based on simplified analysis techniques, including static and linear 

analysis methods; where dynamic or nonlinear methods were used, calibrations between 

calculated demands and component performance were largely lacking. 

• The defined relations between engineering demands and component performance were based 

somewhat inconsistently on relations measured in laboratory tests, calculated by analytical 

models, or assumed on the basis of engineering judgment; consistent approaches based on 

relevant data are needed to produce reliable outcomes. 
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• Structural performance was defined on the basis of component performance states; structural 

system performance was assumed to be equal to the worst performance calculated for any 

component in the building.   

Although the shortcomings of the first-generation procedures were widely recognized by the 

developers, limitations in available technologies and supporting research did not permit further 

development at that time.  Since then, the Pacific Earthquake Engineering Research Center 

(PEER) has embarked on a research program aimed at developing a more robust methodology for 

performance-based earthquake engineering.  Recognizing the complex, multi-disciplinary nature 

of the problem, PEER has broken the process into logical elements that can be studied and resolved 

in a rigorous and consistent manner.  The process begins with definition of a ground motion 

Intensity Measure, which defines in a probabilistic sense the salient features of the ground motion 

hazard that affect structural response.  The next step is to determine Engineering Demand 

Parameters, which describe structural response in terms of deformations, accelerations, or other 

response quantities calculated by simulation of the building to the input ground motions.  

Engineering Demand Parameters are next related to Damage Measures, which describe the 

condition of the structure and its components.  Finally, given a detailed probabilistic description of 

damage, the process culminates with calculations of Decision Variables, which translate the damage 

into quantities that enter into risk management decisions.  Consistent with current understanding of 

the needs of decision-makers, the decision variables have been defined in terms of quantities such as 

repair costs, downtime, and casualty rates (Figure 1).  Underlying the methodology is a consistent 

framework for representing the inherent uncertainties in earthquake performance assessment. 

While full realization of the methodology in professional practice is still years away, important 

advances are being made through research in PEER.  Some specific highlights are presented in the 

following text. 
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Figure 1 – A visualization of performance-based earthquake engineering (after Holmes). 

- 20 -



2. FORMALIZATION OF THE FRAMEWORK 

 

Given the inherent uncertainty and variability in seismic response, it follows that a 

performance-based methodology should be formalized within a probabilistic basis.  Referring to 

Figure 2, PEER’s probabilistic assessment framework is described in terms of four main analysis 

steps (hazard analysis, structural/nonstructural analysis, damage analysis, and loss analysis).  The 

outcome of each step is mathematically characterized by one of four generalized variables:  

Intensity Measure (IM), Engineering Demand Parameter (EDP), Damage Measure (DM), and 

Decision Variable (DV).  Recognizing the inherent uncertainties involved, these variables are 

expressed in a probabilistic sense as conditional probabilities of exceedance, i.e., p[AB].  

Underlying the approach in Figure 2 is the assumption that the performance assessment components 

can be treated as a discrete Markov process, where the conditional probabilities between parameters 

are independent. 

The first assessment step entails a hazard analysis, through which one evaluates one or more 

ground motion Intensity Measures (IM).  For standard earthquake intensity measures (such as peak 

ground acceleration or spectral acceleration) IM is obtained through conventional probabilistic 

seismic hazard analyses.  Typically, IM is described as a mean annual probability of exceedance, 

p[IM], which is specific to the location (O) and design characteristics (D) of the facility.  The 

design characteristics might be described by the fundamental period of vibration, foundation type, 

simulation models, etc.  In addition to determining IM, the hazard analysis involves 

characterization of appropriate ground motion input records for response history analyses.  PEER’s 

research on hazard analysis involves close coordination with the earth science and engineering 

seismology communities both to improve the accuracy of determining conventional scalar IMs and 

to investigate alternative seismic intensity measures that best correlate with earthquake-induced 

damage.  These alternative measures may include vector representations of multiple intensity 

measures, such as multiple representations of spectral acceleration, spectral shape, and duration.   

Given IM and input ground motions, the next step is to perform structural simulations to 

calculate Engineering Demand Parameters (EDP), which characterize the response in terms of 

deformations, accelerations, induced forces, or other appropriate quantities.  For buildings, the 

most common EDPs are interstory drift ratios, inelastic component deformations and strains, and 

floor acceleration spectra. Relationships between EDP and IM are typically obtained through 

inelastic simulations, which rely on models and simulation tools under development by PEER in 

areas of structural engineering, geotechnical engineering, SSFI 

(soil-structure-foundation-interaction), and non-structural component and system response.  PEER 

has developed various approaches, such as the incremented dynamic analysis technique, to 

systematize procedures for characterizing the conditional probability, p(EDP|IM), which can then 

be integrated with the p[IM] to calculate mean annual probabilities of exceeding the EDPs. 
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Figure 2 – Underlying probabilistic framework (after Cornell, Porter) 
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The next step in the process is to perform a damage analysis, which relates the EDPs to 

Damage Measures, DM, which in turn describe the physical damage to a facility.  The DMs 

include descriptions of damage to structural elements, non-structural elements, and contents, in 

order to quantify the necessary repairs along with functional or life safety implications of the 

damage (e.g., falling hazards, release of hazardous substances, etc.).  PEER is developing 

conditional damage probability relationships, p(DM|EDP), for a number of common and 

representative components, based on published test data, post earthquake reconnaissance reports, 

and tests of a few select components.  These conditional probability relationships, p(DM|EDP), 

can then be integrated with the EDP probability, p(EDP), to give the mean annual probability of 

exceedance for the DM, i.e., p(DM). 

The final step in the assessment is to calculate Decision Variables, DV, in terms that are 

meaningful for decision makers.  Generally speaking, the DVs relate to one of the three decision 

metrics discussed above with regard to Figure 1, i.e., direct dollar losses, downtime (or restoration 

time), and casualties.  In a similar manner as done for the other variables, the DVs are determined 

by integrating the conditional probabilities of DV given DM, p(DV|DM), with the mean annual DM 

probability of exceedance, p(DM).  PEER’s previous research has served to, first, establish the 

choice of appropriate DVs and ways of presenting these performance metrics to stakeholders and, 

second, develop loss functions describing p(DV|DM) relationships. 

The methodology just described and shown in Figure 2 is an effective integrating construct for 

both the performance-based earthquake engineering methodology itself and the PEER research 

program.  The methodology can be expressed in terms of a triple integral based on the total 

probability theorem, as stated in Equation 1. 

 

(1) 

 

Though the equation form of the methodology seems on the surface to be a minimalist 

representation of a very complex problem, it nonetheless serves a useful function by providing 

researchers with a clear illustration of where their discipline-specific contribution fits into the 

broader scheme of performance-based earthquake engineering and how their individual research 

results need to be presented.  The equation also emphasizes the inherent uncertainties in all phases 

of the problem and provides a consistent format for sharing and integrating data and models 

developed by researchers in the various disciplines. 
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Figure 3 – Available ground motion 

data (after Stewart) 

 

Figure 4 – Attenuation relations 
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3. HAZARD INTENSITY MEASURE 

 

The first assessment step in the methodology is a seismic hazard analysis.  PEER currently is 

working with relatively conventional earthquake intensity measures such as peak ground 

acceleration or spectral acceleration, as well as some alternative measures.  In the former case, the 

IM is obtained through conventional probabilistic seismic hazard analyses and is expressed as a 

mean annual probability of exceedance, p[IM], which is specific to the location and design 

characteristics of the facility.     

Current methods for estimating ground shaking intensity probabilities at a given site rely 

heavily on careful interpretation of the available empirical data from past earthquakes.  The 

database of strong ground motion records has grown in the past several years to encompass a 

significant range of magnitudes, mechanisms, site conditions, and distances (Figure 3).  When data 

are compiled into conventional attenuation relationships, the large degree of scatter leads to 

substantial uncertainty in the predicted motions (Figure 4).  The PEER Strong Motion Database 

(http://peer.berkeley.edu) has been compiled to bring together over 1,500 records from 143 different 

earthquakes in a web-accessible format.  Current developments for the database are expanding it 

by introducing more records and improving the information about the records.  In conjunction with 

multiple other PEER projects, the database is including more detailed and accurate characterization 

of the site conditions at many of the important strong motion stations, and the details of the ruptures 

themselves.  The new information is fostering the development of next-generation attenuation 

models that are more sophisticated and that will reduce the dispersion and bias associated with 

predicted levels of shaking.  

PEER also is investigating the use of alternative hazard measures.  Some promising examples 

include spectral ordinates at an elongated period (reflecting anticipated period elongation associated 

with inelastic response), spectral or roof displacement, duration; and vectors of these and other 

quantities.  At present we have yet to settle on a specific, broadly accepted alternative to the 

conventional quantities. 

In addition to determining the IM in terms of scalar or vector quantities that can be mapped or 

otherwise specified for a site given the geologic setting, hazard analysis also involves 

characterization of appropriate ground motion input records for response history analyses.  

Establishing input motions is especially important given the observation that accurate performance 

prediction can only be obtained through accurate dynamic simulation of system response.  PEER 

currently is using industry-accepted procedures for generating IM-compatible input records, but 

continues to support research to advance procedures for developing consensus-based input records 

for performance analysis.  Although the database of recorded strong ground motions has grown 

considerably in the past decade, there still are gaps in recordings for certain combinations of rupture 

mechanism, magnitude, distance, and site characteristics.  Therefore, simulation of strong ground 

motion remains an important component of this part of the methodology.   

 

 

4. ENGINEERING DEMAND PARAMETERS 

 

Given the IM and input ground motions, the next step is to perform structural simulations to 

calculate Engineering Demand Parameters (EDP), which characterize the response in terms of 

deformations, accelerations, induced forces, or other appropriate quantities.  For buildings, the 

most common EDPs for the structural components and system are interstory drift ratios and 

inelastic component deformations and associated forces.  For nonstructural components and 

contents, the most common EDPs are interstory drift ratios, floor accelerations, and floor velocities.   

Relationships between EDP and IM are typically obtained through inelastic simulations, which 

are supported by PEER’s research on simulation models and computational methods to assess the 
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performance of structural and geotechnical systems.  Breaking the barriers of traditional methods 

and software development protocols, PEER has embarked on a completely new approach in the 

earthquake engineering community by developing an open-source, object-oriented software 

framework.  OpenSees (Open System for Earthquake Engineering Simulation 

(http://opensees.berkeley.edu) is a collection of modules to facilitate the implementation of models 

and simulation procedures for structural and geotechnical earthquake engineering.  By shared 

development using well-designed software interfaces, the open-source approach has effected 

collaboration among a substantial community of developers and users within and outside of PEER. 

Unique among software for earthquake engineering, OpenSees allows integration of models of 

structures and soils to investigate challenging problems in soil-structure-foundation interaction.   

In addition to improved models for reinforced concrete structures, shallow and deep foundations, 

and liquefiable soils, OpenSees is designed to take advantage of the latest developments in 

databases, reliability methods, scientific visualization, and high-end computing.  

PEER researchers have developed the incremented dynamic analysis procedure as a means of 

integrating structural simulations and ground motions to establish a relation between EDPs and IMs.  

The procedure is illustrated in Figure 5.  According to the procedure, a numerical simulation is 

carried out in which a building structure is subjected to an input ground motion having a specified 

amplitude of the IM for which the response EDP is calculated.  The process is repeated for 

increasing values of the IM by scaling the ground motion record, resulting in a continuous relation 

between the input IM and the resulting EDP.  This process is repeated for a series of input ground 

motion records that have characteristics consistent with the site conditions, resulting in a series of 

relations between IM and EDP.  One can calculate relevant statistical relations between IM and 

EDP, and establish the probability that the EDP will exceed a set value given IM.  Given a seismic 

hazard analysis that establishes the probabilities of exceeding IM, one can integrate to obtain the 

hazard relation for EDP, which states the probability of exceeding EDP (Figure 6).   

Prospects for accurate computation of the EDP relations vary with the target EDP.  For 

example, procedures for calculation of nonlinear dynamic response of ductile frames are becoming 

increasingly routine with analytical models and computational procedures that have fairly 

comprehensive validations.  Simulation of structural collapse, especially for less ductile systems, 

remains problematic because of the paucity of analytical models and the challenges of validating 
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Figure 5 – IM hazard curve and incremented dynamic analysis results for an example 

structure (after Krawinkler) 
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simulation procedures for softening 

systems with large deformations.  

PEER has made considerable 

progress in this area, but the 

challenges here remain large. 

 

 

5. DAMAGE MEASURES 

 

The next step in the process is 

to perform a damage analysis, which 

relates the EDPs to Damage 

Measures, DM.  The DMs include 

quantitative descriptions of damage 

to structural elements, non-structural 

elements, and contents.  This quantification must be relevant and in sufficient detail to enable 

subsequent quantification of the necessary repairs, disruption of function, and safety hazards.   

PEER is developing conditional damage probability relationships, p(DM|EDP), for a number 

of common and representative components, based on published test data, post earthquake 

reconnaissance reports, and tests of a few select components.  Some characteristic examples 

include the following: 

• Damage models for structural collapse – Collapse of older existing reinforced concrete buildings 

commonly results from the loss of vertical load-carrying capacity of columns.  Research on 

shear-critical columns has established relations between drift ratio at axial load failure and 

relevant parameters including column details and axial load (Figure 7).  These models are useful 

not only for establishing the DM given a set of EDPs, but also for informing the structural 

simulation model so that it can compute the appropriate EDP - onset of axial load failure (a DM) 

in this case results in a significant change in the dynamic response characteristics of the building 

and therefore changes the EDP.     

• To be useful within the probabilistic context of the PBEE framework, the DMs must be defined in 

terms of fragility relations.  Figure 8 shows fragility relations for nonstructural partition walls, 

identifying probability of being in a given damage state as a function of the interstory drift ratio, 

and for various damage states.  Importantly, the fragility relation is in terms of the most relevant 

EDP, in this case the interstory drift ratio.  This is a departure from some approaches where 

fragilities are expressed as a probability of being in a certain damage state given an input ground 

motion parameter.  

There exists a tremendous gap in knowledge to characterize all the necessary DMs and 

EDP-DM relations for buildings, for several reasons: 

• Much prior testing emphasized strength and ductility capacity, with insufficient attention to 

damage measures such as residual crack width, spalling, permanent displacement, etc.   

• There is a significant gap in research that relates EDPs as calculated by computer simulations and 

EDPs as measured in the laboratory and used as a basis for establishing EDP-DM relations (for 

example, strain is commonly used in experimental research as the EDP to define various damage 

states yet existing codes and simulation packages for nonlinear dynamic analysis of buildings are 

unable to provide accurate information on component strains). 

• Nonstructural components and contents damage are the primary source of loss in most buildings 

during earthquakes, yet there is a paucity of experimental data on these. 
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Increased awareness of the needs of PBEE methods may increase attention of researchers to 

these shortcomings.  Furthermore, the availability of databases and database standards as part of 

the George E. Brown Network for Earthquake Engineering Simulation (NEES) also holds promise 

for needed advancements.  

 

 

6. DECISION VARIABLES 

 

The final step in the methodology is to calculate Decision Variables, DV, in terms that are 

useful to decision makers.  Initial work within PEER aimed to express DVs in terms of mean 

annual probabilities of exceedance, p[DV].  However, work with various stakeholder groups 

indicated that this approach probably would not be of sufficient (or any) interest to many interest 

groups.  Therefore, PEER has begun to think more broadly about the problem and to seek 

alternative ways of expressing losses.  Examples include: 

• Likely losses in the event of a single scenario (Figure 9a). 

• Loss with a particular probability of exceedance (Figure 9b).   

• Losses associated with a continuum of scenarios (Figure 9c) 

• Probability of exceeding a given level of losses in a set period of time (Figure 9d). 

While some of the distinction may seem mere semantics, getting the right language (e.g., “risk 

of ruin”) may be essential for getting PBEE on the agenda of a decision maker, let alone influencing 

their decisions.   

These ways of expressing losses can all be accomplished within the general PBEE framework 

that is proposed.  In a similar manner as done for the other variables, the DVs are determined by 

integrating the conditional probabilities of DV given DM, p(DV|DM), with the mean annual DM 

probability of exceedance, p(DM), for the selected seismic hazard, and then converting the results 

by appropriate analytics to the form that is required.   

Addressing decisions in performance-based earthquake engineering involves more than 

calculation of DVs.  It becomes important also to understand how these DVs relate to the different 

stakeholders that have potential interest in performance-based earthquake engineering, as illustrated 

in Figure 10.  Business characteristics such as business size, occupancy tenure, and sector 

determine the vulnerability dimensions of greatest importance, including financial condition, 

location of customers, type of competition, and the location of competition.  Other loss factors 
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axial failure (after Elwood and Moehle)
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Figure 8 – Fragility relation for nonstructural 

component (after Miranda) 
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related to the vulnerability dimensions determine how the various DVs relate to losses.  For 

example, the loss of 90 percent of the air conditioning in a facility may represent a fixed cost of 

replacement for a range of occupancies, but the impact on functionality will vary greatly depending 

on the occupancy (a hospital would be completely nonfunctional while an office building may be 

able to continue operations).  The methodology needs, therefore, to include a loss-modeling 

procedure that can represent the impacts of various DVs on different stakeholders.   

  

 

7. METHODOLOGY APPLICATION 

 

The proposed methodology is intended to serve two related purposes.  The first of these is as 

a performance engine to be applied in full detail to the seismic performance assessment of a facility.  

As illustrated in Figure 1, the application would result in a comprehensive statement of the 

probabilities of various losses (in terms of dollars, downtime, and casualties) for events or 

timeframes of interest to the owner or decision maker for that facility.  Though illustrated in an 

apparent static loading domain in Figure 1, this is for illustrative purposes only; the intent is to 

apply the methodology using a fully nonlinear dynamc analysis.  Subsequent simplifications to a 

static or linear analysis domain awaits further study. 

This leads to the second intended purpose of the methodology.  Presuming it can be used to 

provide reliable results for a complete facility analysis, the methodology then can be used as a 

means of calibrating simplified procedures that might be used for advancement of future building 

codes.  It is in this application that the methodology is likely to have its largest potential impact. 
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8. CONCLUSION 

 

A methodology has been proposed by which to assess the expected performance of a facility 

subjected to earthquake hazard.  The methodology breaks the assessment process into logical 

elements that can be studied and resolved in a rigorous and consistent manner.  The process begins 

with definition of a ground motion Intensity Measure, uses advanced simulation procedures to 

establish Engineering Demand Parameters, relates these to Damage Measures, and finally 

calculates Decision Variables that can be used in risk management decisions.  Importantly, the 

methodology addresses the shortcomings of the first generation PBEE methods in that it does away 

with simplified analysis techniques, tracks the overall problem in a consistent manner, and defines 

system performance on the basis of system measures rather than component measures.  The 

methodology can be used for comprehensive performance assessment of an individual facility, and 

therefore is useful in assisting decision-makers who wish to target enhanced performance objectives.  

Alternatively, it can be used as a means of calibrating existing building code provisions, reducing 

dispersion and bias in results, and thereby achieving conventional performance targets in a more 

reliable and efficient way.  It is in this latter capacity that the methodology holds the greatest 

potential for reducing losses in future earthquakes. 
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Figure 10 – Relating decision variables to various stakeholders (after Meszaros) 
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Abstract:  New strategies and technologies to reduce escalating losses are the thrust of MCEER’s program.  

Center research seeks to define innovative approaches to improve performance assessment of engineered 

structures and infrastructure systems, and to develop cost-effective advanced techniques for the design of 

new construciton and the rehabilitation of existing critical facilities—those that must remain operational 

after an earthquake—namely hospitals, lifeline systems (water and power distribution networks) and high-

way systems. 

   

 

1. INTRODUCTION 
 

    The Multidisciplinary Center for Earthquake Engineering Research (MCEER) is a national center of 
excellence that develops and applies knowledge and advanced technologies to reduce earthquake 
losses.  Headquartered at the University at Buffalo, the Center was established in 1986 by the National 
Science Foundation (NSF) as the country’s first National Center for Earthquake Engineering Research 
(NCEER).  MCEER unites a group of leading researchers from numerous disciplines and institutions 
throughout the United States to integrate knowledge, expertise, and interdisciplinary perspective with 
state-of-the-art experimental and computational facilities in the fields of earthquake engineering and 
socioeconomic studies.  The result is a systematic “engineered” program of basic and applied research 
that produces solutions and strategies to reduce the structural and socioeconomic impacts of earth-
quakes.  Sponsored principally by NSF, the State of New York and the Federal Highway Administra-
tion (FHWA), MCEER garners additional support from the Federal Emergency Management Agency 
(FEMA), other state governments, academic institutions, foreign governments and private industry. 
 
 The Center’s mission is to reduce earthquake losses through research, development and application 
of knowledge and advanced technologies that improve engineering, pre-earthquake planning, and post-
earthquake response and recovery.  In pursuit of this goal, MCEER coordinates a nationwide program 
of problem-focused, multidisciplinary team research, education and outreach activities that include col-
laboration with business, industry, consultants and government. 
 
This paper describes some of MCEER’s specific characteristics and current activities. 
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2. EARTHQUAKE-RESILIENT COMMUNITIES VIA USE OF ADVANCED TECHNOLO-

GIES 

 

 The Multidisciplinary Center for Earthquake Engineering Research (MCEER) seeks solutions to re-
duce earthquake losses, and help communities stand better prepared and increasingly resilient when 
faced with earthquakes.  MCEER believes that the future of earthquake engineering and loss reduction 
lies in advanced and emerging technologies. 
   

 Therefore the center seeks to discover, nurture, develop, promote, help implement, and in some 
cases pilot-test innovative measures and advanced and emerging technologies to reduce losses in future 
earthquakes, in a cost-effective manner.  Research includes innovative applications of engineered sys-
tems and materials, scientific methodologies, and concepts and analytical approaches not previously 
used in earthquake engineering and loss reduction.   Projects focus on use of technologies to strengthen 
the most critical of facilities – hospitals, highways, and utilities – that communities become increas-
ingly dependent upon in times of crisis, and to improve post-earthquake emergency response, crisis 
management, recovery and reconstruction efforts. 
 
 MCEER’s nationwide program of problem-focused, multidisciplinary team research, education and 
outreach, includes collaboration with business, industry, and government.   Advanced and emerging 
technologies being studied, include but are not limited to:  Site remediation technologies; Structural 
control and simulation; Advanced systems analysis and high performance materials; Condition as-
sessment technologies (including those for estimating potential and actual earthquake losses); Decision 
support systems 
 
 
3. SAFEGUARDING LIFELINES, HOSPITALS, RESPONSE & RECOVERY SYSTEMS, AND 

HIGHWAYS 

 

 Advanced technologies are principally examined within four research programs – three funded by 
the National Science Foundation (NSF), and a fourth involving Federal Highway Administration 
(FHWA) contracts. 

 

3.1  Seismic Evaluation and Retrofit of Lifeline Networks (NSF) 

 MCEER collaborates with Memphis Light, Gas and Water (MLGW) Division and the Los Angeles 
Department of Water and Power (LADWP) to study real-world systems, scenarios, and strategies to 
retrofit existing water and power systems.  The objective is to identify, explore, and develop advanced 
technologies to rehabilitate critical water supply and electrical power networks to ensure a high level 
of performance following earthquakes.  The goal is to substantially improve the reliability of these 
networks and demonstrate this through the Los Angeles and Memphis test beds. 
 

3.2  Seismic Retrofit of Hospitals (NSF) 

 Hospitals must remain operational after an earthquake to render emergency medical care.  This may 
require retrofit of the building, its foundation, and its non-structural components and contents.  While 
other critical buildings house important emergency services (i.e., fire, police, etc.), hospitals pose 
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unique challenges, as they integrate complex structural and non-structural systems.  Consequently, ret-
rofit techniques developed for hospitals will apply in improving seismic performance of other less 
complicated critical facilities. 
 
 MCEER’s hospital project involves a team with varying expertise, including representation from 
both the New York and California Offices of State Health Planning & Development (OSHPD), to ac-
count for differences in hospital construction types, seismic environments, and societal concern for 
earthquake risk in the eastern and western US. 
 
3.3  Emergency Response and Recovery (NSF) 

 Emergency response and recovery represent a community’s final line of support following a damag-
ing earthquake.  In contrast to more "routine" emergencies, earthquakes can produce multiple emer-
gencies that overwhelm response and recovery authorities.  Optimal response depends on quality ad-
vance planning and preparation. 
  
 The most significant challenge after an earthquake is to accurately assess the impact of the disaster, 
and to prioritize response needs accordingly.  MCEER studies examine use of remote-sensing tech-
nologies for rapid damage assessment and loss estimation, and advanced decision support systems to 
ease and improve decision making in the immediate post-earthquake emergency period as well as dur-
ing the following recovery and reconstruction. 

 
3.4  Seismic Performance and Reliability of the Nation’s Highway System (FHWA) 

 Improving seismic performance and reliability of the nation’s highway system is the aim of 
MCEER’s Highway Project.  Initiated in 1992 with contracts from the Federal Highway Administra-
tion (FHWA), the project uniquely examines earthquake impacts on the highway system as an inte-
grated network, rather than individual roads, bridges, embankments, etc. 
 
 Projects seek to ensure usability of highways following earthquakes by improving performance of 
interconnected components.  Goals are to improve understanding of seismic hazards and improve and 
develop analysis methods, screening procedures and tools, retrofit technologies, design criteria, and 
methods to reduce vulnerability of existing and future highway infrastructure. 
  
3.5  Engineering and Organizational Issues Related to The World Trade Center Terrorist Attack 

 With funding from the National Science Foundation (NSF), MCEER initiated a research project to 
collect perishable data in the aftermath of the WTC attack for later study to gain a better understanding 
of how resilience is achieved in physical, engineered systems, and in organizational systems.  Reports 
on Engineering and Organizational Issues Related to The World Trade Center Terrorist Attack presents 
these findings. Each report in the series focuses on a narrow aspect of the disaster as studied by 
MCEER researchers. The series is based on the premise that the World Trade Center attack could be 
seen as a "proxy" for what a major earthquake might do in a complex, densely populated, modern ur-
ban environment. Like an earthquake, the terrorist attack occurred with virtually no warning. As would 
be expected in an earthquake, fires broke out and multiple structural collapses occurred. As has been 
observed in major urban earthquakes and in other disasters, structures that performed critical emer-
gency functions were destroyed, heavily damaged, or evacuated for life-safety reasons. 
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4. DEMONSTRATION PROJECTS AND EARTHQUAKE RECONNAISSANCE INVESTI-

GATIONS 

 

 MCEER demonstration projects enable researchers and partners in industry and government to ex-
amine the promise of advanced technologies in real-world situations.  For example, projects involving 
water supply and electrical power systems in California, infrastructure networks in Memphis, hospital 
facilities in New York and California, and bridge sites in Utah, provide opportunities to evaluate engi-
neering and socioeconomic strategies for urban risk assessment and rehabilitation of critical facilities 
in a systematic integrated fashion. 
 
 Post-earthquake reconnaissance investigations offer additional real-world insight to MCEER’s re-
search.  Though tragic in nature, the devastation of earthquakes in the U.S. and abroad serves as a real-
life learning laboratory for Center investigators of all disciplines.  Quickly dispatched to stricken re-
gions, MCEER researchers learn valuable lessons from field investigations and on-site interviews 
which often bring new perspectives to the nation’s and the Center’s research agendas.  Post-
investigation technical briefings and reports contribute immeasurably to the worldwide body of knowl-
edge in earthquake engineering and hazards mitigation. 
 
 
5. MCEER OUTREACH 

 

 Center outreach efforts include broad-based dissemination of information and technology through 
research reports, national and international conferences and workshops, industry partnerships, and a 
national Information Service that provides convenient access to published, recorded and on-line mate-
rials on engineering, geological, social, political, and economic aspects of earthquakes.  MCEER also 
engages in cooperative research programs with institutions outside the U.S., including Japan, the Peo-
ple’s Republic of China, Mexico, Taiwan, and others.  The international alliances promote global co-
operation, collaborative experimental research, and information exchange that advance earthquake en-
gineering and loss mitigation principles in the U.S. and abroad. 
 
5.1  Partnerships 

 MCEER’s partnerships program forges strategic alliances with manufacturers, consultants, end-
users and other public- and private-sector stakeholders to develop, adapt, test and help implement the 
use of new and emerging technologies to mitigate earthquake losses.  The program creates opportuni-
ties for cross-participation in collaborative research and demonstration projects enabling partners to 
widely examine and assess the reliability of new and emerging technologies.  It also provides partners 
with access to a variety of research, education and technology transfer opportunities including state-of-
the-art knowledge, experimental facilities, information resources, publications, meetings, seminars, 
short courses and distance learning. 
 
5.2  Publications 

 MCEER publications foster knowledge and technology transfer by communicating the latest devel-
opments in earthquake engineering research and loss reduction practices to academic researchers, con-
sultants, practitioners and policymakers in government and the private sector.  Since its inception, the 
Center has published more than 300 technical reports, workshop and conference proceedings, special 
publications and monographs to address the needs of these important audiences. 

- 33 -



 
 Examples of practical research publications developed through MCEER include: 
 

• Monographs that synthesize MCEER's technical achievements for a wider range of readers 
than the technical report series. Each book provides an in-depth view of the topic addressed, 
by summarizing the essence and significance of the problems investigated, the methods used, 
and the various solutions/issues proposed. Topics include passive energy dissipation systems 
for structural design and retrofit, engineering and socioeconomic impacts of earthquakes, and 
the response of buried pipelines to earthquakes. 

• Research and Accomplishments volumes that summarize research and education achieve-
ments, highlighting MCEER work in progress on improving community resilience to earth-
quakes. MCEER researchers, practitioners and students, contribute reports on applications 
and development of a wide range of advanced technologies, conceptualizing decision sup-
port systems, modeling and loss estimation, and the research-education interface. 

• A manual to help engineers retrofit major components of existing U.S. highways against 
earthquakes, developed with funding from the Federal Highway Administration (FHWA).  
The two-volume guide includes procedures to evaluate and retrofit all components compris-
ing the nation’s highway system. Guidelines apply to all regions and seismic zones in the 
U.S., and to all bridge construction projects that receive federal funding.  

• Advanced design specifications aimed at improving strength and safety of U.S. bridges, de-
veloped through a joint venture between MCEER and the Applied Technology Council 
(ATC).  The new specifications address all aspects of seismic design for highway bridges, 
defining the seismic hazard for each of the 50 United States, and including state-of-the-art 
design and performance criteria to help engineers better safeguard new highway bridges 
from damage and collapse during earthquakes. 

• An MCEER-developed guide to improve and simplify screening of soils at highway bridge 
sites, for possible liquefaction problems.  The guide, which includes simple state-of-the-art 
procedures, improves on other existing screening tools, which tend to be complex, difficult 
to apply in the field, and often produce inconsistent results. It is useful on any type of con-
struction project, to reduce uncertainties in the design of foundations and the stability of un-
derlying soils.  The guide has been distributed to chief bridge engineers in all 50 states, and 
are widely used by engineers across the USA. 

• Earthquake reconnaissance reports, workshop and conference proceedings, software users 
manuals, and many others. 

  
 

5.3  Information Services 

 MCEER’s national Information Service is a comprehensive source for earthquake engineering and 
loss reduction information.  Housed in the University at Buffalo Science and Engineering Library, the 
Information Service provides reference services including literature searches and document delivery to 
academics, practitioners, policymakers and at-large publics worldwide.  Information professionals on 
staff fulfill an average of 200 requests per week, and the Center’s World Wide Web site, offering addi-
tional online information and resources, receives more than 56,000 distinct visits annually.  MCEER’s 
Quakeline database, updated monthly and also available online, provides easy access to tens of thou-
sands of records on books, journals, technical reports and other earthquake engineering and natural 
hazards mitigation literature. 

- 34 -



 
 
6. MCEER EDUCATION 

 

 MCEER’s education initiatives provide learning opportunities for students and educators at the K-12 
and university undergraduate and graduate levels, as well as practitioners seeking specialized training 
through continuing education.  Consistent with the Center’s goals, educational activities aim to stimu-
late interest in engineering and sciences at the earliest levels, develop future leaders in earthquake en-
gineering and hazards mitigation at the undergraduate and graduate levels, and help today’s engineer-
ing and emergency management practitioners keep pace with changes in their respective fields.  Pro-
grams include an undergraduate internship program, providing students with extensive involvement in 
ongoing research; a professional Master of Engineering program that offers focused and intensive 
graduate study in earthquake engineering and the current state-of-practice; and Professional and Con-
tinuing Education (PACE) short courses to help practitioners gain new knowledge of advancements in 
research and application of emerging technologies in earthquake engineering and hazards mitigation. 
  
 
7. EXPERIMENTAL RESEARCH FACILITIES AND THE GEORGE E. BROWN JR. NET-

WORK FOR EARTHQUAKE ENGINEERING SIMULATION (NEES) 

 

 The establishment of the National Science Foundation-funded George E. Brown, Jr. Network for 
Earthquake Engineering Simulation (NEES) is a milestone event in earthquake engineering. This net-
work of 15 state-of-the-art experimental facilities will bring the U.S. experimental earthquake engi-
neering capabilities to a leadership position worldwide. These facilities will make it possible to con-
duct advanced research and create new knowledge not possible until now. 

 Since its inception in 1986, MCEER has provided leadership in establishing a tradition of multi-
institution distributed research programs. Currently, all MCEER-affiliated institutions with large-scale 
experimental testing capabilities are home to NEES equipment sites. These sites are located at the Uni-
versity at Buffalo (UB), University of Nevada, Reno (UNR), Rensselaer Polytechnic Institute (RPI) 
and Cornell University.  The laboratories at UNR and RPI are already operational, as two of three early 
adopter sites of NEESgrid, a network infrastructure that will link earthquake engineering sites across 
the United States and create a national virtual earthquake engineering laboratory. The facilities at UB 
and Cornell are on schedule for completion in 2004.  MCEER plans to become a major user of the 
NEES facilities, as well as a facilitator of multi-institute research using these facilities. 

A brief description of the facilities underway at MCEER-affiliated institutions follows: 

 
• The University at Buffalo's Structural Engineering and Earthquake Simulation Laboratory 

(SEESL), housed within the department of civil, structural and environmental engineering, 
will add twin six-degrees-of-freedom shake tables, as part of its $10.5 million NSF grant. 
The new shake tables will be capable of seismic testing of structures up to 120 feet in length. 
The facility will also house two 30-foot high reaction walls, 41 and 23 feet in length. When 
complete, the $20 million construction project will make the facility one of the most versatile 
in the world. 
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• Two shake tables at the University of Nevada, Reno (UNR) will be upgraded, and a third 
shake table will be added, as part of the institution's $4.4 million NSF grant. The three shake 
tables, each measuring 14 square feet, will offer biaxial, or two directional testing of earth-
quake ground motions on structures. Each table can be operated independently of the others, 
or in-phase with the other two. The tables can also be moved together to form a single large 
table. The new and upgraded tables will more accurately simulate real earthquakes. Total 
cost of the expansion and upgrade is $7 million. 

• Rensselaer Polytechnic Institute's (RPI) 100-g ton Geotechnical centrifuge will undergo a 
$2.5 million upgrade. This will include the installation of new equipment and software, in-
cluding a two-dimensional in-flight earthquake simulator and a four dimensional in-flight 
robot, that will enable geotechnical engineers to better study earthquake impacts on soils. 

• A $2 million NSF grant will enable geotechnical engineers at Cornell University to for de-
velop advanced experimental facilities for both full-scale and centrifuge-scale for testing, 
evaluation , and analysis of soil-structure- foundation interaction. This will dramatically en-
hance the ability to study the impact of this phenomenon on buried pipelines and other utili-
ties. The upgrade will also include a new reaction wall 50 feet long and 24 feet high. 

 In a complementary way, the Center’s Computational Network in Earthquake Engineering links 
computing facilities and resources at each of the MCEER member institutions, providing researchers 
and research partners with access to the most advanced computational tools for simulation and analysis 
of ground motion and structural behavior, loss and damage assessment, and emergency response. 

  

 

8. CONCLUSIONS 

 

 The engineering of sound, cost-effective solutions to the problems posed by earthquakes, requires 
more than engineering alone.  It requires a coordinated, unified effort of stakeholders from varied dis-
ciplines.  Through a systematic integration of researchers, facilities and research partners in industry 
and government, research centers such as MCEER can engineer solutions to today’s earthquake chal-
lenges, mobilizing expert multidisciplinary teams to investigate, test and develop strategies and tech-
nologies that lessen the impacts of earthquakes on society.  This paper provided an overview of how a 
research center experience can help fulfill the goal of enhancing the seismic resilience of communities. 
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Abstract:  Current provisions to account for local site-response in U.S. Building Code Provisions were 

adopted in 1994.  No significant changes have occurred in these provisions since that time. These 

provisions provide new unambiguous definitions of seismically distinct site classes in terms of shear wave 

velocity and new amplitude-dependent site coefficients as a function of shear velocity and site class. The 

provisions are based on strong-motion measurements of the 1989 Loma Prieta, CA earthquake, numerical 

modeling, and a rather extensive set of borehole geotechnical data. Subsequent earthquakes have provided 

a significant increase in the number of strong-motion recordings at base accelerations in the 0.2-0.5 g 

range and corresponding borehole shear wave velocity measurements. Analyses of these data and 

subsequent research by several researchers resulted in a consensus that changes in the 2003 edition of the 

NEHRP building code provisions as adopted by the US National Provision Update Committee was not 

warranted. This paper will summarize the current site-response provisions in US Building Codes and 

summarize the basis for this recommendation.  

1.  INTRODUCTION 

Exaggerated damage on soft soil deposits from the 1985 Mexico City earthquake, the 1988 

Spitak, Armenia earthquake and the 1989 Loma Prieta earthquake emphasized the need to revise 

site response provisions in building codes adopted for use in the United States. Subsequent efforts 

resulted in a new set of provisions to account for the amplification effects of local soil deposits.  

These new provisions were first adopted in the 1994 Edition of the NEHRP (National Earthquake 

Hazard Reduction Program) “Recommended Provisions for Seismic Regulations for New Buildings 

and other Structures” and subsequently adopted in the 1997 and 2000 editions (NEHRP, 1994, 

1997, 2000). They have been adopted with no significant changes in the 1997 and 2000 editions of 

the Uniform Building Code (UBC) and the 2000 edition of the International Building Code (IBC, 

2000). Recently, they also have been adopted for the proposed 2003 edition of the NEHRP 

provisions and the new ASCE 7 2003 edition.  The IBC and ASCE 7 represent a consensus effort to 

standardize seismic code provisions in the United States.   

Reviews by several investigators of the theoretical and empirical evidence for the site 

coefficients as adopted in the 2000 editions of US seismic code provisions indicated that evidence 

available in 2002 confirmed provisions as written and that no change proposals were warranted for 

the 2003 NEHRP edition. This manuscript summarizes procedures and commentary as adopted in 

the 2003 NEHRP provisions. The manuscript reproduces pertinent NEHRP code provision material 

for readers not familiar with the provisions. A brief summary is provided of recent results derived 

by other investigators and their implications for change.   
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2.  SITE-SPECIFIC DESIGN SPECTRA IN US BUILDING CODE PROVISIONS 

In general, site-specific design spectra are specified in US building code provisions for each 

period as the product of an input ground motion level and an appropriate site coefficient intended to 

account for the amplification effects of local site conditions.  The site coefficients are specified for 

a short-period and a long-period band as a function of site conditions and input ground motion level. 

The site conditions are specified in terms of site classes. The site classes are defined in terms of a 

minimum thickness and an estimate of shear velocity to 30 meters of the near-surface material.  The 

input ground motion levels are specified from seismic design maps termed “Maximum Considered 

Earthquake Maps” developed from national probabilistic seismic hazard maps for a uniform ground 

condition of firm to hard rock. Details of the procedure are presented in subsequent sections. 

2.1  Site Class Definitions 

The seismic response of near surface deposits depends strongly on the geological character of 

the ground with the amplification effects of soft soil deposits at some periods being significantly 

larger than incoming base rock motions, especially if local site response resonances develop. Site 

classes are used in US building code provisions to define categories of geologic units with distinct 

seismic response characteristics.  The classes are defined in terms of shear velocity to a depth of 30 

m, denoted by 
s

v  (Borcherdt, 1992, 1994). For sites underlain by soils for which no measurements 

of 
s

v  to 30 m are feasible corresponding limits in terms of standard penetration resistance (
ch

N ) 

and undrained shear strength (
u

s ) have been added to facilitate identification of the site classes.   

The site classes in US building code provisions (http://www.bssconline.org/) are defined as 

follows: 

A  Hard rock with measured shear wave velocity, 
s

v  > 5,000 ft/sec (1500 m/s). 

B  Rock with 2,500 ft/sec < 
s

v  < 5,000 ft/sec (760 m/s < 
s

v  < 1500 m/s), 

C  Very dense soil and soft rock with 1,200 ft/sec < 
s

v  < 2,500 ft/sec (360 m/s < 
s

v < 760 m/s) 

or with either N > 50 or 
u

s  > 2,000 psf (100 kPa), 

D  Stiff soil with 600 ft/sec < 
s

v  < 1,200 ft/sec (180 m/s < 
s

v < 360 m/s) or with either 15 < N 

< 50 or 1,000 psf < 
u

s < 2,000 psf (50 kPa < 
u

s < 100 kPa) 

E  A soil profile with 
s

v < 600 ft/sec (180 m/s) or with either N < 15, 
u

s  < 1,000 psf, or any 

profile with more than 10 ft (3 m) of soft clay defined as soil with PI > 20, w ≥ 40 percent, 

and 
u

s  < 500 psf (25 kPa), 

F  Soils requiring site-specific evaluations: 

a) Soils vulnerable to potential failure or collapse under seismic loading such as liquefiable 

soils, quick and highly sensitive clays, collapsible weakly cemented soils.  

Exception: For structures having fundamental periods of vibration less than or equal to 0.5 second, 

site-specific evaluations are not required to determine spectral accelerations for liquefiable soils. 

Rather, the Site Class may be determined according to preceding classes, assuming liquefaction does 

not occur, 

b. Peat and/or highly organic clays (H > 10 ft [3 m] of peat and/or highly organic clay, where 

H = thickness of soil) 

c. Very high plasticity clays (H > 25 ft [8 m] with PI > 75) 

d. Very thick, soft/medium stiff clays (H > 120 ft [36 m]) with 
u

s   < 1,000 psf (50 kPa). 
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The values for 
s

v ,  or 
ch

N N , and 
u

s  for site classes E, D, and C are summarized in Table 1. 

Table 1   Definition of site classes in terms of 
s

v , or 
ch

N N , and 
u

s . 

Site Class 
s

v  or 
ch

N N  
u

s  

E  < 600 fps 

( < 180 m/s) 

<15 <1000 psf 

( < 50 kPa) 

D 600 to 1,200 fps 

(180 to 360 m/s) 

15 to 50 1,000 to 2,000 psf 

(50 to 100 kPa) 

C 1,200 to 2,500 fps 

(360 to 760 m/s) 

> 50 > 2,000 psf 

( > 100 kPa) 

Note: If the 
u

s  method is used and the 
ch

N  and the 
u

s  criteria differ, select the category with the softer soils (for 

example, use Site Class E instead of D). 

2.2  Site Coefficients  

Site response is characterized in current US building code provisions by average short-and 

long-period amplification factors Fa and Fv that are dependent on the type of local site condition 

and the amplitude of the incoming base motion. The site coefficients as specified in the provisions 

are tabulated as a function of site class and maximum considered spectral acceleration at short 

period (0.2 second,
S

S ) and at long period (1.0 second,
1
S ). The short and long period site 

coefficients as they appear in the 2003 NEHRP provisions (http://www.bssconline.org/) are 

tabulated in Tables 2 and 3.  

 
 
Table 2   Values of Site Coefficient Fa 

 
Mapped MCE Spectral Response Acceleration Parameter at 0.2 Second Period

 a

 
Site Class 

 
SS ≤  0.25 

 
SS = 0.50 

 
SS = 0.75 

 
SS = 1.00 

 
SS ≥  1.25 

 
A 

 
0.8 

 
0.8 

 
0.8 

 
0.8 

 
0.8 

 
B 

 
1.0 

 
1.0 

 
1.0 

 
1.0 

 
1.0 

 
C 

 
1.2 

 
1.2 

 
1.1 

 
1.0 

 
1.0 

 
D 

 
1.6 

 
1.4 

 
1.2 

 
1.1 

 
1.0 

 
E 

 
2.5 

 
1.7 

 
1.2 

 
0.9 

 
0.9 

 
F 

 
___b

 
 

___b
 

 
___b

 
 

___b
 

 
___b

 
 
Notes: 
a
 Use straight line interpolation for intermediate values of SS. 

b
 Site-specific geotechnical investigation and dynamic site response analyses shall be performed. 

  
Table 3   Values of Site Coefficient Fv. 

 
Mapped MCE Spectral Response Acceleration Parameter at 1 Second Period

 a
 

 
Site Class 

 
S1 ≤  0.1 

 
S1 = 0.2 

 
S1 = 0.3 

 
S1 = 0.4 

 
S1 ≥  0.5 

 
A 

 
0.8 

 
0.8 

 
0.8 

 
0.8 

 
0.8 

 
B 

 
1.0 

 
1.0 

 
1.0 

 
1.0 

 
1.0 

 
C 

 
1.7 

 
1.6 

 
1.5 

 
1.4 

 
1.3 

 
D 

 
2.4 

 
2.0 

 
1.8 

 
1.6 

 
1.5 

 
E 

 
3.5 

 
3.2 

 
2.8 

 
2.4 

 
2.4 

- 39 -



 
Table 3   Values of Site Coefficient Fv. 

 
Mapped MCE Spectral Response Acceleration Parameter at 1 Second Period

 a
 

 
Site Class 

 
S1 ≤  0.1 

 
S1 = 0.2 

 
S1 = 0.3 

 
S1 = 0.4 

 
S1 ≥  0.5 

 
F 

 
___b

 
 

___b
 

 
___b

 
 

___b
 

 
___b

 
 
Notes: 
a
 Use straight line interpolation for intermediate values of S1. 

b
 Site-specific geotechnical investigation and dynamic site response analyses shall be performed. 

 

2.3  Definition of Design Response Spectrum  

The rigorous definition of the design response spectrum 
a

S  as currently specified in 

recommended provisions for the 2003 edition of the NEHRP provisions may be written succinctly 

as:  

 

0

1

0

1

1 1

1 2

      for 0.2

2 2
    for 

3 3

2 2
     for 

3 3

                        for 

Dl

DS

0 DS

D

DS MS a S S

DS
a

v

D M S L

L

D L

ST
 0.6  + 0.4  T TS

ST

S
S S   F S T T T

S
S

F S
S S  = T T T

T

T
S T T

T

   
≤ =   

    
 
 = = ≤ < = 
 

=  
 

= ≤ ≤ 


  ≤    





, (1) 

 

where the notation is defined as follows: 

Sa  The design spectral response acceleration for a given period T, 

SaM  The maximum considered earthquake spectral response acceleration at a given period T, 

SDS  The design, 5-percent-damped, spectral response acceleration parameter at short periods, 

SD1  The design, 5-percent-damped, spectral response acceleration parameter at a period of one 

second, 

SMS  The maximum considered earthquake, 5-percent-damped, spectral response acceleration 

parameter at short periods adjusted for site class effects, 

SM1  The maximum considered earthquake, 5-percent-damped, spectral response acceleration 

parameter at a period of one second adjusted for site class effects, 

Fa  Short-period site coefficient specified in table 2, 

Fv  Long-period site coefficient specified in table 3, 

SS  The mapped, maximum considered earthquake, 5-percent-damped, spectral response 

acceleration parameter at short periods as determined from the 0.2 sec Maximum 

Considered Earthquake maps included in the NEHRP provisions, 

S1       The mapped, maximum considered earthquake, 5-percent-damped, spectral response 

acceleration parameter at 1 second period as determined from the 1.0 sec Maximum 

Considered Earthquake maps included in the NEHRP provisions, 
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T   =     the fundamental period of the structure (sec), 

T0  =   0.2SD1/SDS,  

TS  =   SD1/SDS, 

TL  =  Region dependent transition period as shown on  maps of the coterminous US, California, 

Alaska, and Hawaii in Figures 3.3-4 through 3.3-5 of the proposed 2003 NEHRP 

provisions.  

Notation used in the definition of the design response spectral acceleration is illustrated in 

Figure 1. The dashed curve represents the design response spectral acceleration estimated for a base 

motion spectrum for a site-class B site (firm to hard rock).  The solid curve represents the design 

response spectral acceleration for a site class D site (stiff clays and sandy soils), where the 

appropriate short and long period site coefficients Fa and Fv have been multiplied by the spectra 

estimated for rock to obtain the resulting site class D spectra for an input maximum considered 

spectral acceleration at 0.2 seconds of  0.25
S

S g=  and at one second of
1

1.0S g= . The proposed 

2003 NEHRP edition includes a new constraint to reduce design motions with periods longer 

than
L

T , but no modifications of the site coefficients are proposed (see Figure 1).  
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Figure 1   Illustration showing design response spectral acceleration versus period as defined in equation 1 

(see text) for a base ground motion spectra (dashed curve) and a ground motion spectra modified from the 

base motion spectra to account for the local site effects.  Parameters, as defined in equation 1, are illustrated.  

2.4  Methodology for Estimating Design Response Spectrum  

The methodology for estimation of design response spectral acceleration is easily understood in 

terms of equation 1, Figure 1, and Tables 1-3. The general steps in the methodology may be 

summarized as follows: 

1) Classify the site according to the appropriate site class defined in Table 1 and section 2.1. 
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2) Determine the short-period and long-period site coefficients 
a

F  and 
v

F  appropriate for the 

determined site class from Tables 2 and 3. 

3) Derive estimates of 
S

S and 
1
S from the “Maximum Considered Earthquake” national design 

maps for 0.2 second and 1.0 second spectral acceleration for the site location of interest, (The 

MCE maps are included in the building code provisions. They have been prepared for a uniform ground 

condition of site class B (firm to hard rock) from the national probabilistic seismic hazard maps showing 2% 

in 50 year probability of exceedance levels for spectral response acceleration with 5% damping for 0.2 and 

1.0 second period motions (Frankel, and others, 1996;2003,  http://eqhazmaps.usgs.gov/html/us2002.html) 

with deterministic upper bounds placed on the exceedance levels for some locations with short return periods 

(Leyendecker, and others, 2000)) 

4) Derive estimates of the short- and long-period design spectral parameters 
DS

S and 
1D

S as 

defined in equation 1 and shown in Figure 1.  

5) Derive estimates of 
0
T  and 

S
T  as defined in equation 1 and 

L
T  as shown on new maps in 

2003 NEHRP provisions, 

6)  Compute values of spectral response acceleration function 
a

S  for values of period T of 

interest in the intervals
0 0

[0, ], [ , ], [ , ] and [ , ]
S S L L

T T T T T T ∞ using equation 1. 

3.  BASIS FOR SITE COEFFICIENTS AS SUMMARIZED FROM COMMENTARY FOR 

2003 EDITION OF NEHRP PROVISONS 

The basis for the site coefficients as provided in the commentary for the proposed 2003 edition 

of the NEHRP provisions is restated in summary here as explanatory information for the provisions 

(http://www.bssconline.org/ReformattedProv.htm). 

Strong-motion recordings obtained on a variety of geologic deposits during the Loma Prieta 

earthquake of October 17, 1989 provided an important empirical basis for the development of the 

site coefficients Fa and Fv.  Average amplification factors derived from these data with respect to 

“firm to hard rock” for short-period (0.1-0.5 sec), intermediate-period (0.5-1.4 sec), mid-period 

(0.4-2.0 sec), and long-period (1.5-5.0 sec) bands show that a short- and mid-period factor (the 

mid-period factor was later denoted the long-period factor in the NEHRP Provisions) are sufficient 

to characterize the response of the local site conditions (Borcherdt, 1994).  This important result is 

consistent with the two-factor approach to response spectrum construction summarized in Figure 1.  

Empirical regression curves fit to these amplification data as a function of mean shear wave 

velocity at a site are shown in Figure 2. 

The curves in Figure 2 provide empirical estimates of the site coefficients Fa and Fv as a 

function of mean shear wave velocity for input peak ground accelerations on rock (Borcherdt, 

1994; Borcherdt and Glassmoyer, 1994).  The empirical amplification factors predicted by these 

curves are in good agreement with those obtained from empirical analyses of Loma Prieta data for 

soft soils by Joyner et al. (1994).  These short- and long-period amplification factors for low peak 

ground (rock) acceleration levels (~ 0.1 g) provided the basis for the values in the left-hand 

columns of Tables 2 (3.3-1)  and 3 (3.3-2).  Note that in Tables 2 and 3, peak ground (rock) 

acceleration of 0.1g corresponds approximately to a response spectral acceleration on rock at 0.2-

second period (Ss) equal to 0.25g (Table 2) and to a response spectral acceleration on rock at 1.0-

second period (S1) equal to 0.1g (Table 3). 
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Figure 2   Short-period Fa and long-period Fv site coefficients with respect to site class B (firm to hard 

rocks) inferred as a continuous function of shear-wave velocity from empirical regression curves derived 

using Loma Prieta strong-motion recordings. The 95 percent confidence intervals for the ordinate to the true 

population regression line and the corresponding site coefficients in Tables 2 and 3 for 0.1g acceleration are 

plotted. The curves show that a two factor approach with short- and long-period site coefficients are needed 

to characterize the response of near surface deposits (modified from Borcherdt 1994). 

 

The values of Fa and Fv obtained directly from the analysis of ground motion records from the 

Loma Prieta earthquake were used to calibrate numerical one-dimensional site response analytical 

techniques, including equivalent linear as well as nonlinear programs.  The equivalent linear 

program SHAKE (Schnabel et al. 1972), which had been shown in previous studies to provide 

reasonable predictions of soil amplification during earthquakes (e.g., Seed and Idriss 1982), was 

used extensively for this calibration.  Seed et al. (1994) showed that the one-dimensional model 

provided a good first-order approximation to the observed site response in Loma Prieta, especially 

at soft clay sites.  After calibration, these equivalent linear and nonlinear one-dimensional site 

response techniques were used to extrapolate the values of Fa and Fv to larger rock accelerations of 

as much as 0.4g or 0.5g. These results provided the basis for the values of Fa and Fv shown in the 

right-most four columns of Tables 2 and 3. 

Graphs and equations that provide a framework for extrapolation of Loma Prieta results to 

larger input ground motion levels continuously as a function of site conditions (shear-wave 

velocity) are shown in Figures 3a and 3b.  Site coefficients in Tables 2 and 3 are superimposed on 

each figure.  These simple curves were developed to reproduce the site coefficients for site classes 

E and B and provide approximate estimates of the coefficients for the other site classes at various 

ground acceleration levels.  The equations describing the curves indicate that the amplification at a 

site is proportional to the shear velocity ratio (impedance ratio) with an exponent that varies with 

the input ground motion level (derivation details are provided in Borcherdt, 1994). The equations 

and graphs provide a simple framework for inference of Fa and Fv values as a continuous function 

of shear velocity at various input acceleration levels for sites requiring special investigations.  
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4.  IMPLICATIONS OF RECENT ANALYSES FOR CHANGES IN SITE-COEFFICIENT 

PROVISIONS 

Empirical and numerical estimates of 
a

F  and 
v

F  conducted on the basis of data collected since 

the Loma Prieta earthquake have been reported by a number of researchers, including Crouse and 

McGuire, 1996; Dobry et al., 1999; Silva et al., 2000; Joyner and Boore, 2000; Rodriquez-Marek et 

al., 2001; Stewart et al., 2001; and  Borcherdt, 2002.  In particular, The Northridge earthquake 

provided the largest set of strong-motion recordings exceeding 0.2g yet obtained in the United 

States. These data provided an important basis to develop empirical estimates of site 

coefficients,
a

F  and 
v

F  for comparison with those specified in current U.S. building code 

provisions for Site Classes C and D, but not E, due to a limited number of “soft-soil” sites in the 

area.  

Recent estimates of site coefficients as derived by the various investigators are plotted in 

Figures 4 and 5 as a function of base acceleration level from a detailed comparison by Borcherdt 

(2002). Figures 4a and 4b show results derived for site coefficient 
a

F  for site class D and C sites.   

Similarly, Figures 5a and 5b show results derived for site coefficient 
v

F  for site class D and C 

sites.  Superimposed on each figure are the best fitting regression curves and corresponding 95% 

confidence limits for the ordinate to the true population regression line as derived from the 

Northridge strong-motion recordings (Borcherdt, 2002). Also, superimposed are the site 

coefficients as presented in Tables 2 and 3. 

 The estimates, as derived by various investigators, vary depending on the database, the 

reference ground motion, the site-classification method, and the procedure used to infer the 

resultant site factors. The regressions of the site coefficients on base acceleration as derived from 

the Northridge recordings (Figures 4 and 5) show that 
a

F  and 
v

F  as specified in current code 

provisions at the higher levels of base acceleration ( 0.3≥  g) are within the 95 percent confidence 

bands for the ordinates to the true population regression line. Hence, in a rigorous statistical sense 

this result implies that for the higher levels of base acceleration no changes in the present code 

provisions are justified at the 95 percent confidence level.  For lower levels of base acceleration 

( 0.3<  g) these regressions suggest that the short-period factors could be increased at the 95 percent 

confidence level by percentages up to 13 percent; however, considerations of the base 

normalization velocity for reference sites indicates that such an increase is not warranted.  The 

analyses show that no change in the slopes or the regression coefficients that specify the 

dependence of the site coefficients on base acceleration can be justified at the 95 percent 

confidence level. Consensus based on review of these results by the appropriate provision update 

committees indicated a change in the provisions was not warranted. 
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Figure 3   Graphs and equations that provide a simple framework for inference of (a) Fa and (b) Fv values 

as a continuous function of shear velocity at various input acceleration levels. Site coefficients in Table 2 

and 3 are superimposed.  These simple curves were developed to reproduce the site coefficients for site 

classes E and B and provide approximate estimates of the coefficients for the other site classes at various 

ground acceleration levels (from Borcherdt 1994).   
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Figure 4   Estimates of site coefficient Fa for site class D (a)  and C (b) sites as a function of base 

acceleration level and regression curves and corresponding 95 % confidence intervals for the 

ordinate to the true population regression line as derived from recordings of the Northridge 

earthquake (from Borcherdt, 2002). 
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Figure 5   Estimates of site coefficient Fv for site class D (a)  and C (b) sites as a function of base 

acceleration level and regression curves and corresponding 95 % confidence intervals for the 

ordinate to the true population regression line as derived from recordings of the Northridge 

earthquake (from Borcherdt, 2002). 
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Abstract:  The great Hanshin Earthquake o January 17, 1995 caused serious damage to various civil 

structures never before experienced. A particular emphasis is placed on the fracture in steel bridge piers, and 

the results of studies up to date are reviewed in this paper.   

 

 

1.  INTRODUCTION 

 

During the Great Hanshin Earthquake of January 17, 1995, steel bridge structures suffered damage 

of various kinds never before experienced. They were collapse, buckling, fracture and cracking. All of 

these accidents were far more severe than contemplated in the conventional seismic design method 

and might essentially invalidate historical seismic design approaches and code provisions. 

Steel bridge piers have been adopted to support elevated highways and over pass bridges. 

Particularly, the piers of expressway in urban areas are in the median strip zones or sidewalk zones of 

streets because these are placed on the existing streets and piers (Figure 1). There are more than 5000 

piers including 2000 piers in Tokyo Metropolitan Expressway and some of these are decrepit. Fracture 

accidents in these structures during earthquakes may cause not only the service failure of expressways 

supported by these piers but also a muddle on streets underneath the expressway. 

 

 

 

 

 

 

 

 

 

 

 

 

2. COLLAPSE 

 

2.1  Cases of Steel Bridge Pier Shafts 

These were the steel bridge pier shafts at Iwaya Viaduct (Figure 2) on the national highway No.43 

and Tateishi Viaduct on the Hanshin Expressway. According to the report of the investigation 

committee, the damage mechanism of the pier shaft at Iwaya Viaduct is “estimated to have been due to 

Figure 1 Existing Steel Bridge Piers 
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the occurrence of local buckling deformation of panels between diaphragms including splice plates, as 

deformation grew larger so that corner welds at this parts began to be torn, and load bearing capacity 

for supporting vertical force became lost and the collapse occurred directly below in the end.” This 

means that the cause was breaking of vertical stiffeners at field-joints with high strength bolts, but 

according to normal thinking in design, vertical stiffeners need not made continuous at this detail. 

However, the sudden change in rigidity due to the stiffeners being broken, and the stress 

concentrations at stiffener ends may be said to be cases showing that they can be causes of failure. 

 

 

 

 

 

 

 

 

 

 

 Corner welds are so-called stitch welds which are for the purpose of assembling members but do 

not expect loads to be transmitted. Therefore, these corner welds are composed of partial penetration 

welds and internal fillet welds except in the region of beam-to-column connections. It is conceivable 

that if the joints had been strong, it could not have led to such collapse. By making these corner welds 

as full penetration welds, it is possible for the strength to be increased more than the strength with the 

partial penetration welds and fillet welds detail actually used here. However, what is of importance is 

that in failure of corner welds this time either the insufficiency of weld size or the root faces as 

incomplete penetration zone remaining due to partial penetration was involved as cracks. 

 

2.2   Large Size Column Tests (PWRI et-al, 1999) 

Figure 3 shows the some of specimens in the cooperative study under the Public Works Research 

Institute. In order to improve the seismic performance of steel bridge piers and develop retrofitting 

methods for existing structures, 99 large size column type specimens were tested in total under 

incremental repeating loads and hybrid response loads.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

The followings are the objectives of this series of test specimens. 

(a) Piers with rectangular columns  

*add corner plates at the four corners of the column by welds or high strength bolts  

*fill concrete inside of the column as a retrofitting work.  

*lower the width-thickness ratio of stiffened plates,  

Figure 2 Collapse of Iwaya Viaduct 

Figure 3 Specimens of Steel Bridge Piers  
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 practically, increasing the number of stiffeners on flange plates and web plates of column. 

(b) Piers with cylindrical pier shafts 

*fill concrete inside of the column shaft as a retrofitting work 

*cover the column shaft by a steel plate with narrow space  

Based on these test results, the design specifications of highway bridges were revised (Japan Road 

Association, 1998). In order to insure adequate deformation capacity, to avoid collapse as brittle 

fracture mode including tearing of corner welds, and to satisfy the limitation of remaining deflection, 

provisions of structural details have been established. As the retrofitting works, the concrete fill 

method and corner plate addition method were adopted and applied to many actual piers. The result of 

dynamic response analysis is used to decide the necessity of retrofit and suitable retrofit method. 

 

2.3   Seismic Performance as Rigid Frame of Thin Walled Members 

In order to clarify the dynamic behaviors of steel bridge bents during earthquakes, the dynamic 

elasto-plastic FEM analysis was conducted. Some of actual steel bridge bents with general dimensions 

were chosen, and were modeled with shell elements for all the structural details including ribs and 

diaphragms. The measured acceleration data in the Kobe Great Earthquake were used in the analyses. 

Figure 4 shows the representative result of the FEM analyses. In Figure 4, the time history of the 

displacement at the center of the beam upper flange was shown representatively, and the change of the 

deformations and the distributions of plastic equivalent strain were presented. As seen in the Figure 4, 

at two portions in the beam close to the beam-to-column connections, large plastic strain due to local 

buckling was occurred locally. Actually, the potions are just at the locations where the connections are 

there and the thickness of the plates is drastically changed. Especially, large plastic strain occurs at the 

corner joints of the beam. In contract, in the beam-to-column connections, no buckling occurs because 

of the large plate thickness due to the consideration in the elastic design of the local stress 

concentration by the shear-lag phenomenon. However, it should be noted that at the corner of the 

beam-to-column connections, large plastic strain occurs locally as shown in Figure 4(e) and that the 

local strain concentration can be one of the main causes of brittle fracture during earthquakes. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 Figure 4 Dynamic FEM Analysis Results of A Steel Bridge Bent（JR Takatori Wave） 

Time History of the Horizontal Displacement at the Center of the Beam  
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3.  BRITTLE FRACTURE 

 

3.1  Cracking in the Connection Corner of Steel Rigid Frame Bridge Pier  

    (K. Okashita, C. Miki et-al, 1998) 

One of the important events of the Great Hanshin Earthquake was the occurrences of brittle 

fractures in steel bridge structures. A brittle fracture accident during the earthquake occurred in one of 

the steel rigid frame bridge piers called P75 in the Harbor Highway (Figure 5). Cracks started from the 

lower corner of the beam and the column shaft, and ran through almost the entire cross section of 

shafts. The Chevron pattern on the failure surface indicated that the cracks started at the west-north 

corner of shafts and propagated into both the north flange and the west web plate. 

 Detailed observations at the crack originated portion revealed that the cracks started from the 

unwelded-zone at the corner of column-beam connection, so-called delta-zone (see 3.3). There were 

two origins of crack, one was the toe of fillet weld on the north flange which was the origin of cracks 

propagated into the flange plate and another was just inside of fillet weld end on the wed plate which 

was the origin of cracks in the wed plate. The observations of fractographs indicated dimple patterns 

were remained in these areas and the sizes of these were about 0.7mm and 0.4mm. Outsides of these 

areas are typical brittle fracture surfaces. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

3.2  Fracture Toughness Properties of the Steel Used in Damaged Pier 

In the vicinity of the corner, paint films were removed and a slight out-of-plane deformation due to 

local buckling was observed. The local buckling occurred at the welded joint where the plane 

thickness changed from original 19mm to about 17.4mm. The results of hardness tests indicated that 

plastic strain of about 20% to 30% occurred in these plates during the earthquake.  

The used steels of this structure are SMA41 (SMA400). The tensile properties and the chemical 

composition satisfy the JIS requirements. Figure 6 shows the results of Charpy impact tests. 

Specimens were from the south flange plate of the shafts. In order to examine the deterioration of 

notch toughness due to plastic strain experience, specimens with pre-strain of 10%, 20% and 27% 

were tested beside as cut-out specimens. These test results indicate that notch toughness decrease 

significantly with increasing the experience of plastic strain. 

 Some more detailed investigations of the cause are necessary, but we can say that this brittle 

Figure 5 Brittle Fracture in P75 Rigid Frame Pier  

27%

100

27%

100

Figure 6 Results of Charpy Impact Tests
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fracture was the result of large plastic deformations at the corner due to shear lag during the 

earthquake and the deterioration of fracture toughness due to plastic strain. The large unwelded zone 

“delta zone” existed at the high stress region and the small weld defects acted the origin of brittle 

cracks. 

 

3.3  Existence of “Delta Zone” at the Corner of Bridge Bent (C. Miki et-al, 2003) 

The steel bridge rigid frame structures consist of box section or cylindrical column shafts and box 

section beams, all of these members are welded closed sections. Figure 7 shows the details of plate 

assembling of beams and columns. The structural details are roughly classified into two types, one is 

column pass type and another is beam pass type (Figure 7(a), (b)). However, plate assembling system 

are more various and complicated. 

Detailed investigations of fatigue damaged piers in Tokyo Metropolitan Expressway revealed that 

un-welded cavities and metal-touch zones existed at the corner of beam to column connections. In 

most cases, these are kind of inherent defects coming from plate assembling system, poor accessability 

and improvident welding sequences. Figure 7(c) and (d) show the remaining of delta zones in two 

different column pass type plate assembling methods We call these inherent defects as “delta zones”. 

The delta zone is the dominant cause of fatigue cracks in many steel bridge piers and also may lead to 

brittle fractures in the case of suffering strong earthquakes. The combination of existences of delta 

zones and fatigue cracks more increases the possibility of the occurrence of brittle fracture. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

4.  LANTERN BUCKLING AND CRACKING  

 

4.1  Cases in Cylindrical Steel Pier Shafts 

In cylindrical steel bridge pier shafts on the Kobe route of Hanshin Expressway, there were cases 

where plastic deformation occurred and the wall of pier shafts bulged outward, so-called “lantern 

buckling”(Figure 8). The sections where lantern buckling occurred were close to the welded joints 

where the plate thickness was changed. Once these buckling incidents occurred, the load bearing 

capacity for supporting vertical forces became lost significantly. 

 Brittle fractures also occurred along the outward plastic deformation in two consecutive pier 

shafts. One of the pier shafts had exhibited large plastic deformation outward but the plastic 

deformation was not so large in another pier shafts. The crack seemed to start from the inside of shaft 

wall. 

 

4.2  Deterioration of Fracture Toughness due to Lantern Buckling 

Figure 9 shows the plate cut out from one pier which was suffered lantern buckling. Various 
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Figure 7 Plate Assembling Methods and Remaining of “Delta Zones”
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material tests were performed on specimens made from this plate. Figure 10 shows estimated plastic 

strain in the plates from buckled zone and unbuckled zone. The plastic strain on the inner surface of 

column wall is over 20%. This plastic strain caused deterioration of toughness of the plate, called 

embrittlement, as shown in Figure 11. Embrittlement due to plastic strain, particularly compressive 

strain becomes new problem for us to prevent the fatal condition of bridge piers. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

5. HISTORICAL REVIEW OF STRUCTURAL STEELS 

 

JIS structural steels SM41 (SM400) and SM58 (SM570) have been commonly used for steel 

bridge piers from the middle of 1960s. Tensile properties of each of the steels have been the same level. 

However, various innovative technologies in steel making process including TMCP, continuous 

casting and removal of gases have been improving the performance of steels including notch 

toughness and weldability.  
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Figure 10 The plastic strain distribution in the plate thickness 

Figure 11 The Charpy impact test results of the steel plate 

Figure 8 An Example of Damaged Circular Pier 

Figure 8 The Steel Plate Cut from the Damaged Pier 
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Figure 12 shows the results of Charpy impact tests in 1970s and 1990s. The notch toughness 

property of steels was significantly improved (K. Honma, C. Miki et-al, 1997). We also have to 

recognize that the fracture toughness of old steels is low in some cases.  

Figure 13 shows the transition of capability for removing sulfur (S) from steels. All of steel 

making factories of the 5 major Japanese steel companies started to produce low S content steels since 

the middle of 1970s and the content of S in the recent steels is around 0.005%. However, the content 

of S in steels which were produced before the middle of 1970s might be over 0.01% .The high content 

of S leads to poor weldability and the occurrence of lamellar tearing in welded joints. In order to 

prevent the occurrence of lamellar tearing (Figure 14), the reduction of area in the plate thickness 

direction tensile tests (RAZ) have to be greater than 35%, and the content of S has to be less than 

0.005%. That is to say, there is high risk of lamellar tearing in piers which were constructed before 

1975. There are about 2000 steel bridge piers only in the Tokyo Metropolitan Expressway System and 

a half of them were constructed before 1975. We have to pay careful attention to the prevention of 

lamellar tearing in the retrofitting works against fatigue and earthquakes. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

4.  CLOSING REMARKS 

Since the Great Hanshin Earthquake, retrofitting of existing bridge structures has been recognized 

as urgent issues beside the improvements in the design of new structures. The ascertainment of the 

causes of experienced fracture accidents is essential to establish appropriate retrofit measures. 
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Figure 13 History of Sulfer Inclusion in Steels 
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The primary reason of damage is very strong ground motions never before experienced. Apart 

from this, many factors contributed to the damage such as material properties, structural systems, 

details, and qualities of structural elements. It is also important to evaluate structural responses due to 

earthquakes such as forces, displacements, stresses, and strains. It can be said that the cause has been 

ascertained only when the results of examinations from the external disturbance side and the structural 

resistance side have come together without contradiction. 
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Figure 14 The Fatigue Crack and Lamellar Tearing during Retrofitting Works by Welding in a Steel Bridge Pier
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Abstract:  During the 1995 Hyugo-ken nanbu earthquake in Japan, brittle cracking accidents were occurred 

in several steel bridge piers. From the investigations on the cracked structures, deterioration of fracture 

toughness of steel by the effect of large plastic strain is considered as the dominate cause. This study is 

aiming to determine the required fracture toughness to prevent brittle fracture during earthquakes in steel 

bridge piers by discussing on the following objectives. 1) To identify the characteristics of strain history 

during large earthquakes in steel bridge piers by dynamic FEM analysis, and based on that, 2) to determine 

patterns of strain history that should be considered by discussing the process of the occurrence of brittle 

fracture, and 3) to evaluate the extent of deterioration of fracture toughness of steel by various patterns of 

large plastic strain including reversed patterns by CTOD tests. 

 

 

1.  INTRODUCTION 

 

During the 1995 Hyogo-ken nanbu earthquake in Japan, many civil structures were damaged and 

also in steel bridge piers. Brittle cracking accidents were occurred in some steel bridge piers (JSCE 

1995), which were the first experience in steel bridge piers. Figure 1 shows the cracks occurred during 

the earthquake. Many investigations have been conducted to prevent local buckling from the 

viewpoint of structural details and to ensure high ductility of steel columns, and the limitation of the 

parameters like width-thickness ratio have been suggested for design of new steel piers (T. Usami et al 

1995). Also, some investigations (C. Miki et al 1998, 1999, 2000, I. Okura et al 1996, JWES 1999) on 

the prevention against brittle fracture accidents in bridge piers were conducted and concluded that 

deterioration of fracture toughness of steel due to effect of introduced large plastic prestrain could be 

considered as the main cause of brittle fracture. Therefore, in order to prevent brittle fracture, it is 

necessary to use the steels that have enough fracture toughness even after plastic prestrain experience. 

However, the required level of fracture toughness of the steel to prevent brittle fracture during 

earthquakes in steel bridge piers has not been clear until so far. This study is aiming to determine it, 

and so the followings were considered as the objectives. 

1) To identify the characteristics of plastic strain history during earthquakes in steel bridge piers 

and to determine the patterns of strain history that should be considered by discussing the 

process of the occurrence of brittle fracture. 

2) To evaluate the extent of deterioration of fracture toughness of steel by various patterns of 

plastic prestrain. 

Finally, the discussions for suggesting the required fracture toughness of steel to prevent 

brittle fracture were made by organizing all the results of fracture toughness tests. 
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2. CHARACTERISTICS OF THE STRAIN HISTORY DURING EARTHQUAKES IN STEEL 

BRIDGE PIERS 

 

In order to identify the characteristics of strain history during large earthquakes in steel bridge 

piers, elasto-plastic dynamic FEM analyses on typical bridge pier structures were carried out. Figure 2 

shows the shape and size of the target pier and the FEM mesh of the model. The FEM model was built 

by half model by assuming symmetry in the direction of out-plane of the frame. The smallest mesh 

size is around 5mm that is nearly equal to one third of the plate thickness. The steel bridge pier 

considered here was designed by modifying the parameters of the used stiffened plates of an existing 

bridge pier according to the limitation for new structures (T. Usami et al 1995). The limitation of the 

width-thickness ratio of plate elements has been suggested to ensure superior ductility up to the 

specific displacement levelδ95 beyond δmax. δ95 is the displacement at which the strength decreases up 

to 95% of the maximum strength Pmax (at the displacementδmax). Recently, the displacement level of  δ95 

has been considered as the level to verify seismic performance of steel bridge piers. In this study, also, 

δ95 was taken into consideration as the limit level to ensure the prevention of brittle fracture. Therefore, 

the strain history during large earthquakes and the strain level at δ95 are mentioned here. 
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Figure 1 Cracks occurred in Steel Bridge Piers during the Kobe Great Earthquake 

Figure3 Displacement History at the center of the beam

(Point A in Figure 2) 
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Column

Beam

SECTION Plate W t n hs ts Rr γ/γ* steel

COLUMN flange 2000 16 4 180 20 0.488 3.01 SS400

COLUMN web 1500 15 3 175 20 0.488 3.02 SS400

COLUMN diaphram - 20 - - - - - SS400

BEAM flange 2000 16 4 182 16 0.488 3.07 SS400

BEAM web 1800 12 2 122 12 - 3.01 SS400

BEAM diaphram - 16 - - - - - SS400

W:width, t:thickness, n:number of stiffeners, hs:width of stiffeners,

ts:thickness of stiffeners, Rt:width-thickness parameter, γ/γ*:ratio of rigidity

Figure 2 The FEM model of the target steel bridge pier 

- 58 -



The seismic acceleration waves measured at JR Takatori station and at Kobe Marine Observatory 

in Hyogo-ken nanbu earthquake were used in the analyses. Figure 3 shows the displacement history at 

the center of the beam. The values of the yield displacement δy and δ95 in Figure 3 were obtained by the 

analyses of cyclic static loading under displacement control at point A. Figure 4 illustrates the strain 

history in direction of component axis near the corner of beam-to-column connections. In both of the 

cases of Takatori and Kobe, the maximum displacement was in the level over δy and the maximum 

value of strain during the earthquake was observed at that portion and reached almost 10%. And it can 

be found that the strain history has the tendency to be one-sided to the region of tension or 

compression and vary in that region. Finally, according to our previous experimental study (E. Sasaki 

et al 2001), the measured maximum strain at δ95 near the corner of beam-to-column connections 

reached less than 10%. 

 

 

 

 

 

 

 

 

 

 

3. SCENARIOS OF BRITTLE FRACTURE DURING EARTHQUAKES 

 

As the scenarios of brittle fracture during earthquakes, the following four types shown in Figure 5 were 

considered. In case of Type I, cracks will be occurred by large compressive plastic train, for example, 

in the compressive side of local buckling zone (H. Inoue et al 1986). The size of the cracks is small. In case of 

Type II, cracks are occurred by tensile strain and the following compressive strain makes them sharp. 

The cracks in Type III and IV occur by fatigue induced by live load like traffic load. Actually, many 

fatigue cracks were found in steel bents recently (H. Morikawa et al 2002). The deterioration of steels 

due to plastic strain history, initial cracks and their size and sharpness become our interests. 

 

4. DETERIORATION OF FRACTURE TOUGHNESS OF STEELS BY LARGE PLASTIC   

PRESTRAIN 

 

The used structural steels were JIS-SM490YB and JIS-SM570Q. They have been commonly used 

in construction of steel bridge piers. The chemical composition and the mechanical properties of them 

are shown in Table 1 and Table 2, respectively. Various patterns of plastic prestrain shown in Table 3 

were considered and the effects of them on the fracture toughness of steels were evaluated by CTOD 
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Figure 5 Scenarios of Brittle Fracture 
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Steel C Si Mn P S Cu Ni Cr V

JIS-SM490YB 0.14 0.46 1.56 0.02 0.005 0.01 0.01 0.02 0.04

JIS-SM570Q 0.14 0.23 0.012 0.005 0.005

Table 1 Chemical Compositions 

Steel
Y.P.

(MPa)

T.S.

(MPa)

Elongation

(%)

CVN

(Joul)

JIS-SM490YB 407 547 26 154 (0℃)

JIS-SM570Q 560 651 39 299(-5℃)

Table 2 Mechanical Properties 
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Specimens 

Chuck 

Chuck 

Photo 1 The Fixtures to Prevent Slips Between the Chucks

Pattern Prestrain Comment

AP0, BP0 no prestrain

AP1, BP1 uniform tensile prestrain (10%)

AP2, BP2 uniform compressive prestrain (10%)

AP3, BP3
cyclic prestrain

in tensile region (10%)

AP4, BP4
cyclic prestrain

in compressive region (10%)

AP5, BP5 uniform compressive prestrain (5%)

AP6, BP6 cyclic prestrain in tensile region  (5%)

 *The initial letter of the pattern name shows type of steel.

     (A: JIS-SM490YB, B: JIS-SM570Q)

+10%

0%

-10%

+10%

-10%

-5%

+5%

Table 3 Patterns of Plastic Prestrain 

The value closed by parenthesis is concerned with SM570Q  

Figure 6 The Specimen for Introducing of Prestrain
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tests. As the levels of prestrain, two levels of 10% and 5% were taken into consideration because 

reversed patterns of prestrain up to 10% level could be introduced in this study. In order to introduce 

all the prestrain patterns, the specimens shown in Figure 6 were used to make deformation 

concentrated at the center. Furthermore, it was needed to invent the fixtures for the direction guides for 

the chucks in the testing machine shown in Photo 1 to prevent the local buckling of specimens in 

compressing processes. After the introducing plastic prestrain, bar specimens for tensile tests (Figure 

7) and CTOD specimens (Figure 8) were cut from the specimens as shown in Figure 9. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 10 shows the stress-strain relationship after introduction of prestrain for both of the steels.  

The stress-strain relationship changed by the effect of the prestrain, and so the yield point also varied 

with the patterns of prestrain. 

Figure 11 shows the relationship between test temperature and critical CTOD values. The 

significant and characteristic deterioration behaviors of the two types of steels were demonstrated. On 

SM490YB steel, the patterns of prestrain in compression region and the reversed patterns caused more 

deterioration of fracture toughness than those in tensile region and the uniform patterns, respectively. 

Also, the difference of the level of prestrain, the extent of deterioration of fracture toughness in case of 

10% is larger than that in case of 5%. However, in SM570Q steel, no remarkable changes of fracture 

toughness were observed in most patterns of prestrain, and only in case of uniform compressive, much 

deterioration of fracture toughness occurred. From these results, among the patterns showed in the 

process of brittle fracture, uniform compressive prestrain can be considered as the critical pattern to 

fracture toughness of steel. As mentioned here, the extent of deterioration of fracture toughness 

depends on the types of steel and the patterns of prestrain. 
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5. DISCUSSIONS ON THE REQUIRED FRACTURE TOUGHNESS TO PREVENT 

BRITTLE FRACTURE 

 

Figure 12 shows the relationship between prestrain and the amount of temperature shift of CTOD 

curves by the prestrain. Figure 12 includes all the results for the various types of steel including the 

results of this study and our previous studies [2]. The temperature shift was defined at the critical 

CTOD value of 0.1mm and it shows quantitatively how much extent of deterioration of fracture 

toughness occurred. The results of the reversed patterns of prestrain were plotted on the same position 

in the value of prestrain. Let us consider 10% level of prestrain corresponding to the displacement 

levelδ95. In Figure 12, it can be found that the temperature shift reaches at most 50 degrees of Celsius 

in 10% level of prestrains with considering all kinds of steels. For that reason, it can be said that in 

order to prevent brittle fracture in steel bridge piers up to the displacement level δ95, the used steel has 

to have enough fracture toughness even after the temperature shift of 50 degrees of Celsius. 
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Figure 11 The Critical CTOD Curves 
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Figure 12 Relationship between Prestrain and Temperature Shift of CTOD Curves 
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6.  CONCLUSIONS 

 

The conclusions of this study can be summarized as follows. 

1) By the elasto-plastic dynamic FEM analysis, the strain histories in steel bridge piers during large 

earthquakes were investigated. The strain histories have the tendency of being one-sided to the region of 

tension or compression and varying in that region.  

2) The plastic strain patterns that should be considered were explained by discussing the processes of 

brittle fracture, and the effects of the various patterns of plastic prestrain including them on fracture 

toughness of steels were investigated by CTOD tests. The extent of deterioration of fracture 

toughness depends on the types of steel and the patterns of prestrain. On SM490YB steel, 

compressive prestrain and reversed prestrain make fracture toughness more deteriorated than tensile 

prestrain and uniform prestrain, respectively, and the deterioration of fracture toughness by prestrain 

in 10% level was more than that by prestrain in 5% level. On SM570 steel, in all the prestrains but 

uniform compressive prestrain in 10% level, no remarkable deterioration of fracture toughness were 

not observed. 

3) By arranging all the results of this study and our previous investigations concerned with the effects 

of plastic prestrain, the temperature shift of 50 degrees of Celsius was suggested as the extent of 

deterioration of fracture toughness of steels due to the effects of plastic prestrain that should be 

considered in determination of the required fracture toughness of steels to prevent brittle fracture in 

steel bridge piers to the displacement level δ95. 
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Abstract:  Ductility capacity of composite beams which have conventional type of scallops has been 

investigated by cyclic loading tests. The results of the tests have shown that ductility capacity of composite 

beams is nearly half of that of steel beams without slabs. The effectiveness of application of improved 

connection details to a composite beam has been investigated. The improved connection details applied to the 

composite beams are No-weld-access-hole detail and RBS detail. They have improved ductility capacity of 

composite beams sufficiently. 

 

 

1.  INTRODUCTION 

 

In Hyogo-ken Nanbu Earthquake, many fractures of bottom flanges occurred at beam-to-column 

connections of steel framed structures. After the earthquake, many researchers tried to resolve the 

issues about fractures and ductility capacity of steel members. However, most of them ignored effects 

of slabs even though composite beams, which consist of steel beams and RC slabs strongly connected 

each other by stud connectors, are generally used for actual buildings. 

A schematic diagram of beam-to-column connections subjected to seismic force is shown in Fig. 1. 

In positive bending, because of the RC slab resisting compression, the full section of the beam is 

subjected to tensile force and the tensile strain in the bottom flange becomes excessive, so that the 

ductility capacity of the composite beams is considered to reduce. However, in current structural 

design, ductility capacity of composite beams is supposed to be equal to that of steel beams without 

slabs. 

In this study, ductility capacity of composite beams is investigated experimentally, focusing on 

flange fractures which mainly determine ductility capacity of these beams. 

Fig. 1. Strain in Beam-to-column Connection under Earthquake 

Earthquake 

Steel Framed Structure Positive Bending Negative Bending 
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2.  EXPERIMENTAL 

 

A list of the specimens is shown in Table 1, and the standard specimen (No.1) is shown in Fig. 2. 

The scale and the shape of the specimens were designed based on those of beam-to-column 

connections of medium-rise steel buildings. The columns and the panels are composed of thick plates 

over 22mm so that they have sufficient strength to remain elastic during the tests. A list of mechanical 

properties of the materials used for the specimens is given in Table 2. 

The specimens are divided into two series, Series A and Series B. 

Series A (No.1~No.5) consists of four composite beam specimens (No.1, No.3~No.5) and one 

steel beam specimen without slabs (No.2). They have conventional type of weld access holes in their 

beam-to-column connections. The main purposes of the tests using Series A specimens are: (a) to 

demonstrate fractures of composite beams in Hyogo-ken Nanbu Earthquake; (b) to investigate 

ductility capacity of composite beams for fracture; and (c) to clarify the effects of slabs on ductility 

capacity of composite beams. Experimental parameters for Series A are as follows: (1) existence of a 

slab; (2) section properties; and (3) loading patterns. 

Series B (No.6, No.7) consists of two composite beam specimens, beam-to-column connection 

details of which are modified to improve their ductility capacity. The details applied to Series B 

specimens are No-weld-access-hole detail (No.6) and RBS detail (No.7). No-weld-access-hole detail 

is shown in Fig. 3, and RBS detail is shown in Fig. 4. Many researchers have studied the effectiveness 

of these details in steel beams without slabs [Suita, et al]. The purpose of the tests using Series B 

specimens is to demonstrate their effectiveness in composite beams. 

The experimental setup is shown in Fig. 5. During the tests, lateral deformation is restricted by 

frames positioned at the ends of the lateral beams and the free end of the main beam. 

The deformation of the specimens is defined in Fig. 6 as the rotation angle θ. The actuator is 

controlled so that θ follows the target deformation shown in Fig. 7. Pattern 1 is applied to all 

specimens except No.5, and pattern 2 is applied to No.5 to investigate effects of the difference in the 

loading patterns. 

cMp sMp sθp tc Weld Access Loading

[kN
.
m] [kN

.
m] [rad.] [mm] Holes Pattern

(1) Existence of a slab

without Slab

(2) Section properties

Small Section Beam

(2) Section properties

Thinner Slab

(3) Loading pattern

Pattern 2

(4) Improved connection details

Non-Scallop detail

(4) Improved connection details B-H-610×240×12×22 2.13×10
3

1.43×10
3 0.0077

RBS detail RBS: B-H-610×160×12×22 2.33×10
3

1.12×10
3 ---

2.07×10
3

1.33×10
3 0.0077

2.24×10
3

1.41×10
3 0.0082

2.07×10
3

1.41×10
3 0.0082

1.41×10
3 0.0082

1.69×10
3

0.99×10
3 0.0087

200

0

200

2

3

2.24×10
3

1.41×10
3 0.0082

---

Beam

7

Parameter

4

5

6

A

No.

Standard1 R-H-612×202×13×23

R-H-612×202×13×23

R-H-596×199×10×15

R-H-612×202×13×23

R-H-612×202×13×23

R-H-612×202×13×23

140

200

200

200 Conventional 1

Non-scallop

Conventional

Conventional

Conventional

Conventional

B

1

1

1

2

1

1Conventional

Table 1. List of Specimens 

cMp: full plastic moment calculation for composite beams [AIJ], sMp: full plastic moment calculation for bare steel 

beams, sθp: elastic rotation angle of bare steel beams subjected to sMp, tc: thickness of slabs 
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σy σ
υ

Y.R. ε
υ

[N/mm
2
] [N/mm

2
] [%] [%]

H-612x202x13x23 Flange 386 535 72.2 14.4

(No.1,2,4,5) Web 444 551 80.6 14.6

H-612x202x13x23 Flange 351 522 67.3 17.6

SM490 (No.6) Web 353 539 65.5 17.4

H-596x199x10x15 Flange 414 556 74.5 14.4

(No.3) Web 445 565 78.8 14.4

PL-22(No.7) Flange 376 501 75.0 13.9

PL-12(No.7) Web 357 565 63.2 14.4

28days --- 26.0 --- ---Concrete （Fc=23.5N/mm
2
）

Material

Table 2. Results of Material Tests 

Fig. 2. Configuration of Specimen (No.1) 

Fig. 5. Testing Setup 

Fig. 3. No-weld-access-hole Detail Fig. 4. RBS Detail 

+2sθp 
+3sθp 

+4sθp 
+5sθp 

-2sθp 
-3sθp 

-4sθp -5sθp 

+2sθp 

+4sθp 

+6sθp 

+8sθp 

-2sθp 

-4sθp 

-6sθp 

-8sθp 

Fig. 6. Rotation Angle θ 

Fig. 7. Loading Patterns 

Pattern 1 Pattern 2 

Beam: H-612x202x13x23

Column: Box-450x45x22 

Panel Thickness: 32mm 

Loading Point 

▼ 

3500 

3
0
0
0
 

No-weld-access-hole Conventional 

θ

Specimen 

Reaction Wall 

Pin Joint 

Actuator (2000kN) 

σy: yield stress, σu: maximum stress, Y.R.: yield ratio, εu: elongation
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3.  RESULTS & DISCUSSION 

 

3.1. Experimental results & Ductility capacity 

Moment (M) versus rotation angle (θ) relationships are shown in Fig. 8, where ▼ shows the 

point where the flange fracture occurred. Full plastic moment calculations for composite beams and 

steel beams are shown by dashed lines as cMp and sMp. Some experimental results are listed in Table 3. 

The failure mode of all the specimens in Series A is flange fracture initiated by a crack which 

occurred at the tip of a weld access hole. The flange fractures of the composite beam specimens 

occurred in positive bending state.  

The ductility capacity of specimens in Series A is compared by θ
+

max and sθ
+

max, where θ
+

max is the 

maximum rotation angle in positive bending state in M-θ relationships, and sθ
+

max is the maximum 

rotation angle in positive bending state in skeleton curves. The skeleton curves are converted from 

M-θ relationships in the way shown in Fig. 9, and they are shown in Fig. 10. θ
+

max and sθ
+

max of 

specimens in Series A are compared in Fig. 11. θ
+

max of the composite beams are 50~60% and sθ
+

max of 

them are 40~50% when comparing to steel beam without slabs (No.2). Differences in section 

properties and loading patterns have little effect on their deformation capacity. 

The specimens in Series B (No.6, No.7) were tested until flange fractures occurred. The 

deformation capacity of them is higher than that of the composite beams in Series A, and even that of 

the steel beam specimen without slab (No.2). 
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Fig. 8. M – θ Relationships 

No.1 No.2 No.3 

No.4 No.5 

No.6 No.7 

No.1: Standard Composite Beam 

No.2: Bare Steel Beam 

No.3: Small Section Beam 

No.4: Thinner Slab 

No.5: Loading Pattern 2 

No.6: No-weld-access-hole Detail 

No.7: RBS Detail 
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Ke

+

Ke

-

M
+

max M
-

max θ
+

max θ
−

max
Fracture Failure Mode Temp.

[kN
.

m/rad.][kN
.

m/rad.] [kN
.

m] [kN
.

m] [rad.] [rad.] Part [
o

C]

1 412000 262000 2500 -1730 0.0231 -0.0129 Bottom Flange Brittle Fracture 29.0

2 157000 ---- 2020 -1710 0.0416 -0.0268 Top Flange Brittle Fracture 29.0

3 307000 185000 1860 -1150 0.0206 -0.0138 Bottom Flange Ductile Fracture 29.0

4 314000 233000 2250 -1710 0.0214 -0.0131 Bottom Flange Brittle Fracture 28.5

5 377000 262000 2440 -1950 0.0187 -0.0203 Bottom Flange Brittle Fracture 28.5

6 477000 312000 2650 -1930 0.0470 -0.0308 Bottom Flange Ductile Fracture 19.5

7 423000 279000 2430 -1720 0.0419 -0.0423 Bottom Flange Brittle Fracture 28.5

No.

0

0.01
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0.03

0.04
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1 2 3 4 5

θ
+

max

s
θ
+

max

θ
 [

ra
d
.]

Specimen No.

0

3000

0 0.02 0.04 0.06

M
 [

k
N
.

m
]

Rotation Angle in Skeleton Curve 
s
θ+ [rad.]

No.1

No.5

No.4

No.3

No.2

▼

▼

▼

Table 3. Results of Tests 

Fig. 9. Concept of Skeleton Curves 

Fig. 10. Skeleton Curves (Series A) 

Fig. 11. Ductility Capacity (Series A) 

Ke

+: initial stiffness under positive bending, Ke

-: initial stiffness under negative bending, M+

max: maximum moment 

under positive bending, M-

max: maximum moment under negative bending, θ+max: maximum rotation angle under 

positive bending, θ-max: maximum rotation angle under negative bending, Temp.: temperature 

Skeleton Part 

Bauschinger Part 

Elastically Unloading Part

Skeleton Curve Bauschinger Part & Elastically Unloading Part Hysteresis Curve
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3.2. Effects of a slab on ductility capacity of composite beams 

Focusing on the existence of slabs, the effect of the slab on ductility capacity is investigated from 

the result of No.1 and No.2. The strain data are measured in two sections, Section A and Section B, 

shown in Fig. 12. The examples of strain distributions for Section A under positive bending are also 

shown in Fig. 12. The strain in the bottom flange of No.1 is larger than that of No.2, so that the neutral 

axis of No.1 seems to have moved to the upper flange side. This is the main reason for reduction of 

ductility capacity of composite beams. 

Moment (M) versus curvature (φ) relationships can be obtained from the strain data in each section. 

The positive bending part of the skeleton curves of M-φ relationships are shown in Fig. 13. The 

ductility capacity around Section A (near the fracture point) is compared by the maximum curvature. 

The ductility capacity around Section A of No.1 is 65% of that of No.2.  

As shown in Fig. 13, a restoring force of Section A is higher than that of Section B at same 

curvature. The difference in restoring forces between Section A and Section B of No.1 is about 35%, 

and that of No.2 is about 20%. This indicates that Section A of No.1 is relatively weaker than that of 

No.2, and that the deformation around the beam-to-column connection tends to be larger in No.1 than 

No.2, so that No.1 has reduced the ductility capacity. The curvature distribution diagrams for No.1 and 

No.2 specimens are shown in Fig. 14, and these are obtained at the maximum rotation angle of Fig. 10. 

It is shown that the plastic zone of No.1 was narrow and concentrated to the beam-to-column 

connection when flange fracture occurred. 
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3.3. Effectiveness of improved connection details in composite beams 

Skeleton curves of M-φ relationships for No.6 and No.7 specimens are shown in Fig. 15. For No.6, 

a restoring force of Section A is 25% larger than that of Section B, and for No.7, a restoring force of 

Section A is equal to that of the smallest section in RBS area. This data implies that if beam-to-column 

connections are protected from concentration of deformation, the deformation capacity of composite 

beams is improved. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

4.  CONCLUSION 

 

In this study, ductility capacity of composite beams is investigated by cyclic loading tests. The 

results indicate that ductility capacity of composite beam is nearly half of that of steel beams without 

slabs. This is due to slabs, the effects of which are considered as the strain concentration to the bottom 

flange and the deformation concentration to the beam-to-column connection. And, 

No-weld-access-hole detail and RBS detail improve ductility capacity of composite beams sufficiently. 
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Abstract: Columns in concentrically braced steel frames are generally designed for axial force and column 

moment demands do not affect the member sizes. In the case that no column flexural stiffness is provided, a 

soft-story mechanism may occur in a braced frame as soon as the braces in one level reach their strength. 

Real frames often possess sufficient column flexural stiffness and strength that large concentrations of 

damage do not generally occur. 

In a previous paper, the effect of the column flexural stiffness on 2 story braced frames with pinned 

column bases was quantified using direct mathematical formulation, frame push-over analysis and dynamic 

analysis. It was shown that increased column stiffness and strength tend to reduce the story drift 

concentration. This paper evaluates the effect of column base fixity, as well as column stiffness and strength, 

on drift concentration in two story braced frames. 

 

 

1.  INTRODUCTION 

 

Methods to evaluate the effect of column strength and stiffness on the story drift concentration of 

yielding braced frame structures have been evaluated by MacRae, Kimura and Roeder (2004) when 

the columns have pinned connections to their foundation. It was shown that increased column flexural 

stiffness tends to decrease the story drift concentration.  

In real frames, columns are not pinned at the foundation and do carry moment. Also, other types of 

system in which a shear-type frame (such as a moment frame or braced frame) is placed in parallel 

with a cantilever column (such as a slender structural wall) exist. In both of these cases, estimation of 

the drift demand of the system can be modeled as the combination of a shear-frame with that of a 

cantilever column. While the base condition of any column in a frame is probably not fully fixed, the 

assumption of the fixed base, together with the pinned base assumption, provide bounds on the base 

fixity for the evaluation of story drift concentration.  

This paper investigates the behavior of systems consisting of both braced frames and continuous 

flexural columns. It quantifies the effect of column flexural stiffness and strength on the drift 

concentration using a direct mathematical formulation, frame push-over analysis and dynamic analysis. 

The base of the column is assumed to be fully fixed to the foundation. Minimum values of column 

stiffness and strength to limit the story drift concentration to specific values are proposed.  
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 2

2. PUSHOVER BEHAVIOR OF FRAME WITH FIXED BASE COLUMN 

 

2.1 Comparison between Braced Frame with Pinned and Fixed Base Column 

Fig. 1(a) shows the two story frame with same stiffness and strength at each level. There is one 

“continuous column”, representing the flexural stiffness of all gravity seismic columns in the building. 

It is assumed that the connections of the left braced frame are totally pinned and the continuous 

column is fixed at the base. Only the column resists the concentration of deformation in one story. 

Drift concentration describes the ratio of the maximum story drift, ∆1/h to maximum roof drift, ∆2/H, 

in Fig. 1(b). In the real structures, the boundary conditions of the columns at the base are never pinned 

or fixed, and their rotational stiffnesses are almost during pin and fix. But if the drift concentrations for 

both extreme boundary conditions are clarified, that for the conditions during pin and fix can be 

approximately calculated. 

The drift concentration factor, DCF is calculated from Eq. (1) and Eq. (2) (MacRae, Kimura and 

Roeder, 2004) in a braced frame with a pinned base column. Eq. (1) is valid when the bottom story 

yields and Eq. (2) is valid when both the top and bottom stories yield. Eq. (1) and Eq. (2) can 

respectively estimate the DCF for small and large column stiffness ratios, α. Here, µt is total roof 

ductility when the brace at first story yields,  k is the frame shear stiffness, and EI/h
3
 is the column 

flexural stiffness. 
210 55 4 10 75

5 (1 5 )(1 3 )

t t t

t

DCF
µ αµ α α µ

µ α α

+ − − +

=

+ +

      (1) 

1
1

15
t

DCF = +
αµ

         (2) 

where 
3

 

c
EI

kh
α=          (3) 

 

 

 

 

 

 

  (a) System with Gravity Column          (b) Deformed Shape 

Figure 1 Idealization of Two Story Frame with Continuous Column 

Deformation and Forces 

 

Fig. 2(a) compares the behavior of a DCF for the braced frame with pinned or fixed base columns. 

The lines are drawn by Eq. (1) or Eq. (2) for pinned column base at µt=4, and plots are the pushover 

analysis results. The columns are assumed to keep elastic to compare only the difference of boundary 

condition. µt is the total roof ductility when any brace yields in the frame. 

Pushover analysis was carried out using the computer program DRAIN-2DX (Prakash, Powell and 

Campbell, 1993). When α is very low, DCFs for pinned and fixed base columns are almost same. As 

α increases, DCF for fixed base column suddenly decreases and converges about 1.4, even though 

DCF for pinned base column decreases and converges to 1.0. The difference of boundary conditions of 

the columns is influenced with DCFs especially for very high α, because the column at pinned base 

moves linearly, and that at fixed base is like a cantilever for very high α. 

Fig. 2(b) shows compares the yield moment strength of steel column for DCF. The moment 

strength, Mc is calculated the following. 
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(a) Comparison of column boundary conditions       (b) Comparison of column yield strength 

                                              for fixed base 

Figure 2 DCF of Two Story Shear Structure with Various Column Flexural Stiffness, α, 

and Roof Ductility, µt, using Static Pushover Analysis 

c y c
M = EI /(D/2)ε          (4) 

Here, D is column diameter, and εy is yield strain. 

Three kinds of all column capacity in the frame were selected corresponding to steel column 

diameter 1) 200mm, 2) 3000mm and 3)RC shear wall with depth 4000mm. The column for case 1) 

almost keeps elastic, and that for case 3) becomes yield as soon as α increases. The column strength is 

influenced with DCF. Making the closed form solution for DCF of the braced frames with fixed 

column base, it may be shown using the non-dimensional new parameter for column moment strength 

ratio, χc.  
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In Fig.2 (b), the kink, the black triangle point, in the curve shows where column behavior changes 

from first story only to both stories yields. Its value is different among 3 kinds of lines. 

Fig.3 shows the relationship between αc and χc. The plots are the analytical results, and the line is 

approximated by the analytical results. αc is α when the kink occurs, as α increases. The approximate 

equation for αc and χc is defined as the following. 
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Figure 3 Relationship between α0 and χc 
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The line is very fitting to the plots, so Eq. (6) is available to find their relationship. 

 

2.2   Estimation for Drift Concentration Factor for Fixed Base Column in range of lare α 

The value of DCF for the braced frame with fixed base column also consists of 2 kinds of closed 

form solution. When α is larger than αc, it is shown that DCF is almost same as shown Fig. 2(b). Eq. 

(7) is the approximation of DCF when α is larger than αc. Eq. (7) is consists of 3 equations with the 

value of χc. First equation of Eq. (7) is for the case of small column strength, and Third equation is for 

the case of large column strength. χc1 and χc2 are the range for changing the tendency of DCF. χc1 is 

constant, and χc2 is the value calculated from Fig.4. 
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Figure 4 Relationship between χc2 and µt  

 

χc2 depends on the roof ductility, µt, and is linearly related to µt. Plots are pushover analysis results, 

and the line is approximated from them. 

 

 

 

 

 

 

 

 

 

 

 

 

 

  (a) µt=2                       (b) µ t =4                       (c) µ t =6 

Figure 5 Relationship between DCF and χc 
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Equations derived above for DCF are given in Fig.5 (a)~(c) respectively for ductilities of 2, 4 and 

6. The derived equations are referred to as pushover analyses results. Results of approximation and 

pushover analyses are almost same as would be expected. 

 

2.3   Estimation for Drift Concentration Factor for Fixed Base Column in range of small α 

When α is smaller than αc, DCF is calculated using Eq. (1) which is modified from α to α’. α’ is 

the modified coefficient of α, as shown in Eq. (10). 
210 55 ' 4 10 ' 75 '

5 (1 5 ')(1 3 ')

t t t
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DCF
µ α µ α α µ

µ α α

+ − − +
=

+ +

      (9) 

where 0

c

' ( )
α

α α

α

=          (10) 

αc is the value calculated from Eq. (6). α0 is the kink in the curve for the frame with pinned column 

base in Fig.2 (a). And α0 is calculated from the value of α when Eq. (1) and Eq. (2) are equal. 
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Figure 6 Relationship between DCF and modified α’ 

 

Fig.6 (a)~(d) show the relationship between DCF and modified α’ respectively for χc=6.31*10
-2

, 

1.26*10
-2

, 4.20*10
-3

 and 4.73*10
-4

. The curves are the approximation for Eq. (7) and (9), and the plots 

are pushover analyses results respectively for µt=2, 4 and 6. In the diagrams, the black triangle is the 

boundary point between Eq. (7) and Eq. (9). Eq. (7) is used to calculate DCF at less than the point, and 
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Eq. (9) is at more than the point. They are similar and DCF can be estimated by these equations well. 

It is shown in Fig.6 (d) that when χc is low, DCF keeps high value by α of about 1. DCF suddenly 

decreases at the point, and it becomes unity. But it is shown in Fig.6 (a) that when χc is high, DCF 

suddenly decreases at α of about 0.01 and it converges about 1.4. χc and α are important to estimate 

DCF for the braced frame with fixed base columns. 

 

2.4   Estimation for DCF with Strength Distribution of Braced Frame 

In section 2.1~2.3, it is assumed that the strength distribution of braced frame is unity over height 

in order to lead the equation for DCF with column stiffness ratio α and column yield curvature ratio χc. 

But the frame shear demand and frame shear capacity are different and are independent of the α and χc. 

Their difference is represented by the parameter, β which is the ratio of second story strength to first 

story strength.  

Fig.7 shows the relationship between αc and χc respectively for β=3/4, 5/6, 11/12 and 1. The plots 

are the analytical results, and the lines are drawn by Eq. (11) which is closed form solution for αc with 

χc and β as the following. 
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Figure 7 Relationship between α0 and χc respectively for β=3/4, 5/6, 11/12 and 1 

 

The equations for DCF of brace frame with pinned column base were developed for β and shown 

to fit the pushover analysis results (Kimura and MacRae, 2002). Using modified Eq. (9), the equation 

for DCF including β is shown as following. 
2 24 ( 1) 10 '( 1) 6 45 ' 75 '

(2 3 15 ')( 5 ')

t t t t t

t

DCF
β µ α µ β µ α βµ α µ

µ β α β α

− + − + + +
=

+ + +

    (12) 

Here, α’ is calculated from Eq. (10) and Eq. (11). Eq. (7) can also be useful in the range of large α, 

changing β. 

 

 

3. DYNAMIC ANALYSIS BEHAVIOR OF FRAME WITH FIXED BASE COLUMN 

 

It was shown that the static drift concentration of two story braced frame is lead with column 

flexural stiffness and strength. In the relationships above, lateral loading distribution was assumed to 

be inverse triangular. Since the inertial loads change with time during earthquake, DCF may be 

different than that by pushover analysis. The two story frames with fixed column base are analyzed, 

whose models are 3 types of frame with β=1, 5/6 and 2/3 same as the frames with pinned column base 
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(Kimura, MacRae and Roeder, 2002). Modeling was also carried out using the computer program 

DRAIN-2DX. The earthquake records used were El Centro NS, Hachinohe NS and Kobe NS whose 

acceleration was twice. Before the dynamic time history analysis, the modal analysis of the frames 

gives a fundamental period, T, as shown in Table 1. The period for the braced frame with pinned 

column base is almost same, even though α for the frame is different. But that with fixed column base 

is significantly different, because both the braced frame stiffness and the continuous column stiffness 

are added to the structure stiffness for the period. It is seen that the column stiffness ratio, α increases, 

the period decreased. In this paper, the reduction in the period of the structure due to increasing α, is 

not discussed, so the frames for α of less than 1 were carried out. 

  

Table 1 Natural Period of the Braced Frames with Continuous Column 

 

 

 

 

 

 

Fig.8 shows dynamic DCFd plotted against static value, DCF. Circular, square and triangle 

respectively indicate the case of χc= 0.0631, 0.0126 and 0.0042. The dynamic drift concentration 

factor, DCFd was computed from the peak story drift and the peak roof drift, even though these 

occurred different times. Dynamic DCF is compared to static DCF at same roof ductility, µt. It may be 

seen that DCFd is almost similar to DCF. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 8 Comparison between dynamic DCFd and static DCF 

 

 

4. CONCLUSIONS 

 

Pushover and dynamic inelastic time history analyses are performed on concentrically braced 

frames with continuous columns fixed at base to investigate the effect of column flexural stiffness and 

strength. It was shown that: 

1) Continuous columns over the height of the structure may be seismic and gravity columns. These 

boundary conditions at the base, are influenced with the drift concentration of the structure. DCF 

for the braced frames with pinned column base, gradually decreases as column stiffness ratio, as α 

increases. But DCF for those with fixed column base, suddenly decreases and converges a value, as 

Frame Model α 0.0 0.01 0.1 1 10 100

Case1 (β=1) 0.336 0.330 0.300 0.220 0.098 0.033

Case2 (β=5/6) 0.336 0.341 0.314 0.228 0.090 0.033

Case3 (β=2/3) 0.336 0.356 0.331 0.237 0.100 0.033

T
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column stiffness ratio, α, increases. 

2) The drift concentration fixed at base is related to the strength of the continuous columns. DCF for 

low column strength ratio, χc, early becomes low, as α increases. And DCF for high χc, keeps high 

even though α increases. 

3) Equations (7) and (9) approximately estimate static DCF for the brace frame with fixed column 

base. 

4) Peak drift concentration is almost equal to the static demand for the same roof ductility. So 

Equations (7) and (9) are available to estimate the dynamic drift concentration for two story frames 

with fixed column base. 
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Abstract:  In this paper, we will suggest the useful beam element which enables us to analyze truss beams 

involving the elastoplastic buckling behavior of chord members without constructing discrete model. In this 

element, multi-surfaces for the yielding and buckling behavior are considered in the space of (Mi, Mj, N). 

Each couple of surfaces corresponds to the yielding and buckling strength of each chord member in a truss 

beam. It is assumed that total nodal displacement can be expressed in the form of additive decomposition of 

elastic, plastic and buckling components. Furthermore, we describe that it is possible to evaluate the effect of 

buckling behavior of a chord member as the isotropic softening behavior for only a couple of surfaces in the 

space of (Mi, Mj, N). Finally we will examine the validity of our beam element through a numerical example.  

 

 

1.  INTRODUCTION 

 

We consider a truss beam as shown in Figure 1(a). This truss beam belongs to the Warren truss 

type. Usually structural designers do not directly analyze such huge structures as are composed with 

many truss beams since such analytical models have much more freedom degree number and are very 

costly. Then an effective continuous model in which a truss beam is replaced with a single beam 

element shown in Figure 1(b), is usually used when analyzing the dynamic behavior of such a huge 

structure. The continuous model could not applied to the plastic problem until we developed a truss 

beam element which enabled us to simulate elastoplastic problem (Motoyui et al.(2000b)). However, 

chord members buckle and can not carry an axial force as soon as they yield in compression. In this 

paper, we will describe the consistent and convenient truss beam element to consider the elastoplastic 

buckling behavior of chord members in the continuous model.  

At first, we explain that the elastoplastic buckling behavior of a chord member can be 

approximately represented as the plastic behavior with softening under the assumption that its 

slenderness ratio is the less(Motoyui et al.(2000a)). Next, we formulate the truss beam element based 

on the thermodynamics approach. Finally we show the validity of the present element by comparison 

with results by a discrete model of which chord members are divided by standard beam elements. 

(a) Discrete model        (b) Effective continuous model 

   Figure 1  Two types of truss model 
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2. BASIC EQUATIONS FOR CHORD MEMBER 

 

It is assumed that the Helmholtz free energy ψα for the α th chord member which consist of an 

elastic straight bar and a perfect elastoplastic rotary spring in Figure 2(b) can be written by 
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where uα and θα are a total stretch and total rotation, p
u
α

 and p

α
θ  are plastic components of a stretch 

and a rotation, and nkα and mkα are an elastic stiffness of a bar and an elastic stiffness of a rotary spring. 

The sub-suffix α means the value of the α-th member. In this paper, it is asumed that θ is always 

positive and a chord member does not buckle until its member yields.  

Substituting in the Clausius-Duhem inequality; 0≥+−
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where Γα is called the plastic dissipation term and this expression mean variables of nα and nαlαθα are 

thermodynamic force to p
u
α

 and p

α
θ  respectively. The yield function at the rotary spring; 
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Here, the principle of maximum plastic dissipation is introduced to specify the post-buckling 

behavior. So consider the Lagrangian; 
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λ&  is a plastic consistent parameter. 
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These equations are called evolution equations. Furthermore, if the yield condition of Eq.(3-a) is 

active then the following Kuhn-Tucker complementary conditions must be satisfied 

   0=
α
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α
λ&      (5) 

Now consider the case that member’s slenderness ratio is much less. In this case, the assumption 

that 
α

θ  is approximately equal to p

α
θ  is satisfied. Then the yield function of Eq.(3) can be rewritten 

in the form 
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(a) Truss element   (b) Elastoplastic buckling model 

Figure 2  Single chord member 
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We introduce an effective plastic-buckling component pb
u
α

 which is defined by the form of additive 

decomposition. 
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From the third loading condition of Eq.(5-c), the necessary condition to satisfy the second law of 

thermodynamics is given by 
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3. EXTEND TO TRUSS BEAM 

 

3.1 Basic Equations for Truss Beam 

The Helmholtz free energy Ψ for the whole of a truss beam can be given by the sum of each 

member’s Helmholtz free energy ψ. 
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where ()
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 is an elastic stiffness matrix for an effective continuous model and 
ef
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~ is the effective elastic component of the nodal relative displacement u~ . And we assume that total 

component u
~ can be rewritten by the form of additive decomposition. 
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where p
u
~ and b

u
~  are the plastic and buckling components of the nodal relative displacement. 

Furthermore, the assumption of ( )ppp
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≡  is introduced. 
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In this case, the Clausius-Duhem inequality can be rewritten as 0
~
≥+− uf && T

Ψ . f is the nodal forces; 

ji

T
MMN=f . Then substituting in this inequality from Eq.(10) gives 
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For this inequality equation to be true for all values of ef
u
~ or θα , their coefficients must be zero, 

giving 
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The third equation represents the dissipation term. By comparison with Eq.(2-c), it is understood that 

both p

α
h and b

α
h can be represented by 

α
h which is defined by 

αα
hf

T
n =  (as shown in Figure 3). 

    
αα
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θl
b
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And from Eq.(3), the yield function for a truss beam model can be expressed in the form 
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The expression of Eq.(15) and Eq.(16) means that both plastic and buckling component rate are 
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proportional to the gradient of the yield surface. Namely the associate flow rule is satisfied in this 

model. It is noted that Eq.(12) is similar to the extended Koiter’s form. 

For simplicity, assume that the case that member’s slenderness ratio is much less. In this case, the 

assumption that θα is approximately equal to p

α
θ �is satisfied. Then the yield function of Eq.(16) can be 

rewritten in the form 
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where 
α

τ is an effective yield stress. Consequently the above assumption enables to treat the 

elastoplastic buckling problem as the plastic problem with the hardening (softening) specified with 

Eq.(17-b). And the yield surface becomes to be so-called multi-surface in (Mi, Mj, N) space as 

Eq.(17-a) must be satisfied at α=1,all. Here we introduce an effective plastic-buckling component 
pb

u
~ which is defined by bppb

uuu
~~~

+= and bppb
uuu
&&& ~~~

+= . Substituting in the latter equation from 

Eq.(12) and comparing with Eq.(7) gives 
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This equation is the plastic flow rule for the present method. Furthermore, the hardening (softening) 

coefficient can be calculated by 
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The yield function, the plastic flow rule and the hardening (softening) property are clarified.  
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Figure  3. Local coordinate system 

 

 

3.2 Consistent Tangent Stiffness Matrix 

Since 0=
α

Φ&  for active∈α , substituting in it from Eq.(18) and Eq.(19), 
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Then we have the simultaneous equations respect to 
α

λ&  as follows; 
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By solving this simultaneous equation, we can find the plastic consistency parameter 
α

λ& . 
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where Gαβ is the inverse of G
βα

. And from the nodal force rate the consistent tangent stiffness matrix 
epb

k  is given  
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where ⊗  signifies tensor product. 

 

3.3 Numerical implementation to calculate nodal force vector 

The present calculation method of a nodal force vector belongs to the Return Mapping Algorithm 

for the Multi-surface yield function (Simo et al.(1988)). The values of pt
u
~ , pt

α
λ  and pt

α
θ  in the 

configuration at t=t and u
~tt ∆+  at t=t+∆t are assumed to be known. 

 

Elastic predictor : Any incremental plastic deformation is frozen; 0u =
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Thus, the trial value of the yield function is given by 
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If 
α

Φ
trial is greater than zero, then the plastic corrector must be execute since the rotary spring is in 

plastic loading. Otherwise, it is in elastic state including unloading state. 

 

Plastic corrector : The stress by the actual plastic deformation is relaxed. The value of the nodal force 

vector and the effective yield stress at t=t+∆t can be rewritten in the form 
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Inserting Eq.(27) into the yield function gives the nonlinear simultaneous equations with respect to 
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p

∈αλ∆
α

. Then we solve them by Newton method. 
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Solving these linear equations and updating each values. 
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where lower index (k) signified iteration number. Repeat these calculations until ( ) Tolerance
tt

k
≤

+

+ α

∆
Φ

1
. 
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4. NUMERICAL EXAMPLES 

Finally we show two numerical examples in Figure 4 and Figure 5 to valid the present method. 

One example is subjected to monotonic loading and another is subjected to cyclic loading. The present 

results are calculated with only one element, and another is done with the model of which chords are 

divided by 10 elastoplastic beam elements. The mechanical properties of analytical model: Truss 

length; 34.6m, Height; 10m, Slenderness ratio of chord members; 40 (partially 20). The material 

properties: Young’s modulus; 206GPa, Elastic-perfectly plastic material, Yield stress; 235MPa. Two 

equilibrium paths are close and this means the present method is valid. 

 

 

 

 

 

 

 

 

(a) Load displacement curve    (b) N-Mi space 

Figure 4  Numerical results (monotonic loading) 

 

 

 

 

 

 

 

 

(a) Load displacement curve    (b) N-Mi space 

Figure 5  Numerical results (cyclic loading) 

 

5. CONCLUSIONS 

In this paper, we described the consistent and convenient analytical method to simulate truss 

beam problems including with the elastoplastic buckling behavior of chord members, and clarified that 

such problems reduce to the pure elastoplastic problem under the condition that a chord member’s 

slenderness ration is much less. Furthermore the validity of the present method was examined through 

the numerical examples. 
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Abstract: This paper introduces some new technologies aiming of enhancing the seismic performance of 

reinforced concrete bridge columns. Introduced are the interlocking spiral columns with a large cross 

section, effect of unbonding of longitudinal bars at the plastic hinge, prestressed concrete columns, and an 

isolator built-in column. Although they are still in the research and preliminary implementation stage, it is 

expected to extend the new technology into practice.   

 

 

1.  INTRODUCTION 

 

The extensive damage to bridges during the recent earthquakes in Northridge, USA (1994), Kobe, 

Japan (1995), Chi-Chi, Taiwan (1999), and Kocaeli and Duzce, Turkey (1999), revealed the 

vulnerability of bridges under extreme ground motions. A number of bridges suffered extensive 

damage as a result of the insufficient shear strength and ductility capacity of reinforced concrete 

columns. Based on the lessons from the recent earthquakes, the seismic design methodology was 

extensively revised worldwide.  

Since the enhancement of reinforced concrete piers/columns was one of the most important 

aspects in the revision of the seismic design codes, various unique technical developments for 

reinforced concrete columns with verification through loading tests have been conducted. Several 

new technologies are presented in this paper. Although most of them are still in the research stage, it 

is important to extend the current technology.   

 

 

2. INTERLOCKING SPIRAL COLUMNS WITH LARGE CROSS SECTIONS 

 

Interlocking columns have been extensively implemented in New Zealand, USA and other countries 

(Tanaka and Park 1993, Priestley et al 1996). The interlocking spirals confine the core concrete to 

enhance the ductility of reinforced concrete columns. Prior to the 1995 Kobe earthquake, spirals 

were not used in Japan because rectangular columns were generally preferred and because column 

diameters are generally larger. Since the 1995 Kobe earthquake, the interlocking spiral columns 

have been recommended in the design codes (Japan Road Association 1996 and 2002), and various 

studies have been conducted (Yagishita et al 1997, Fujikura et al 2000). 

Interlocking spiral columns with large sections were constructed at Kamanashi bridge. Each 

column consists of 2 spirals with a diameter of 6 m and is 8.5 m wide and 6 m long in the transverse 

and the longitudinal directions, respectively. Since these columns were much larger in size than the 

interlocking columns which had ever been constructed elsewhere, a unique experimental test was 
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conducted by the Japan Highway Public Corporation (JH) in conjunction with the construction of 

the bridge. Since assemblage of the interlocking spirals requires a special skill, an onsite 

assemblage test of large diameter interlocking spirals was conducted (Shito et al 2002). 

In the cyclic loading test, several model columns with interlocking spirals were loaded 

independently in the transverse and the longitudinal directions. The model columns were 2.7 m tall 

(effective column height) and 900 mm wide and 600 mm long in the transverse and longitudinal 

directions, respectively. They consisted of two spirals with a diameter of 600 mm. They were about 

1/10 geometrically scaled models. The concrete strength was 28.1-39.7 MPa. The volumetric tie 

reinforcement ratio was varied 0.19%, 0.29% and 0.52% with the longitudinal reinforcement ratio 

being 1.63%. A 900 mm wide and 600 mm long standard rectangular column was also constructed 

for comparison. In addition to ties, cross ties were laterally spaced at every 158-196 mm interval in 

the standard rectangular column. The concrete strength of the rectangular column was 39.8 MPa. 

The longitudinal reinforcement ratio was 1.18% and the volumetric tie reinforcement ratio 

including the cross ties was 0.88%.  

Fig. 1 compares the lateral force vs. lateral displacement hystereses of the interlocking spiral 

column (volumetric tie reinforcement ratio is equal to 0.29%) and the standard rectangular column 

under a cyclic loading in the longitudinal direction. The lateral restoring force is stable until 4.5% 

drift in the rectangular column, while it is stable until 5% drift in the interlocking spiral column. A 

similar test was conducted to verify that the interlocking columns exhibit stable hysteresis under a 

cyclic loading in the transverse direction.  

Since the diameter of the interlocking spirals is large at Kamanashi bridge, an onsite assemblage 

test of the interlocking spirals was conducted, using a 4.5 m wide and 3 m long column consisting 

of two interlocking spirals with a diameter of 3 m. Two spirals were interlocked after being hung 

separately using a balanced lever, and they were set in position from the top of longitudinal bars. 

The spirals were temporally fixed to hanging cables so that they were set with an expected vertical 

interval. This construction procedure was successfully implemented on the interlocking column.  
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 (a) Standard Columns  (b) Interlocking Spiral Columns with Volumetric  

                                        Ratio of 0.29% 

Fig. 1 Effect of Interlocking Spirals 

 

 

3. UNBONDING OF LONGITUDINAL BARS AT THE PLASTIC HINGE 

 

In a reinforced concrete column, damage of the longitudinal bars progress from local bucklings to 

rupture in the plastic hinge under an extreme earthquake excitation. The bond between the 

longitudinal bars and the concrete results in the concentration of damage to the longitudinal bars at 

a specific localized interval where the local buckling occurrs.  
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One of the measures of mitigating such a concentration of damage to the longitudinal bars is to 

unbond the longitudinal bars from the concrete at the plastic hinge (Takiguchi et al 1976). By 

appropriately unbonding the longitudinal bars at the plastic hinge region with a length ubL  as 

shown in Fig. 2, the deformation of the longitudinal bars may be reduced by avoiding the 

concentration of strain as a result of averaging the strain in the interval ubL . The unbonding may be 

achieved by wrapping the longitudinal bars with plastic materials. Protection is required for 

corrosion of the unbonded longitudinal bars.  

   
 (a) Standard Column (b) Unbonded Column  

Fig. 2 Unbonding of Longitudinal Bars 

Fig. 3 shows the effect of unbonding the longitudinal bars in a 1.45 m tall square column with a 

width D  equal to 400 mm (Kawashima et al 2001). Although several tests were conducted, only 

two cases are presented here. The concrete strength was 24 MPa. The longitudinal reinforcement 

ratio was 0.95%, and the volumetric tie reinforcement ratio was 0.77%. The longitudinal bars were 

unbonded within a distance equivalent to the column width D . In the standard column, the 

covering concrete started to significantly spall off at 8 yδ , in which yδ  is the yield displacement of 

the standard column. Since yδ  is equal to 6 mm, 1% drift corresponds to 2.3 yδ . The column was 

cyclically loaded 3 times at each loading displacement yδ , 2 yδ , 3 yδ , …., until failure. The same 

loading hysteresis was used for both the standard and the unbonded columns.  

The concrete failed within about 200 mm from the bottom after 11 yδ  (=4.8% drift) in the 

standard column. On the other hand, the failure of concrete was much less in the unbonded column 

than the standard column. The covering concrete failed no higher than120 mm from the bottom 

even after 13 yδ  (=5.7% drift). The strain measured at 25 mm from the bottom built up over the 

yield strain at the first load excursion of 2 yδ . On the other hand, the strain on a longitudinal bar that 

was unbonded within a length of D  was much smaller than the strain on a longitudinal bar in the 

standard column. The strains were similar, although not the same, at 25 mm and 175 mm from the 

bottom in the longitudinal bar in the unbonded column. The strains on the longitudinal bars became 

larger than 6,000 µ  at 25 mm and 175 mm from the bottom at the first excursion of 2 yδ  and 3 yδ  

loadings, respectively. 

An important feature of the unbonded column is a rocking response of the column relative to the 

footing. Since the longitudinal bars were unbonded within a length of ubL , the longitudinal bars in 

tension pulled out from the column, which resulted in a dominant rocking response of the column. 

As a result of the small flexural deformation, the flexural failure of the column was limited.  

Fig. 4 compares the lateral force vs. lateral displacement hystereses. The restoring force of the 

standard column started to deteriorate at 9 yδ  (=3.9% drift), while the restoring force was stable 

until 11 yδ  (=4.8% drift) in the unbonded column.  
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    (a) 5 yδ ( =2.2% drift ) (b) 8 yδ ( =3.5% drift ) (c) 11 yδ ( =4.8% drift ) 

(1) Standard Column 

 
 (a) 5 yδ ( =2.2% drift )  (b) 8 yδ ( =3.5% drift ) (c) 11 yδ ( =4.8% drift ) 

(2) Unbonded Column ( Loaded in EW Direction ) 

Fig. 3 Progress of Damage 
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 (1) Standard Column (2) Unbonded Column 

Fig. 4 Lateral Force vs. Lateral Displacement Hystereses 

As a result of the deformation of the unbonded longitudinal bars in the plastic hinge, the initial 

lateral stiffness is slightly smaller in the unbonded column than the standard column. Fig. 5 

compares the equivalent lateral stiffness and the accumulated energy dissipation between the 

unbonded and standard columns. The equivalent lateral stiffness is defined here as the secant 

stiffness between the maximum and minimum displacements in a hysteresis loop at each loading 

displacement. Although the equivalent lateral stiffness is slightly smaller in the unbonded column 

than the standard column when the lateral displacement is smaller than 1% drift, the difference 

between the two columns becomes small as the lateral displacement increases. This is due to the 

larger deterioration of the standard column. The difference of the accumulated energy dissipation 

between the two columns is negligible.  
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 (1) Equivalent Lateral Stiffness (b) Accumulated Energy Dissipation 

Fig. 5 Equivalent Lateral Stiffness and Energy Dissipation 

 

Although the longitudinal bars were unbonded in the plastic hinge of the column in the above 

example, it is feasible to unbond the longitudinal bars in the footing or partly above and below the 

footing. Similar results were obtained by unbonding the longitudinal bars inside a footing 

(Hoshikuma et al 2000). 

Based on the studies, it is considered that the unbonding is an effective means to increase the 

ductility capacity of columns by properly choosing the unbond length ubL . 

 

 

4. PRESTRESSED CONCRETE COLUMNS 

 

It is well known that prestressed concrete members exhibit stable seismic performance under a 

combined action of shear and flexure. Consequently, it is anticipated that the flexure and the shear 

capacities can be enhanced in the prestressed concrete columns in comparison to the standard 

reinforced concrete columns. It is also anticipated that residual displacements after an extreme 

earthquake may be smaller in prestressed concrete columns than reinforced concrete columns. It is 

expected to reduce construction periods by using precast concrete segments.  

However, the prestressed concrete columns have been seldom constructed throughout the world 

in spite of their merits. Lack of practice and possible cost increase may be the reasons for limiting 

the implementation of prestressed concrete columns. It is also sometimes pointed out that the 

energy dissipation is less in prestressed concrete columns than reinforced concrete columns because 

fewer concrete cracks dissipate less energy.  

To verify the seismic performance of prestressed concrete columns, an extensive experimental 

and analytical study was conducted (Ikeda 1998, Ikeda et al 1998, Mutsuyoshi et al 2001). In the 

loading test, rectangular prestressed concrete columns with an effective height of 1.5 m and a 

section of 400 mm by 400 mm were constructed. The concrete strength, the prestress and 

bond/unbond of the PC cables were studied as parameters.  

Fig. 6 shows the effectiveness of the prestressed concrete columns in terms of the lateral force vs. 

lateral displacement hysteresis. The columns were subjected to an axial load (dead load of the 

superstructure) equivalent to 1MPa, and the prestress was either 4 or 8 MPa. They failed in flexure. 

The hysteresis of a standard reinforced concrete column is also presented here for comparison. A 

remarkable feature of the prestressed concrete columns is the rest-position oriented unloading 

hystereses. If one defines the unloaded residual displacement as a residual lateral displacement of a 

column when the lateral force is equal to zero after unloaded from a maximum lateral displacement, 

then the unloaded residual displacement is significantly smaller in the prestressed concrete columns 

than the standard reinforced concrete column. Fig. 7 shows how the unloaded residual displacement 

decreases as the prestress increases in the prestressed concrete columns. It is obvious from a 
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nonlinear dynamic response analysis that the limited unloaded residual displacement contributes to 

reduce the residual displacement of a bridge after an extreme earthquake. This contributes to satisfy 

the requirement of residual drift after an earthquake (Kawashima et al 1998, Japan Road 

Association 1996 and 2002).  
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Fig. 6 Effect of Prestressing on the Hysteretic Behavior [Ikeda 1998, Ikeda et al 1998] 

 

Number and size of concrete cracks were smaller in the prestressed columns than the standard 

reinforced concrete column during the loading and unloading reversals. The restoring force 

remarkably decreases when longitudinal bars locally buckle in the standard reinforced concrete, 

while such a remarkable deterioration of restoring force does not occur in the prestressed columns. 

Fig. 8 shows that the accumulated energy dissipations normalized by the peak restoring forces is 

smaller in the prestressed columns than the standard reinforced concrete columns as anticipated 

inherent to the rest-position oriented hysteretic behavior. This effect has to be considered in design 

based on the total response of a bridge system.  

From the study, various merits of certain prestressed concrete columns were found. Those merits 

support the implementation of prestressed concrete columns.  
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5. ISOLATOR BUILT-IN COLUMNS 

 

Since the hysteretic behavior of a reinforced concrete column occurs only at the plastic hinge, it is 

interesting to replace the concrete in the plastic hinge by an appropriate material that provides 

enough deformation and energy dissipation so that the flexural deformation in the rest of a column 

is limited. The material has to be sufficiently softer than the reinforced concrete column in order to 

reduce the flexural deformation of the column. By appropriately choosing the stiffness and strength 

of the material, it is expected that the reinforced concrete column at the plastic hinge becomes free 

from damage under an extreme earthquake excitation. Several efforts have been already initiated for 

such a purpose. The major technical importance is what material should be used for the replacement 

of reinforced concrete at the plastic hinge. It must be sufficiently stable under repeated seismic 

loading with large strains, and durable for long term use. It is preferable if energy dissipation is 

available associated with the deformation of the material. 

A material studied is a high damping rubber that is used for standard high damping rubber 

bearings for seismic isolation. The high damping rubber meets several requirements described 

above. The high damping rubber may be provided in the form of a rubber block or a laminated 

rubber. If one sets a high damping rubber unit at the bottom of a cantilever column, the column 

deforms as shown in Fig. 9 under a lateral seismic force. The longitudinal bars are continuous 

through the rubber unit. Prestressed tendons may be effective to prevent a sudden deterioration of 

the restoring force and decrease the residual displacement.  

 

Fig. 9 Isolator Built-in Column 

The rubber unit does not resist tension if it is not anchored to the column and the footing. Since 

contact of the rubber unit with the column and the footing is limited if the rubber unit is not 

anchored to the column and the footing, slippage and rotation of the column relative to the footing 

occurs once the longitudinal bars yield under a cyclic lateral loading. Hence, the upper and lower 

steel plates which are galvanized to the rubber unit are anchored to the column and the footing by 

anchor bolts. The longitudinal bars need to be continuous through holes in the steel plates and the 

rubber unit.  

Laminated rubber units may be used if the rubber unit is thick. The steel plates in the laminated 

rubber unit may prevent the local buckling of the longitudinal bars when they are subjected to 

alternative tension and compression. Shear-keys may be required to prevent an excessive lateral 

displacement of the column relative to the footing when the rubber unit is thick. Since such a 

column is nearly equivalent to a built-in high damping rubber isolator, it is called here an isolator 

built-in column (Kawashima and Nagai 2002, Yamagishi and Kawashima 2004). 
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 (a) Reinforcements  (b) Rubber Unit with Anchor Bars 

Fig. 10 Model Columns 

 

 

A difficult barrier of the isolator built-in column is the deformation of the longitudinal bars. As a 

consequence that the column is supported by a flexible rubber unit, the longitudinal bars in the 

rubber unit are subjected to compression due to the self-weight of the structure. The longitudinal 

bars in the rubber unit are also subjected to repeated tension and compression with larger strain 

amplitude than a standard reinforced concrete column under an extreme earthquake excitation. 

Hence, it is likely that the longitudinal bars locally buckle and rupture in the rubber unit. 

Consequently a special attention has to be paid to prevent the premature failure of the longitudinal 

bars in the rubber unit. Use of special steels with the enhanced ductility may be effective.  

If the stiffness of the rubber unit is sufficiently smaller than the stiffness of the column, major 

deformation under a lateral seismic force occurs in the rubber unit with the deformation of the 

column being limited. This results in the rocking response of the column similar to the unbonded 

column. Representing a rotation of the column as θ , the lateral displacement of the column at the 

top is θ⋅H  under a lateral force, in which H  represents the column height. Since the drift 

r
d θθ =⋅≈ HH / , if one expects to have stable response of the column until a drift of 

r
d , the strain 

at the compression fiber of the rubber unit 
r

ε  is 

θ
α

ε
t

W

r
=                                           (1) 

where W is the column width, t  is the thickness of the rubber unit, and α  is defined as 

Wx /=α  in which x  is the distance from the neutral axis to the compression fiber. Since the 

rubber unit shows the extensive strain hardening under high compression, its effect has to be 

included in the evaluation of stress )(
rr

f εσ =  corresponding to the strain by Eq. (1). Deformation 

characteristics of rubber units under high compression as high as 120 MPa was studied to determine 

)(
r

f ε .  

Consequently, the following relation has to be satisfied to avoid failure of concrete of the column 

ccr
σσ <                                          (2) 

where 
cc

σ  represents the concrete strength. 

On the other hand, from Eq. (1), the rubber unit must be thicker than the following value so that it 

is stable under the repeated compression corresponding to the lateral drift 
r

d . 

r

r

d
W

t ⋅>

ε

α

min                                          (3) 
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 (a) Standard Column (b) Isolator Built-in Column 

Fig. 11 Failure of Columns after 4% Drift ( Loaded in AC Direction ) 
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(a) Standard Column    (b) Isolator Built-in Column 

Fig. 12 Lateral Force vs. Lateral Displacement Hystereses 

 

 

A series of seismic loading tests was conducted to verify the performance of the isolator built-in 

columns. Constructed were 1350mm tall (effective height) model columns with a 400mm by 

400mm rectangular section as shown in Fig. 10. They were designed so that the hystereses are 

stable until 4% drift. As a consequence, 30 mm and 60 mm thick damping rubber units were used 

with an initial shear modulus of 1.2 MPa. Those rubber units are often used for seismic isolators in 

bridges. The longitudinal reinforcement ratio was 1.58%, and the volumetric tie reinforcement ratio 

was 0.79%. A shear-key was provided at the center, and four prestressed tendons were provided at 

the four corners.  

Fig. 11 compares the failure of the isolator built-in column and the standard column after 4% drift 

loadings. Extensive failure of the concrete occurs until 4% drift at the compression fiber in the 

standard column. The longitudinal bars start to rupture at 5.5% drift, which results in the significant 

deterioration of restoring force. On the other hand, the failure of concrete is much limited in the 

isolator built-in column until 4% drift. However the longitudinal bars start to rupture in the rubber 

unit at 4.5% drift. The use of ductile steel is required to mitigate the rupture of the longitudinal bars 

as a result of concentration of strain at the bars in the rubber unit.  

Fig. 12 compares the lateral force vs. lateral displacement relations of the two columns. A 

remarkable change of the shape of the hysteresis loops is seen. The lateral force is almost the 

constant in the post-yield zone in the standard column, while it increases as the lateral displacement 

increases in the isolator built-in column. The extensive deterioration of the restoring force at 4.5% 

drift results from the rupture of longitudinal bars in the isolator built-in column. An important 

difference of the isolator built-in column is the smaller initial stiffness, as shown in Fig. 13 (a), due 
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to the soft deformation of the rubber unit. However, since the stiffness of the standard column 

deteriorates due to failure of the concrete, the lateral stiffness of the standard column becomes close 

to that of the isolator built-in column over 2.5% drift. The energy dissipation per load reversal is 

nearly the same between the isolator built-in column and the standard column as shown in Fig. 13 

(b).  
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Fig. 13 Effect of Isolator on the Equivalent Stiffness and Energy Dissipation 

 

 

6. CONCLUDING REMARKS 

 

The preceding pages introduced some new attempts to enhance the ductility capacity of reinforced 

concrete columns. It is noted that they are only a part of the efforts, and that many other practical 

and effective measures are being developed. Since 1995, the seismic design practice has extensively 

changed based on the technical development conducted in the last two devades. It was the major 

lesson of the recent earthquakes that it is important to have an insight to hold account in great 

un-experienced damage of bridges in the past.  
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Abstract:  This paper presents an analysis of the displacement amplification factors in seismic design of 
bridges. The displacement amplification factors are evaluated based on 70 free-field ground motions. 
Scattering of the displacement amplification factors depending on ground motions and natural periods are 
clarified. A new empirical formulation of the displacement amplification factors is proposed. 

1.  INTRODUCTION 

In the force based seismic design, the force demand is generally determined based on a linear 
response of a structure divided by the force reduction factor. In the similar way, the displacement 
demand of a structure is estimated by multiplying a linear displacement response by the displacement 
amplification factor (Ye and Otani 1999, Miranda and Ruiz-Garcia 2002, 2003, and Lin, Chang and 
Wang 2004 ). The force reduction factors are worldwide used, and it plays an important role in the 
force based design of a structure. However, in spite of the importance of the displacement demand in 
seismic design of bridges, less attention has been paid to the estimation of a displacement 
amplification factor. 

This paper presents an analysis on the displacement amplification factors based on 70 free-field 
ground motions. The dependence of displacement amplification factors on natural periods and ground 
motions is clarified. 

2. DEFINITION OF DISPLACEMENT AMPLIFICATION FACTOR 

If one idealizes a structure in terms of a single-degree-of-freedom (SDOF) oscillator with an 
elastic perfect plastic bilinear hysteretic behavior as shown in Fig. 1, the displacement amplification 
factor D  may be defined as 

ELEL

NLTNL

T
T

D
,

,,  (1) 

where T  : natural period, EL  and NL  : maximum displacement in an oscillator with a linear and 
a bilinear hysteresis, respectively, T  : target ductility factor, and EL  and NL  : damping ratio 
assumed in the evaluation of linear and bilinear responses, respectively. The natural period T  may be 
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evaluated based on the initial elastic stiffness of columns. Representing yu  the yield displacement 
where the stiffness changes from the initial elastic stiffness to the post-yield stiffness, a target ductility 
factor T  may be defined based on the yield displacement yu  as 

y
T u

umax  (2) 

where maxu  is the maximum displacement response of an oscillator. The post-yield stiffness is 
assumed to be 0 in the present study. 

An important point in Eq.(1) is what value should be assigned to EL  and NL . It is general to 
assume EL  = 0.05, which may be validated from the fact that standard structures have a damping 
ratio of nearly 0.05. On the other hand, because an energy dissipation occurs in the bilinear oscillator 
resulted from the hysteretic response, assuming NL  = 0.05 results in larger energy dissipation in the 
bilinear oscillators than the linear oscillator. Because taking account of the hysteretic energy 
dissipation, it is often the practice to assume a damping ratio which is slightly smaller than EL  in the 
nonlinear always, NL  is assumed 0.02 here. 

3. DISPLACEMENT AMPLIFICATION FACTOR FOR BILINEAR OSCILATORS 

Displacement amplification factors were evaluated at the target ductility factor T  of 2, 4, 6 and 
8 assuming an elastic perfected-plastic bilinear hysteresis. Seventy free-field ground accelerations by 
64 shallow earthquakes with depth less that 60 km were used in analysis. They were classified into 
three soil conditions depending on the fundamental natural period of subsurface ground gT ; stiff ( gT
< 0.6 s), moderate (0.2 < gT  < 0.6 s) and soft (0.6 s < gT ) (Japan Road Association 2002). Number 
of records in the stiff, moderate and soft categories is 16, 39 and 15, respectively. Distribution of peak 
ground accelerations on the earthquake magnitudes and epicentral distances is shown in Fig. 2. The 
peak accelerations are in the range of 0.1-8 m/sec2, and the epicentral distances are in the range of 
10-500 km. 

Fig. 3 shows the displacement amplification factors for the 70 ground motions. Only the results for 
T = 4 and 6 are presented here since the results for other target ductility factors show the similar 

characteristics. It is seen in Fig. 3 that scattering of the displacement amplification factors depending 
on ground motions is considerable. For example, the displacement amplification factors at natural 

P

EL
RF

NL
RF

O NLELY

Fig. 1 Linear or Nonlinear Response of an SDOF oscillator
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period of 1 second varies from 0.29 to 3.41 depending on ground motions at T = 4. The dependence 
of displacement amplification factors on the soil condition is less significant.  

Since the scattering of the displacement amplification factors depending on ground motions is 
considerable, the averages +/- one standard deviations of the displacement amplification factors were 
obtained at each target ductility factor, natural period and soil condition. Fig. 4 shows the average 
values and the average values +/- one standard deviations of the displacement amplification factors at 

T = 4. The following displacement amplification factors predicted by the equal displacement and the 
equal energy assumptions are presented here for comparison.  

AssumptionEnergyEqual
AssumptionntDisplacemeEqual

D
12

1
 (3) 

The average values of displacement amplification factors sharply increase as the natural periods 
decrease, while they approach to 1.0 at the periods longer than about 1.5s. The equal displacement 
assumption provides a good estimate to the average values at the natural periods longer than about 1.5 
s. But if we take account of the considerable scattering in terms of the average plus one standard 
deviation, the equal displacement assumption considerably underestimates the displacement 
amplification factors. On the other hand, the equal energy assumption provides an overestimation to 
the average values but better estimation to the average values plus one standard deviations. Taking the 
considerable scattering of the displacement amplification factors depending on ground motions into 
account, it seems reasonable to consider a certain redundancy in the estimate of the displacement 
amplification factors in design. For such a purpose, it seems appropriate to assume the equal energy 
assumption instead of the equal displacement assumption. 

Fig. 5 shows the dependence of the standard deviations of displacement amplification factors 
D  on the natural periods T  and the soil condition. Different to the average values, the standard 

deviations D  are less dependent on the natural periods T . Fig. 6 shows the dependence of the 
standard deviations D  on the target ductility factors T . The standard deviations D
increase as the target ductility factors increase. The relation may be approximated by a least square fit 
as  
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4. DISPLACEMENT AMPLIFICATION FACTOR FOR BILINEAR OSCILATORS 

To idealize the average values of the displacement amplification factors, they are formulated as 

1)(TD  (5) 

where,

Tbae
aTcT 1)(  (6) 
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in which a , b and c are parameters depending on the natural periods and the soil conditions. Since 
D  at aT  and cD  at 0T  in Eqs. (5) and (6), the parameter a  and c  represent the 
period where D  is equal to 1 (point P) and the displacement amplification factor D  at 0T  as 
shown in Fig. 7, respectively. Since the gradient of D  is 

Tbea
aTbc

dT
dD )(1)1(  (7) 

representing Q as the point where D  takes the minimum value, b/1  represents the period between 
points P and Q. 

Based on the definition, Eqs. (5) and (6) automatically satisfy the following conditions 

D
T
lim

0
 (8) 

1lim D
T

 (9) 

The average values of the displacement amplification factors in Fig. 4 were fitted by Eq. (5) using 
a nonlinear least square method (Press et al 1996). Table 1 represents the parameters a , b  and c  as 
well as the regression coefficients R . Since the regression coefficients R  are not high enough at 
some combinations of the target ductility factors and soil conditions, such as the combination of T
= 2 and stiff sites, this should be noted in the interpretation of the following results. 

Fig. 8 shows the parameters a , ba /1  and c . The parameter a  is in the range of 1.3-1.4 
second at the stiff and the moderate sites, and 1.5-1.8 second at the soft sites. They are less sensitive to 

Natural Period(s)
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Fig. 7 Idealization of Force Reduction Factors 

Table. 1 Parameters a, b and Regression Coefficients R 

Soil Conditions Soil Conditions 
T

a, b, c
and R Stiff Moderate Soft 

T
a, b, c
and R Stiff Moderate Soft 

a 1.19 1.37 1.51 a 1.34 1.31 1.64 
b 1.50 2.28 1.30 b 1.69 2.42 1.46 
c 1.39 1.74 1.71 c 2.02 2.66 2.96 

2

R 19.6 46.6 55.1 

4

R 54.1 65.6 70.2 
a 1.32 1.32 1.68 a 1.27 1.36 1.76 
b 1.66 1.89 1.53 b 1.99 1.91 1.73 
c 2.50 3.29 4.19 c 3.17 4.02 5.48 

6

R 57.9 72.6 72.9 

8

R 59.9 74.7 75.2 
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the target ductility factor T . As described above, a  represents the period where 0.1D , which 
implies that the equal displacement assumption provides the best estimate at this period. Consequently, 
the accuracy of the equal displacement assumption is high at 1.0-1.4 second at the stiff and the 
moderate sites, and 1.5-2.4 second at the soft site. On the other hand, ba /1  represents the natural 
period where D  takes the minimum value. It is 1.8-1.9, 1.7-1.9 and 2.3 second at the stiff, moderate 
and soft sites, respectively. The parameter c  is in the range of 1.3-3.2, 1.7-4.0 and 1.7-5.5 at the stiff, 
moderate and soft sites, respectively. It increases as the target ductility T  increases. 

The natural periods T  where D  is equal to 12 TT  are obtained as shown in Fig. 9, 
based on Eq.(3), the equal energy assumption provides the best estimate in the range of 0.52-0.69, 
0.53-0.62 and 0.72-0.88 at the stiff, the moderate and the soft sites, respectively. They are much 
shorter than the natural periods where the equal displacement assumption provides the best 
approximation. 

Fig. 10 compares the average displacement amplification factors presented in Fig. 4 and the values 
predicted by Eqs. (5) and (6). Although slightly discrepancies are observed at larger target ductility 
factors, Eqs. (5) and (6) provides a good estimation for the average displacement amplification factors.  

5. CONCLUSIONS 

An analysis was conducted on the displacement amplification factors of SDOF oscillators based 
on the 70 free-field ground motions. Based on the analysis presented herein, the following conclusions 
may be deduced: 
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1) Scattering of the displacement amplification factors depending on the ground motions is 
considerable. 
2) The equal displacement assumption and the equal energy assumptions provide a good estimate to 
the average and average plus one standard deviation of the displacement amplification factors, 
respectively. Taking account of the considerable scattering, it seems appropriate to assume the equal 
energy assumption instead of the equal displacement assumption for the evaluation of the 
displacement amplification factors in seismic design.  
3) An empirical equation to predict the displacement amplification factors was proposed as shown in 
Eqs. (5) and (6). The parameters a  and a b1  express the natural period where D  is equal to 

 and D  becomes the minimum, respectively. 
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Abstract:  A simplified procedure for single-story asymmetric buildings subjected to bi-directional ground 

motion is proposed. In this procedure, their responses are predicted through a nonlinear static analysis of 

MDOF model considering the effect of bi-directional excitation and a nonlinear dynamic analysis of 

equivalent SDOF model. The results are compared with those of the nonlinear dynamic analysis of MDOF 

models, and satisfactory prediction can be found in nonlinear response of asymmetric buildings. 

 

 

1. INTRODUCTION 

 

The estimation of nonlinear response of buildings subjected to a strong ground motion is a key 

issue for the rational seismic design of new buildings and the seismic evaluation of existing buildings 

(ATC-40, 1996). For this purpose, the nonlinear time-history analysis of Multi-Degree-Of-Freedom 

(MDOF) model might be one solution, but it is often too complicated whereas the results are not 

necessarily more reliable due to uncertainties involved in input data. To overcome such shortcomings, 

several researchers have developed simplified nonlinear analysis procedures (Saiidi and Sozen 1981, 

Fajfar and Fischinger 1988). This approach consists of a nonlinear static (pushover) analysis of MDOF 

model and a nonlinear dynamic analysis of the equivalent Single-Degree-Of-Freedom (SDOF) model, 

and it would be a promising candidate as long as buildings oscillate predominantly in the first mode. 

Although these procedures have been more often applied to planar frame analyses, only a few 

investigations concerning the extension of the simplified procedure to asymmetric buildings have been 

made. 

In this paper, a simplified procedure for single-story asymmetric buildings (one mass three degree 

of freedom model) subjected to bi-directional ground motion is proposed. The procedure proposed in 

this paper is aimed to extend the studies by the authors (Fujii et al. 2003). It consists of a pushover 

analysis of MDOF model and a nonlinear dynamic analysis of equivalent SDOF model as is in the 

previous studies (Fajfar et al. 2002), but the effect of bi-directional excitations is taken into account in 

the pushover analysis. The results obtained by the proposed procedure are compared with those 

obtained by the nonlinear dynamic analysis of MDOF models. Since the simplified nonlinear analysis 

procedure under unidirectional excitation proposed in the previous study (Fujii et al. 2003) is 

applicable only to torsionally stiff (TS) buildings (Fajfar et al. 2002, Fujii et al. 2003), the discussion 

in this paper is also limited to TS buildings. This discussion made in this paper is the basis to predict 

the earthquake response of multi-story asymmetric building with simplified procedure, and the 

applicability of the proposed procedure to multi-story asymmetric buildings will be discussed 

elsewhere. 
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2. BUILDING AND GROUND MOTION DATA 

 

2.1 Building Data 

Buildings investigated in this paper are idealized single-story asymmetric buildings (one mass 

three degree of freedom model): they are assumed to be symmetric about the X-axis as shown in 

Figure 1. Their height is assumed 10.8m and the total building weight is 21.2 MN and the weight is 

uniformly distributed. In this study, four analytical models are studied considering following 

parameters: (1) type of structural plan, (2) yield strength in X and Y-direction. 

(1) Type of structural plan: Two structural plans are studied as shown in Figure 1. Both models 

are symmetric about X-axis and asymmetric about Y-axis. Figure 2 shows the envelope curve of 

restoring force-displacement relationship of each element. The envelopes are assumed symmetric in 

both positive and negative loading directions. The Takeda hysteretic model (Takeda et al. 1970) is 

employed for both column and wall elements, assuming that they behave in a ductile manner. For 

column elements, the effect of bi-axial moment is neglected for the simplicity of the analysis. 

 (2) Yield strength in X and Y-direction: Two series of the yield strength in X and Y-direction 

are studied for each structural plan. Table 1 shows the yield strength of each element and model 

parameters, where E is the eccentricity ratio (= e / r, e: elastic eccentricity, r: radius of gyration of 

floor), and J is the radius ratio of gyration of story stiffness (= j / r, j: radius of gyration of story 

stiffness with respect to the center of mass), Re is the eccentricity ratio in accordance with the 

Japanese Standard of Seismic Design of Buildings. 
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Figure 2 Envelope of Restoring Force-Displacement Relationship 
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Model-W1 Series: The yield strengths in X and Y-direction are assumed 0.72W. The total yield 

strengths of column and wall elements are assumed 0.24W, 0.48W, respectively, in each direction. 

Model-W2 Series: The yield strengths of the wall elements in X-direction are assumed twice of 

that in Y-direction. Therefore, the yield strength of those models is 1.20Win X-direction and 0.72W in 

Y-direction, respectively. 

Figure 3 shows the mode shapes of each model. As shown in this figure, the first and second 

modes of all models are governed by translational component in Y- and X-direction, respectively, 

while their third modes is governed by the torsional component. Consequently, all models can be 

classified as torsionally stiff (TS) buildings (Fajfar et al. 2002, Fujii et al. 2003). 

 

2.2 Ground Motion Data 

In this study, the earthquake excitation is considered bi-directional in X-Y plane, and six sets of 

artificial ground motions are used. Target elastic spectrum with 5% of critical damping SA(T, 0.05) is 

determined by Eq. 1: 
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Table 1 Model Parameters 
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* are the equivalent modal mass ratio of i-th mode in X- and Y-axis, respectively (see Ch. 3). 

Figure 3 Mode Shapes of Model Buildings 

- 106 -



 

where T is the natural period of the SDOF model. The first 40.96 seconds (2
12

 = 4096 data, 0.01 

second sampling) of EW and NS components of the following records are used to determine phase 

angles of the ground motion: El Centro 1940 (referred to as ELC), Taft 1952 (TAF), Hachinohe 1968 

(HAC), Tohoku University 1978 (TOH), Kobe Meteorological Observatory 1995 (JKB) and Fukiai 

1995 (FKI). Elastic acceleration response spectra of artificial ground motions with 5% of critical 

damping are shown in Figure 4. In this study the “EW” and “NS” components of those artificial 

ground motions are applied simultaneously. 

 

2.3 Numerical Analysis Procedure 

In this study, the damping matrix is assumed proportional to the instant stiffness matrix and 3% 

of the critical damping for the first mode. Newmark-β method (β = 1 / 4) is applied in numerical 

integrations. The time increment for numerical integration is 0.005 sec. The unbalanced force due to 

stiffness change is corrected at a next time step during analysis. 

 

 

3. EQUATIONS OF MOTION OF THE EQUIVALENT SDOF MODELS 

 

The equation of motion of a single-story asymmetric building model can be expressed by Eq. (2): 
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where [M]: mass matrix, [C]: damping matrix, {d} = {x, y, θ}
T
: displacement vector (displacement at 

the C.M. and rotation), {R} = {VX, VY, ΤΖ}
T
: restoring force vector (shear forces in X- and Y-direction 

and torque at the C.M.), m: mass, I: moment of inertia, {αX} = {1, 0, 0}
T
, {αY} = {0, 1, 0}

T
: vector 

defing the directions of ground motion, agX, agY: ground acceleration in X- and Y-direction, 

respectively. 

The displacement vector {d} and restoring force vector {R} are assumed in the form of Eq. (3) 

even if the building responds beyond the elastic range: 
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Figure 4 Acceleration Response Spectra
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where ΓiX, ΓiY: i-th modal participation factor, {φi}: i-th mode shape vector, DiX
*
, DiY

*
: i-th mode 

equivalent displacement, AiX
*
, AiY

*
: i-th mode equivalent acceleration. 

It is assumed that a building oscillates predominantly in the first mode under Y-directional 

(unidirectional) excitation, and under X-directional excitation it oscillates predominantly in the second 

mode. Eq. (3) is rewritten as Eq. (5), assuming the predominant oscillation of the fundamental modes 

in both X- and Y-directions under bi-directional excitation and neglecting minor modal responses. 
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By substituting Eq. (5) into Eq. (2) and by multiplying Γ1Y{φ1}
T
 from the left side, Eq. (6) is 

obtained: 
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where m1X
*
, m1Y

*
 are first equivalent modal mass ratio in X- and Y-axis, respectively, and C1Y

*
 is first 

equivalent damping coefficient in Y-axis. In the Eq. (6), m1X
 *
 is zero in elastic range if the building 

considered is symmetric about X axis as shown in Figure 3. Therefore, assuming that m1X
 *

 is 

negligibly small even building responds beyond the elastic range, Eq.(6) can be rewritten as Eq.(10). 
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Eq. (11) is obtained similarly by substituting Eq. (5) into Eq. (2) and by multiplying Γ2X{φ2}

T
 

from the left side. 
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Eqs. (10) and (11) are the equations of motion of equivalent SDOF models and they are the same 

as the equation of motion of equivalent SDOF models under unidirectional excitation (Fujii et al. 

2003). It should be pointed out that it is rigorous in case of unidirectional excitation, however in case 

of bi-directional excitation, Eqs. (10) and (11) are approximate: in these equations, the influence of the 

orthogonal ground motions to response of equivalent SDOF model are neglected by assuming m1X
*
 

and m2Y
*
 are negligibly small. 

 

 

4. DESCRIPTION OF SIMPLIFIED NONLINEAR ANALYSIS PROCEDURE 

 

In this chapter, a simplified nonlinear analysis procedure for single-story asymmetric buildings 

subjected to bi-directional ground motion is proposed. The outline of the proposed procedure is 

described as follows. 
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STEP 1: Pushover analysis of MDOF model 

STEP 2: Determination of equivalent SDOF model properties 

STEP 3: Estimation of seismic demand of equivalent SDOF model 

STEP 4: Estimation of drift demand in each frame of MDOF model 

 

The procedure required in each step is described below. 

 

STEP 1: Pushover analysis of MDOF model: Pushover analysis of a MDOF model is carried out 

to obtain the force – displacement relationship, considering the change in the mode shape at each 

nonlinear stage. The pushover analysis is carried out independently in both X- and Y-directions (first 

and second modes), respectively. The numerical procedure of the pushover analysis can be found in 

previous work by the authors (Fujii et al. 2003). 

STEP 2: Determination of equivalent SDOF model properties: The properties of two equivalent 

SDOF models representing the first and second mode responses are determined from the results of 

STEP 1, as is in the previous work by the authors (Fujii et al. 2003). For building of which the first and 

second modes are governed by the translational component in Y- and X-direction, respectively, the 

equivalent acceleration A1Y
*
 (or A2X

*
) - equivalent displacement D1Y

*
 (or D2X

*
) relationship of the 

equivalent SDOF models are determined from pushover analysis in STEP 1. A1Y
*
, A2X

*
 and D1Y

*
, D2X

*
 

are determined by the Eqs. (12) and (13), respectively: 
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where {d1}, {d2} and {R1}, {R2} are the displacement and restoring force vector obtained by the 

pushover analyses in STEP 1. 

The A1Y
*
-D1Y

*
 and A2X

*
-D2X

*
 relationships, referred as to capacity diagram, are idealized by 

elasto-plastic bi-linear curve so that the hysteretic dissipation enclosed by the original curve and the 

bi-linear idealized curve is same. 
STEP 3: Estimation of seismic demand of equivalent SDOF model: The seismic demand of two 

equivalent SDOF models D1Y
*
MAX, D2X

*
MAX, A1Y

*
MAX, A2X

*
MAX are obtained by the equivalent 

linearization procedure (Otani 2000) in this study. The equivalent period Teq and damping ratio heq of 
the equivalent SDOF model at each nonlinear stage is calculated by Eq. (14). 
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where µ is the ductility of the equivalent SDOF model, DY

*
 is the yield displacement of the equivalent 

SDOF model determined from bi-linear curve, and h0 is the initial damping ratio. In this study, h0 is 
assumed 0.03, because in the dynamic analysis of MDOF model the damping is assumed also 3% of 
critical damping for the first mode as described in section 2.3. The response spectral acceleration and 
displacement are reduced by following factor Fh calculated by Eq. (15) (Otani, 2000). 
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The demand spectrum of an earthquake excitation is constructed by plotting an SDOF response 

acceleration SA(Teq, heq) in vertical axis and corresponding displacement SD(Teq, heq) in the horizontal 
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axis. The seismic demand of equivalent SDOF model is determined by comparing the capacity 

diagram and the demand spectrum. The intersection of the capacity diagram and demand spectrum 

represents the maximum response of the equivalent SDOF model. 

STEP 4: Estimation of drift demand in each frame of MDOF model: The drift demand in each 

frame of the MDOF model is determined from the four pushover analyses summarized below. 

1) Determination of the four combined force distributions {P1X}, {P1Y}, {P2X}, {P2Y} from Eq. 

(16): 
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 where Γ1Yie{φ1ie}: first mode shape at D1Y
*
MAX, Γ2Xie{φ2ie}: second mode shape at D2X

*
MAX, 

and γ: coefficient considering the combination of the first and second. 

2) Pushover analysis using {P1X} and {P2X} until the equivalent displacement D
*
 calculated by 

Eq. (17) reaches D2X*MAX obtained from STEP 3 (referred to as Pushover-1X, Pushover-2X, 

respectively). 

 

{ } [ ]{ }
{ } [ ]{ }

X

T

ieXie

T

ieXie*

M

dM
D

αφ

φ

22

22

Γ

Γ
=  (17)

 

3) Pushover analysis using {P1Y} and {P2Y} until the equivalent displacement D
*
 calculated by 

Eq. (18) reaches D1Y*MAX obtained from STEP 3 (Pushover-1Y, Pushover-2Y, respectively). 
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4) Determination of the drift demand by the envelope of (a) Pushover-1X and 2X obtained 

from 2) and (b) Pushover-1Y and 2Y obtained from 3). 

The value of γ is a key parameter to predict the drift at each frame. If A2X
*
 equals to zero when 

A1Y
*
MAX occurs, γ is taken as 0.0, while if A1Y

*
MAX and A2X

*
MAX occurs simultaneously, γ is taken as 1.0. 

In this study, γ = 0.0, 0.5 and 1.0 are studied. 

 

 

5. ANALYSIS RESULTS 

 

Figure 5 shows the comparisons of the maximum drift at each frame obtained from time-history 

analysis of MDOF models (mean value of the 12 analyses, and mean + standard deviation are shown) 

and the proposed procedure. This figure shows that in case of γ = 0.5, the proposed procedure can 

estimate the drift at each frame satisfactory. However, in case of γ = 0.0, the torsional response is 

underestimated and therefore the drift at stiff side (Frame X1) is overestimated and the drift at frame 

Y1 are underestimated, while in case of γ = 1.0, the torsional response is overestimated and therefore 

the drift at stiff side is underestimated and the drift at flexible side (frame X6 for Model-A series, and 

frame X4 for Model-B series, respectively) and frame Y1 are significantly overestimated. Therefore 

the proposed procedure with γ = 0.5 provides the most reasonable predictions in three cases. 
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6. CONCLUSIONS 

 

In this paper, a simplified procedure for single-story asymmetric buildings subjected to 

bi-directional ground motion is proposed, and the results obtained by the proposed procedure are 

compared with the results obtained by the nonlinear dynamic analysis. The results show that the 

nonlinear response of asymmetric buildings subjected to bi-directional ground motion can be 

satisfactorily estimated by the simplified procedure proposed in this study. 
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Figure 5 Prediction of the Maximum Drift at Each Frame 

- 111 -



 

 

 

 

An Experimental Study on Influence of Mullion-type Wall of Predominant 

Bending Failure in Reinforced Concrete Frame 
 

 

Hisato HOTTA
1) 

and Takuya TSUNODA
2) 

 

 
1)Assoc.Prof.,Graduate School of Science and Engineering,Tokyo Institute of Technology,Dr.Eng 

2)Graduate Student,Graduate School of Science and Engineering,Tokyo Institute of Technology 

hotta@arch.titech.ac.jp,ttsund2@arch.titech.ac.jp 

 

 

Abstract: Mullion-type walls, which are not regarded as structural elements in general,  joined to RC 

frames may raise horizontal load-carrying capacity of the structure. However there is some probability 

that the axial elongation of them after their yielding due to bending moment has a bad influence on a 

behavior of RC frames. In this paper, one eighth scale two story and three story specimens were made 

and tested. Those consist of 1 span RC frame and the mullion-type walls at every story. The 

conclusions are as follows. The mullion-type wall elongates axially in each story after it yields due to 

bending moment, and the beams connected with the walls at the upper story are forcibly and more 

conspicuously deformed by the elongation of the walls. Consequently the rotation angle of the upper 

beams is about one and a half times as large as the drift angle. Experimental horizontal load-carrying 

capacity corresponds to the value calculated as the elongation produces plastic hinge in beams. These 

verification indicates that the mullion-type wall joined to RC frame raises horizontal load-carrying 

capacity unless the elongation causes brittle failure of beams. 

 

 

1. INTRODUCTION 

 

Continuous mullion-type walls are very popular as exterior walls of structures for 

condominiums in Japan. In general, they are not regarded as structural elements, because they do 

not satisfy the requirements for bearing walls, and their existence are ignored in structural 

calculation. However, if slightly, they have a certain lateral stiffness and strength, therefore, they 

have some influence on the behavior of the structure in which they are installed. They may raise 

the ultimate lateral strength of the structure. On the other hand, they will yield due to bending 

moment at both the ends and will axially extend after yielding. The end moment and the 

elongation of them may have bad influence on the behavior of main structure. Nowadays, under 

performance-based design, it becomes more important to fully grasp load-displacement curves of 

the structure including inelastic region. The purpose of this paper is to show the influences above 

mentioned through an empirical examination. 

 

 

2. OUTLINE OF THE EXIPERIMENT 

 

2.1  Specimens 

Two specimens, one of which was 1 span-2 story plain frame(MW2) and the other was 1 

span-3 story one(MW3), were made and tested. As shown in Fig.1, both of them were about 1/8 
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age Compressive Strength(MPa) Tensile strength(MPa) Young's modulus(MPa×10
4
)

28 29.1 2.81 2.67

45 30.7 2.86 2.60

Table3  Mechanical Characteristics of the Concrete 

Yield Strength(MPa) Tensile strength(MPa) Young's modulus(MPa×10
4
)

D6 374 486 18.2

3φ 500 616 18.7

Table2  Mechanical Characteristics of the Reinforcements 

Figure2  Sections of members(unit:mm) 
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scale models of actual structures. They had the story height of 40cm and the span of 80cm, and a 

continuous mullion-type wall was installed at the center of the span. The dimensions of the 

columns, the beams and the wall are indicated in Fig.2. Their reinforcements are indicated in 

Table 1. Longitudinal reinforcements were deformed bars with the nominal diameter of 6mm and 

shear reinforcements were round bars with the diameter of 3mm. The beams and the walls were 

strengthened laterally almost until the limit of strengthening as shown in Table 1. The center hole 

of the column is for PC bar provided to induce axial force. Mechanical characteristics of the 

reinforcements and the concrete are indicated in Tables 2 and 3. 

  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Longitudinal Reinforcing Bars Hoop Reinforcing Bars

beam D6(2.6%) 3φ @25(1.1%)

column D6(1.6%) 3φ @30(0.53%)

wall D6(1.8%) 3φ @30(1.5%)

Table1  Reinforcement  
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2.2   Loading setup and method of loading 

 The specimens were fastened to the basement by 16 PC bars at the center of the loading 

frame, as shown in Fig.3. A constant axial force equivalent to 0.2bDσB was loaded to both the 

columns by two center-hole jacks set under the specimen and PC bars piercing the columns 

vertically. The top of the specimen was horizontally pulled and pushed with the same forces by 

the upper two oil jacks, and the lower ones were to load reacting forces. By means of them, the 

PC bars to fasten the specimen did not share the lateral reacting force at all. 

Cyclic loading test was carried out under controlling the story drift angle of the first story. 

The controlled drift angles were positive and negative 0.005rad, 0.01rad, 0.02rad, 0.04rad 

0.06rad and positive 0.08rad. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

3. TESTING RESULTS 

 

3.1   Load-displacement curves and development of cracking and destruction  

Relationships between the lateral load and the story drift angle of the first story are indicated 

in Fig.4. In the figure, broken lines stand for the strength calculated neglecting the existence of 

the walls. The maximum strength of the specimen MW2 was 31.1kN at the drift angle of 0.02rad, 

and that of the specimen MW3 was 28.1kN at the drift angle of 0.018rad. They significantly 

exceeded the calculated ones. Until the drift angle when the specimens showed the maximum 

strength, all the ends of the beams and the walls were yielded due to bending. As for the columns, 

the yielding was recognized at only bottom ends of the first story columns. Crack distributions of 

both the specimens at the drift angle of 0.02rad are illustrated in Fig.5. At that time, many 

flexural cracks were observed in the beams and the walls, and many shear cracks were observed 

in the beam-column joint and the beam-wall joint, however, there were no cracks inducing brittle 

failure in the members. After they showed the maximum strength, both ends of the walls were 

crushed, and the strength degraded gradually. However, the strength exceeded the ultimate lateral 

strength calculated neglecting the existence of the walls until the drift angle of 0.04rad. Crack 

distributions at the drift angle of 0.06rad are shown in Fig.6. As for the specimen MW3, the top 

end of the top wall was fatally crushed and deformed to out-of-plain at 0.04rad, and the plastic 

hinge was observed at the bottom ends of the second story columns. 

 

 

Figure3  Loading Setup  

center-hole jack 

oil jack 

load1 load2 

load2 load1

load1=load2 
constant axial force

PC bar
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Figure4  Relationships Between the Lateral Load and the Story Drift Angle of the First Story 

Figure6  Crack Distribution(0.06rad)  Figure5  Crack Distribution(0.02rad)  

Figure7   The Apparatus to Measure the Nodal Displacements 
MW2 MW3 

 

 

 

 

 

 

  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

3.2  Two dimensional deformation of the specimens 

An apparatus to measure the nodal displacements as illustrated in Fig.7 was set at one side 

of the specimens, and two dimensional shape of the grids consisted of the horizontal members 

and the vertical ones was calculated by means of the least squares method. The results are 

illustrated in Fig.8. In the figure, the displacement is enlarged 10 times as large as the actual one.  

The story drift angles of every story was almost same as each other until the drift angle was 

0.02rad, however, after that, the angle at the upper story became larger than that at the lowest 

story. Some elongation of the mullion-type walls began to be observed at about 0.02rad, and it 

became significant gradually. The beams were enforced to deform upward at the beam-wall joint 

due to the elongation of the walls. 
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Figure8   Two Demensional Diformation 
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3.3  Elongation of mullion-type walls and its influence on beams 

How the difference between the vertical displacement of the column and that of the wall at 

the top of the specimens developed are shown in Fig.9. This figure shows that the walls extend 

before they yield. The difference declined at 0.06rad as for the specimen MW2 and at 0.04rad as 

for the specimen MW3. The walls in the upper story were crushed at those angles and they 

finished to play a role of bearing the lateral load. 

 The member angles of the beams to the connected columns are compared with the drift 

angle of the first story in Fig.10. If the drift angles of the whole stories are the same and the 

members do not extend axially, both the angles ought to be equal. However, the member angle of 

the beam in the top story of the specimen MW2 was 0.031rad and that of the specimen MW3 was 

0.035 when the drift angle was 0.02rad. That indicates the beams are required to be more 

strengthened laterally so as to deform with ductility until larger deformation in the case that the 

deformation capacity of the structure is expected to be 0.02rad 
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Figure10  Relationship Between the Member Angle of the Beams

to the Connected Columns and the Drift Angle of the First Story  
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Figure9  The Difference between the Vertical Displacement of

the Column and that of the Wall at the Top of the Specimens  

 

 

  

  

  

 

 

 

 

 

 

 

 

 

  

   

  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

4. EVALUATION OF THE ULTIMATE LATERAL STRENGTH 

 

The ultimate lateral strengths of the specimens are calculated under the following 3 cases, 

and they are compared with the experimental results. 

Case 1: in the case of neglecting the existence of the mullion-type walls. 

Case 2: in the case of neglecting the elongation of the walls. 

Case 3: in the case of considering the elongation of the walls. 

As for the above cases, collapse mechanisms are illustrated in Fig.11. In the case of 

considering the elongation of the walls, the situation of Case 2 is not the ultimate state. In this 

case, plastic hinges occur at one end of the beams connected to the walls as shown in the figure, 
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Table4  The Calculated Ultimate Strength and the

Experimental One  

Exiperimental value Case1 Case2 Case3

MW2(kN) 31.1 19.2 27.0 30.2

MW3(kN) 28.1 16.3 24.3 28.0

Figure11  Collapse Mechanisms 

Case1 Case2 Case3 

because the elongation of the walls forcibly deform the beams. 

 The calculated ultimate strengths are compared with the experimental one in Table 4. It is 

confirmed that the ultimate strength of the frame with continuous mullion-type walls can be 

evaluated to be the calculated one in the case 3 in 2 or 3 story frames, when the members exhibit 

ductile behaviors. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

5. CONCLUSIONS 

 

1) In the case beams and walls are sufficiently strengthened against shear force and their ductile 

behaviors are warranted, the ultimate lateral strength of frames with mullion-type walls are 

estimated by the calculated one considering elongation of the walls. 

2) However, beams are required to be strengthened laterally considering not only the existence 

of mullion-type walls but also that the beams are more deformed due to the elongation of the 

walls. 
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Abstract:  This paper presents results of the experiment to certify the mechanical behaviors of the frame 
structures by precast-prestressed concrete with MILD-PRESS-JOINT. The specimen is cruciform model of 
prototype frame with MILD-PRESS-JOINT. The beam and column members precast-prestressed concrete are 
connected by prestressing strand that go through the beam and column, and anchored at the end of beam. 
Specimens have following parameter, with or without corbel of column and strand arrangement. The following 
conclusions were drawn from the study where partial frame experiments were conducted using prestressing strands 
and verification was obtained by comparison with RC frames. 1) The frame using the PC Mild Press Joint has 
extremely small residual deformation showed high restoration capability. 2) Damage was limited to the part near 
the beam column interface. Damage could be controlled.

1.  INTRODUCTION 

1.1 Background and Purpose of Study 
In the light of depleting natural energy resources, global environmental issues, etc. there are 

important issues in future seismic design for rarely occurring large earthquake ground motions. It will 
be necessary not only to avoid building collapse and to protect human lives, but also to determine 
post-earthquake building damage, to minimize such damage and to continue using the buildings. 

A PC Mild Press Joint 1) has been used to control damage to concrete structures during earthquakes.  
This joint press binds prestressed concrete columns and beams. It thus controls damage by limiting 
cracks and utilizing the characteristics of origin-restoration capability, etc. It is expected to be effective 
in future seismic designs. However, there have been almost no experimental studies on PC Mild Press 
Joints. Thus, full understanding has not been gained on their mechanical characteristics. The purpose 
of this study is to clarify the mechanical characteristics of the frames using PC Mild Press Joints. 

1.2  Overview of PC Mild Press Joint Method 
The columns and beams are assembled with high quality precast and prestressed concrete 

members (Fc>50N/mm2) using the PC Mild Press Joint method. The members are press-bound and 
integrated using prestressing steel (prestressing strands) for jointing. The prestress force introduced for 
the press binding is set at 50% of the nominal yield strength of prestressing strand (Py). Conceptual 
skeleton curves of the frame for prestress forces 0.75Py, 0.5Py and 0.25Py are shown in Figure 1. The 
PC Mild Press Joint method practices the control by setting the prestress force introduced to 
prestressing steel at 0.5Py, as shown in Figure 1. Control is attained so as not to cause yield of the 
prestressing strands, as shown in the 0.75Py case, or excess deformation, as shown in the 0.25Py case, 
at maximum strength until the targeted story deformation angle (R = 1/75 rad) is reached. 

- 119 -

First International Conference on Urban Earthquake Engineering 

March 8-9, 2004, Tokyo Institute of Technology, Tokyo, Japan 

 



2. EXPERIMENT PROGRAM Story shear force Q
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2.1  Specimen 
The specimen configurations and bar 

arrangement details are shown in Figure 2. 
The specimen parameters and material
characteristics are shown in Table 1. 
Specimen Series I were beam yield 
preceding type. Specimen Series II suffered
larger shear force in the joint panel. Both 
Series I and Series II were of two kinds, i.e.
a partial frame using PC Mild Press Joint
(hereinafter called PC specimen) and an
RC-structured partial frame (hereinafter 
called RC specimen). Settings for beam
shear span-to-depth ratio 3.0 and column 
shear span-to-depth ratio 2.2 were made
common for all the test pieces. In each PC 
specimen, prestressing strands were placed 
in two rows on the beam cross-section and
the main beam bars (normal reinforcing
bars) did not penetrate the joint panel. Series 
I and II has one RC specimen, respectively.
The beam flexural strengths of each of them 
were made the same as those of the PC 
specimen in Series I and II. Column flexural 

Figure 1 Conceptual Skeleton Curve of The Frame for Various
Level of Prestress Forces 

Figure 2 Specimen ( PC-42-C-90)

Figure 3 Loading Apparatus and Loading Cycle

strengths of all specimens were made about 
1.4 times the beam flexural strength. The
ration of shear strength to flexural strength 
of the beams and column was about 1.7. 

2.2  Experiment Method
The loading apparatus and loading cycle

are shown in Figure 3. A shear force was
applied to the right and left beams using two 
hydraulic of 490 kN jacks, as shown in 
Figure 3. The vertical displacements at the 
loading point were controlled keeping the 
same when the shear force was applied.
Increasing cyclic loading was carried out 
according to the loading cycle shown in 
Figure 3. An axial force of about 745 kN 
(axial force ratio = 0.08 [Fc: 90 N/mm2],
=0.15 [Fc: 50 N/mm2]) was applied to the
column using an unbonded prestressing rod 
built into the column member.

The Jack load, displacement, strain of 
the steel member and crack width were 
measured. The widths of cracks across the 
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Figure 6 Strain of Shear
Reinforcement in Joint Panel
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Peak Point of Each Cycle 

Figure 8 Summation of Residual Crack
Width
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3.3 Studies on Strength of Joint 
To study the strength of the joint, the shear crack strength ex cr of the joint during the experiments

was first estimated. ex cr was obtained from Equation (1). Vjcr is the shear force input to the joint when 
the crack first occurs at the joint, as obtained from Equation (2). The tensile force was obtained from 
Equation (3). The shear crack strength of the joint of the RC specimen was obtained from Equation 
(4).

jj

jcr
crex Db

V
(1)

cjcr VTV 2 (2)

ttcrRC ff 0

2 (3)

j

aQ

j

M
T bb (4)

where [bj: Effective joint width, Dj: Column height, T: Tensile force of prestressing steel or tensile
force of normal reinforcing bar, Vc: Column shear force (story shear force), Mb: Moment of beam end, 
Qb: Beam shear force, a: Shear span, j: Distance between tension and compression resultants (= 7/8 d,
d: Effective depth), ft: Tensile strength of concrete, 0: Column axial stress]

ex cr obtained from Equation (1) and RC cr obtained from Equation (4) are shown with solid lines in 
Figure 9. ex cr and Equation (4) were compared. RC33-50 (△) and RC55-50(◆) showed general 
matching with Equation (4). However, ex cr of all PC specimens became larger than that from Equation
(4). Shear crack strength in the PC specimens was evaluated using PC cr, showing that the shear crack 
strength incorporated the beam prestress. PC cr was obtained from Equation (5). 

ptptcrPC ff ')'( 00

2 (5)

[ft: Tensile strength of concrete, 0’: Axial stress of column taking into account the column prestress, 
p: Stress due to beam prestress (Series I: p = 4.02N/mm2, Series II: p = 7.61N/mm2)]
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Figure 9 Shear Crack Strength Figure 10 Shear Strength

Shear crack strength PC cr calculated from Equation (5) is shown with a dashed line in Figure 9. 
ex cr of the PC specimen was compared with that from Equation (5). The experimental results showed
general agreement with the calculated results from Equation (5).
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Next, the joint strength was investigated for the specimens where joint failure occurred. The joint
strength during the experiments was obtained from Equation (6). Vjmax is the maximum shear force
input to the joint during the experiments. It is obtained using the same method as used for Vjcr. The
joint shear strength was obtained from Equation (7).

jj

j
jex Db

V
F max (6)

(7)7.08.0 BjF

[ : Shape factor of joint (  = 1.0), : Correction factor due to whether there are orthotropic beams or 
not ( = 0.85), B: Compressive strength of concrete] 

Experimental results complied with Equation (6) and Fj estimated from Equation (7) are shown in 
Figure 10. The experimental and calculated results were compared. RC55-50 showed agreement with 
Equation (7). However, the PC55-C-50 results were about 20% larger, exceeding the joint shear
strength. The equation of joint strength where it is assumed that beam prestress force should bear part 
of shear strength input to the joint is defined by Equation (8). 

jj

ini
BjPC Db

P
F 7.08.0 (8)

[ : Correction factor due to beam prestress, Pini: Initial prestressing force]
Results obtained when  = 0.4 in Equation (8) are shown with a dashed line in Figure 10. Good 

agreement was seen in the results obtained from Equation (8) and those of PC55-C-50 where the shear 
reinforcing bar at the joint reached yield. Only one PC specimen reached shear failure. The conditions
of the damaged joint of the other PC specimens showed that the joint had larger strength than
estimated from Equation (7). About a 40% Increase from the initial anchoring force was expected. 
Accumulation of further experimental data is necessary in the future.

4.  MODELING OF ENVELOPE

The Q – R relationship envelope for the frame using PC Mild Press Joint was modeled. It was 
assumed that the envelope moved to secondary rigidity during release of the initial press binding and it 
should become tri-linear when the rigidity became zero when the frame reached yield. The first 
inflection point in the envelope was shown to be at the intersection of the initial rigidity and the 
moment when release of press binding occurred. The initial rigidity was calculated taking into account
only bending deformation, assuming the rigidity region specified in RC standard2) in the beam/column
joint at the cross-shaped part of the frame. The moment at press binding release (the first inflection 
point in the envelope) M1 was calculated from Equation (9). This is the moment when a force
equivalent to the initial force was applied to the tensile side of the prestressing strand. M1 was
converted to the story shear force Q1.

jAEAEjTM pcpcpptptp )(1 jAEAE pcpcpptpinip )( (9)

1
1

M L
Q

a H
(10)

 [Apt : Cross-sectional area of tensile side of prestressing strand, Apc : Cross-sectional area of 
compression side of prestressing strand, Ep : Young’s modulus of prestressing strand,  pt.: Strain of 
tensile side of prestressing strand,  pc.: Strain of compressive side of prestressing strand, j: Distance
between tension and compression resultants,  pini: Initial strain of prestressing strand at the time of 
anchoring, a: Shear span, L: Beam span, H: Elevation between stories] 
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 pc was obtained by applying Popovics’ Equation3) for the stress - strain relationship of the 
concrete and from the cross-sectional analysis using Navier’s hypothesis taking into account  pini.
Next, the second inflection point in the envelope was obtained. It was assumed that the strain in the
tensile side prestressing strand was the strain for 90% of the load against 0.2% permanent elongation 
in the tensile test for the prestressing strand. The moment M2 at the second inflection point in the 
envelope was calculated by setting  pt =  pini +  p =  0.9 in Equation (9). Story drift angle at the 
second inflection point R2 in the envelope was obtained from Equation (12) where the rotational angle
of the press joint was obtained from Equation (11). It was judged that Equation (12) could be applied 
to the frames using the PC Mild Press Joints. This is because the deformation due to the rotational
angle of the press joint occupied almost 100% of the story drift angle for the region larger than R
=1/100 rad. Also, 2 as an extracted quantity of prestressing strand was obtained from Equation (13) 

2
2  (11)

L

a
R

)(2 2
2 (12)

xp ldxx)(22 (13)

[ : Distance from the neutral axis to the tensile side prestressing strand, 2: Extract quantity of 
prestressing strand,  p : Incremental strain of prestressing strand on the beam column interface]

It was assumed that strain used for the extract quantity of prestressing strand 2 was in the 
symmetrical triangle distribution having a beam column interface at the center, as shown in the lower
part of Figure 11. Results of the bond tests4) carried out for the prestressing strands used in the 
experiments were reviewed for the strain distribution. The bond length lx was defined by Equation 
(14).

ave

ppp

x

AE
l (14)

[ ave : ave = 1.43 N/mm2 from the average bond stress of the prestressing strand and grout material
(Bond test 4)),  : Periphery of prestressing strand surface (= 53.34 mm) ] 

Results obtained from the method employed in this study are shown by a bold solid line in Figure 
12. As a result, it can be generally concluded that the method can model the envelope. 
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Figure 11 Strains of PC Strands and Bond Slip Displacement
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Figure 12 Experiment Results and Tri-Linear Envelope

5.  CONCLUSIONS 

The following conclusions were drawn from the study where partial frame experiments were 
conducted using prestressing strands and verification was obtained by comparison with RC frames.
1) Hysteresis characteristics of the frame using the PC Mild Press Joint were noted. Extremely small 

residual deformation showed high restoration capability.
2) Damage was limited to the part near the beam column interface. Damage could be controlled.
3) Shear crack strength of the joint could be evaluated by taking into account the beam prestress.
4) Increase in shear strength of the joint by about 40% of the initial anchoring force can be expected 

for the current specimens.
5) Envelope of rigidity and strength of the frames with PC Mild Press joints could be modeled using 

the proposed method.
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Abstract:  Due to the recent earthquakes in the U.S. and Japan, many modern buildings ceased functioning 

and required costly structural and nonstructural repairs, although they successfully protected the lives of the 

occupants. Because of these, most major buildings constructed after the earthquakes utilize either 

passive-control scheme or base-isolation scheme in order to better protect the building and its contents. This 

paper addresses current status of passive control technology being implemented in Japan. Four major groups 

of dampers and their basic mechanisms are discussed. Three groups of frames are explained, referring to 

different connection schemes and deformation lags between the frame and damper. A unified approach to 

assess effectiveness of various dampers and frames will be presented. 

 

 

 

1.  INTRODUCTION 

 

Passive control scheme has established its status as a viable means to enhance seismic 

performance of buildings (JSSI 2003, JSCA 2000). In this scheme, the damper connected to the 

structural frame dissipates the seismic input energy, thereby reducing the kinetic energy and vibration 

of the building. Japanese desire for adopting this scheme has increased considerably, especially after 

the recent earthquakes caused serious socio-economical problems in the metropolitan areas of the 

United States (Northridge) and Japan (Kobe). Due to these earthquakes, many modern buildings 

ceased functioning and required costly structural and nonstructural repairs, although they successfully 

protected the lives of the occupants. Because of these, a number of Japanese major buildings 

constructed after the earthquakes utilize the passive control scheme to better protect buildings and 

their contents. The number of such buildings increased to about three hundred in the year of 2002, and 

has been growing rapidly in Japan (e.g., JSCA 2000).  

Considering the above circumstances, the writer has been conducting research into various issues 

for producing passively controlled buildings of high reliability and performance. The writer was also 

involved in development of design and construction manual of such buildings, leading the Response 

Control Committee, Japan Society of Seismic Isolation (JSSI). This so-called “JSSI manual” was 

published recently (JSSI 2003), and refers to mechanism, design, fabrication, testing, quality control, 

analytical modeling of dampers, as well as design, construction, and analysis of passively controlled 

buildings. It was developed by more than 50 members who are university researchers, structural 

designers, and engineers from about twenty damper manufacturing companies.  

This paper describes current status of the Japanese passive control technology, including overview 

of the writer’s research (Kasai et al. 1998-2004) and committee’s accomplishments (JSSI 2003). Some 

of the issues abovementioned are not included in this paper due to page limitation. Such issues are 

described in detail in the JSSI Manual (2003).  
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2.  MAJOR DAMPER TYPES 

 

Numerous dampers are being produced and developed in Japan, and they are categorized into four 

types; oil damper, viscous damper, viscoelastic damper, and steel damper, as shown in Fig. 1. 

Viscous damper produces the hysteresis loop of combined ellipse and rectangle. The material used 

is polymer liquid, and its resistance against flow produces the damper force. The damper possesses 

configurations of vertical panel, box, or cylinder (Furukawa et al. 2002, JSSI 2003) .  

Oil damper produces the hysteresis loop of ellipse. The material used therein is oil, and its 

resistance against flow at orifice produces the damper force. The damper possesses the configurations 

of cylinder, and it is usually provided with a relief mechanism that prevents increase in force, making 

the hysteresis like a rectangle shape (Tsuyuki et al. 2002, JSSI 2003). 

Viscoelastic damper produces the hysteresis loop of inclined ellipse. In some material, the 

hysteresis is close to bilinear especially when it is under large deformation. The material used is 

polymer composite of acryl, butadiene, silicon, or others, and resistance against loading is produced 

from the molecular motion. Typical damper has configurations of vertical panel or tube, but it could be 

designed for many other configurations as well (Okuma et al. 2002, JSSI 2003). 

Steel damper produces bi-linear hysteresis. The material is steel, but those using lead or friction 

pad can exhibit similar behavior. These materials produce elasto-plastic resistance due to yielding or 

slipping. Typical damper has configuration of vertical panel or tube, but it could be designed for many 

other configurations as well. This damper is the least expensive among the four types (Nakata .2002, 

JSSI 2003)  

 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

 

 
 
3.  MAJOR FRAME TYPES 
 

Figure 2 shows various frame types being used in Japan. The frame types are categorized into 

directly connected system, indirectly connected system, and special system. More systems are 

expected to appear in the near future, having better control performance and architecturally superior 

configurations.  

Figure 1  Major Damper Types 
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Directly connected system is wall type, brace type, or shear link type. In such a system, the ends 

of the combined damper and relatively stiff supporting member are connected to the upper and lower 

floor levels. In other words, the damper is effective in directly controlling the drifts of the frame.  

Indirectly connected system is stud type, bracket type, or connector type. In such a system, both 

ends of the damper are connected to the beams and columns that could deform locally and absorb a 

portion of the deformations that otherwise could be imposed to the damper. Thus, the damper is 

generally less effective than those of the directly connected system mentioned above (Kasai and Jodai 

2002). However, since the system has an advantage of offering greater freedom for architectural 

planning, it has been much favored currently by the structural engineers and architects in Japan.  

Special system considered herein is either column type or beam type. In such a system, the damper 

is inserted into intentionally disconnected zone of a beam or a column, and becomes a part of those 

members. Thus, it does not create any obstacle in the floor plan, but its control effectiveness depends 

on how rigid the rest of the frame is. Similarly to the indirectly connected system, the frame must be 

very stiff such that the deformation takes a place in the damper. Kanada et al. (2002) for instance 

described a real application of the column type, which turned out to be very effective in controlling 

both displacements and forces including uplift force of the foundation.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

 
 
4.  UNIFIED MODELING OF VARIOUS SYSTEMS FOR DESIGN 
 
4.1  Model Idealization 

Previous chapters described 4 types of dampers and 8 different frames. About 20 combinations of 

the dampers and frames are used currently in Japan (Kibayashi et al. 2002, JSSI 2003). More 

combinations are expected, since new dampers and/or frames are being developed in Japan. Thus, it is 

important to develop common methodology that evaluates various passive control systems having 

different dampers and frames. Such methodology would enable engineers to understand and directly 

compare control mechanisms, performance ranges, and element interactions of various systems.  

Pursuant to these, the writer proposed a common model to represent properties and characteristics 

of various passive control systems (e.g., Kasai et al. 1998, Kasai and Okuma 2001b, Kasai et al. 

2003c). Figure 3 shows an example, where two distinct systems, directly- and indirectly-connected 

Figure 2  Major Frame Types 
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systems (Chapter 3), are commonly considered as an equivalent SDOF (single-degree-of-freedom) 

system. The SDOF system consists of damper and supporting member (e.g., brace) connected in series, 

as well as a frame connected to these components. 

As depicted by Figure 3(b), the parameters affecting control are the mass, elastic stiffness of the 

frame and brace, and damping and stiffness of the damper. As a general term, “added component” is 

defined for the damper and brace connected in series. In this component, the brace deformation can 

reduce the damper deformation, and consequently energy dissipation. Hence, appropriate modeling of 

the added component is an essential step toward correct performance evaluation. 

 
 
 
 
 
 
 
 
 
 
 
  

l 

 

Figure 4 shows four added components containing different dampers. The brace is considered to 

be elastic and its stiffness is defines as Kb. Following comments are given for each added component: 

(a) Energy dissipater of steel damper is expressed by an elasto-plastic spring, and its elastic stiffness is 

defined as Kd. Added component elastic stiffness Ka is expressed simply by Kd and Kb only. 

(b) Energy dissipater of oil damper is expressed by a bilinear dashpot, and its viscous coefficient Cd 

switches between high and low values when the “relief load” (Chapter 2) is exceeded. The damper 

also has elastic stiffness Kd , due to compressive modulus of the oil.  Thus, equivalent brace 

stiffness Kb*, putting Kd and Kb together, is sometimes used for the ease of modeling. 
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Figure 3  (a) Example Configurations of Passive Control Systems, and (b) Common SDOF Model  
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(c) Energy dissipater of viscoelastic damper is expressed by a dashpot and a spring connected in 

parallel. Their viscous coefficient Cd and elastic stiffness Kd, respectively, depend on the excitation 

frequencies. This added component, unlike others, includes parallel elements, and the brace having 

elastic stiffness Kb is the only element attached in series. 

(d) Energy dissipater of viscous damper is expressed by a nonlinear dashpot. The dashpot force equals 

the viscous coefficient Cd times the fractional power of the velocity. Like the oil damper, it has 

elastic stiffness Kd due to compressive modulus of the viscous polymer liquid, and equivalent 

brace stiffness Kb*, putting Kd and Kb together, is sometimes used for the ease of modeling. 

Except for a case using steel damper, each of stiffness and damping properties of the added component 

is expressed by Kd , Kb , Cd , and excitation frequencies.  

 
4.2  Hysteretic Characteristics of Passive Control Systems 

Figure 5 shows hysteresis curves of the energy dissipater, added component, and system (including 

frame), for the cases using four different dampers. Sinusoidal deformation of a given peak deformation 

magnitude is imposed to each, and the figure plots the steady-state responses. 

Note the black dot (●) indicating the point of peak deformation, where the “storage stiffness”, or 

so-called equivalent stiffness, is defined as the corresponding force divided by the deformation. 

Likewise, “loss stiffness” is defined as the force at the white dot (○) divided by the peak deformation. 

From now on, the storage stiffness Kd’, Ka’, and K’, the loss stiffness Kd”, Ka”, and K” will be 

considered for the energy dissipater, added component, and system, respectively. 

These stiffnesses can be mathematically expressed in terms of Kd , Kb , Cd , and excitation 

frequencies mentioned in Section 4.1. Based on this, one can determine the forces at the peak and zero 

displacements, respectively, and subsequently the peak force, energy dissipated, deformation lag and 

magnitudes at each component, making evaluation of the control system possible. 

Energy dissipater of the viscous damper, when its force for instance is proportional to 0.4th power 

of velocity (Section 4.1), exhibits hysteresis of a rectangle shape with round corners. The force is 

relatively large at small deformation, resulting in almost rigid response of the dissipater. At large 

deformation, the force is almost bounded, preventing overstress of the damper, connections, and 

surrounding members. Added component deforms more and shows diametrically longer hystresis loop 

(Figure 5) because of the elastic springs (Figure 4), and develops non-zero storage stiffness unlike the 

dissipater. As for the system, its storage stiffness is sum of those of the added component and the 

frame due to their parallel combination, whereas the loss stiffness equals that of the added component, 

since the frame is considered to be elastic (Kasai et al. 2003c, JSSI 2003). 

Energy dissipater of the oil damper shows an elliptical hysteresis curve at small deformation and 

almost a rectangle shape at large deformation. It produces the force of a relatively high magnitude at 

small deformation, but it does not behave as rigid as the viscous damper mentioned above. The trends 

of storage and loss stiffnesses of the added component as well as system are similar to those observed 

from the case of viscous damper (JSSI 2003, Kasai and Nishimura 2004d). 

Energy dissipater of the viscoelastic damper, when it is a linear type as shown (Sec. 3.1), exhibits 

hysteresis of an inclined ellipse. Unlike the nonlinear dampers above, the shape of the hysteresis 

remains the same regardless of the peak deformation, which makes dissipater’s force unbounded and  

storage and loss stiffnesses constant. The hysteresis of the added component is more slender due to the 

spring attached (Figure 4), and the storage and loss stiffnesses are smaller than those of the dissipater. 

As for the system, its storage stiffness is sum of those of the added component and the frame, whereas 

the loss stiffness equals that of the added component (Kasai et al. 1998, Kasai and Okuma 2001b, 

2002a, JSSI 2003). 

The energy dissipater of the steel damper exhibits hysteresis of a parallelogram shape 

approximately. Refined modeling of the hysteresis and its dependency on the strain rate will be given 

in the near future. In contrast to the other dampers, the dissipater does not absorb energy during small 

deformation. At large deformation, it absorbs energy by yielding of the material, cumulating damage 
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to the material. Therefore, unlike the other dampers, effect of such damage must be considered when 

using this damper. This does not, however, prohibit the use of the steel damper, since it can sustain 

large number of inelastic cyclic excursions when adequately detailed, and it is inexpensive than other 

dampers. The trends of storage and loss stiffnesses of the added component and system are similar to 

those observed from the case of the viscous damper (Kasai et al. 1998, Kasai et al. 2003b, JSSI 2003). 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 
 
5.  PERFORMANCE CURVES AND DESIGN 
 
5.1  Use of Storage Stiffness and Loss Stiffness  

To date, design and performance prediction of passive control systems have typically been based 

on iterations involving extensive response time history analyses or equivalent static analyses using 

various types and sizes of dampers. The analysis methods are also different between the various 

systems; these make direct comparison of the systems difficult. Moreover, they offer limited 

information about the possible range of seismic performance variations and the complex interactions 

between the dampers, their supporting members, frame, seismic input, and response.  

Using mathematical expressions for the storage stiffness and the loss stiffness (Section. 4.2), the 

writer developed formulas to evaluate dynamic properties and responses for different dampers and 

systems. Based on this and using idealized seismic response spectra, the writer also proposed a method 

to commonly express the seismic peak responses of systems and local members by a continuous 

function of the structural and seismic parameters. The method promotes understanding of the 

commonalities and differences between various systems having distinct energy dissipation 

mechanisms. It requires only simple calculations, and its prediction agrees well with the results of the 

extensive multi-degree-of-freedom dynamic analyses performed.  

Figure 6 shows examples for evaluating multi-story passive control systems using the four types of 
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Figure 5  Steady-State Responses of Energy Dissipaters, Added Components, and Systems 

for 4 Different Dampers and 3 Different Peak Deformations 
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dampers mentioned in Chapters 2 and 4. The curves are named as performance curves which model 

buildings as an equivalent SDOF system explained in Sec. 3.1. The curves show both displacement 

reduction ratio Rd and force (or acceleration) reduction ratio Ra that are defined as the values of the 

peak responses normalized to those having no dampers (e.g., Kasai et al. 1998, JSSI 2003). In these 

examples, pseudo-velocity response spectrum is assumed to be constant over different periods, as 

often considered when designing moderate to tall buildings. The response reduction ratios appear to 

vary widely, depending on balance among the frame, the damper, and the supporting member such as 

a brace. Note the following for each figure:  

(a) When using steel dampers, Ka/Kf and µ govern the response reduction. The former is a ratio of the 

added component elastic stiffness to the frame elastic stiffness, and the latter is a ductility ratio of 

the system.  

(b) When using oil dampers, Kd1” /Kf and Kb/Kf govern the response reduction. The former is a ratio of 

the dissipater loss stiffness (defined when peak force is below the relief load) to the frame elastic 

stiffness, and the latter is a ratio of the brace elastic stiffness to the frame elastic stiffness. Relief 

load of the dissipater (Section 4.1) is already set optimum in the curves. 

(c) When using viscoelastic dampers, Kd”/Kf and Kb/Kf govern the response reduction. The former is a 

ratio of the dissipater loss stiffness to the frame elastic stiffness, and the latter is a ratio of the brace 

elastic stiffness to the frame elastic stiffness.  
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(d) When using viscous dampers, Kd”/Kf and Kb*/Kf govern the response reduction. The former is a 

ratio of the dissipater loss stiffness to the frame elastic stiffness, and the latter is a ratio of the 

equivalent spring stiffness to the frame elastic stiffness. The equivalent spring stiffness is obtained 

from the damper elastic stiffness and brace elastic stiffness (Figure 4). The curves plotted in Figure 

6 are for a case where dissipater force is proportional to 0.4th power of velocity.  

Figure 6 enables the users to quickly evaluate response reduction: To a certain extent, larger damper 

leads to more reduction of displacement and force. However, excessively large damper appears to be 

ineffective for displacement control, and detrimental in force control, as observed from sharply rising 

curves. Figure 6 also shows decrease of control effectiveness by smaller brace stiffness: brace deforms 

more, and damper deformation as well as energy dissipation becomes smaller.  
 
5.2  Design of Passive Control Systems 

The performance curves (Figure 6) can be used effectively for determining necessary sizes of 

damper and brace for the required performance. For instance, given an earthquake input of a smooth 

response spectrum, the peak displacement and base shear of the frame prior to damper installment can 

be predicted easily from the response spectrum. Then, one can estimate target reduction ratios of 

displacement and base shear based on the required performance. Considering the target reduction 

ratios and the performance curve, one can determine the necessary stiffness of the damper and brace. 

Optimum design solution to control both displacement and force can also be found from the 

performance curve. 

This design result for the SDOF system (Figure 3) can be equally applied to sizing of the dampers 

in the multistory case as well. That is, one could size the damper and brace such that the ratios of their 

stiffnesses to the frame story stiffness satisfy the ratios determined from the SDOF approach explained 

above. When modeling the MDOF frame by the SDOF system, one could use the first mode effective 

mass approximately equal to 0.8 times total mass for a regular building, and effective height based on 

the static deflected shape of the frame. 

Since the steel damper, viscoelastic damper, and some of the viscous dampers possess 

considerable storage stiffness, they could be used to tune the storage stiffness of the system at each 

story level.  This can result in the MDOF system having adequate overall storage stiffness 

distributions throughout the building height.  The technique is useful when the frame has undesirable 

stiffness distributions and tendency to suffer from concentration of deformation at particular story 

levels. It has been proved to assure relatively uniform story drift distributions in spite of the 

undesirable frame stiffness distributions (e.g., Kasai et al. 1998, JSSI 2003). 
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After completion of design, one can create a MDOF analytical model, and perform time-history 

analyses using appropriately selected ground motions. Analytical results will be used to confirm or 

make modifications in design. Fig. 5 summarizes the design procedures. Numerous examples and 

details for the design procedures are documented in the JSSI manual (2003).  

 

 
6.  TIME HISTORY ANALYSIS AND DISSEMINATION OF COMPUTER CODES  

 

In Japan, significant progress is being made in numerical modeling of the dampers (Figures 1, 4, 

and 5) for time-history analysis of passively controlled systems. However, the new models, in spite of 

enhanced accuracy and efficiency, have not necessarily been implemented into the computer programs 

of software companies or construction companies.  

The writer and JSSI members, therefore, intended to accelerate implementations, by publishing 

model algorithms and computer codes. This should lead to more reliable and fair assessment of the 

passive scheme, thereby promoting sound growth in the technology. In general, proposed analytical 

elements simulate the added components (Fig. 4) rather than dampers alone.  Such modeling is 

advantageous for reducing the degree of freedom as well as maintaining numerical stability. The 

following briefly describes the models, and detailed information can be found from the references. 

The element involving oil damper rests the viscous coefficient of energy dissipater to a small value 

when subjected to a large deformation rate, in order to simulate the relief mechanism explained in 

Section 4.1 (Takahasi and Sekiguchi 2002, JSSI 2003).  

The element involving viscous damper uses, unlike the oil damper above, a nonlinear dashpot 

whose force is a fractional power of deformation rate (Oohara and Kasai 2002, JSSI 2003) For some 

types possessing elastic stiffness, the model considers an in-series combination of the spring and the 

nonlinear dashpot (Sekiguchi and Takahashi 2002, JSSI 2003). The elastic stiffness may be a nonlinear 

function of the deformation. Sensitivity against temperature must be modeled for some types. 

The element involving viscoelastic damper could be either linear type, softening type, and 

stiffening type. Hysteresis loops of the three types show commonly an inclined ellipse at relatively 

small deformation, but they differ considerably at larger deformation. In order to simulate this and 

sensitivities against frequency and temperature, some models consist of in-series as well as parallel 

combinations of dashpots and springs (Kasai and Okuma 2001b, 2002a, JSSI 2003), and another 

model directly expresses the constitutive equation of the damper using fractional time-derivatives of 

the force and deformation (Kasai et al. 2001a, 2002e, 2003a, Ooki et al. 2002, JSSI 2003).  

The element involving steel damper is proposed by utilizing the constitutive equations of steel 

material readily known from the past research (Ono et al. 2002), in contrast to the typical Japanese 

model assuming purely bi-linear behavior. The analysis results must be cross-referenced to cumulative 

damage of the damper, since the damper is typically designed to yield under the small and frequent 

seismic loads.  Special model is developed for some dampers designed to a post-buckled range.   
 
 

7.  CONCLUSIONS 

 

Passive control scheme has established its status as a viable means to enhance seismic 

performance of buildings.  For the sake of further growth in this technology, it is necessary to 

promote understanding of the passive control schemes, as well as to create a uniform basis for 

assessment of the various stages to be followed during the design and construction process.  

Pursuant to this, the writer and JSSI Response Control Committee have formulated Design and 

Construction Manual for Passively-Controlled Buildings (JSSI 2003). The committee consists of more 

than fifty members who are the researchers from universities and research institutes, the designers 

from general construction companies and design offices, and the engineers from more than twenty 
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device manufacturing companies.  

Due to these efforts, various issues regarding Japanese passive control technology have been 

documented.  Such issues are mechanism, design, fabrication, testing, quality control, and analytical 

modeling of various passive control devices, as well as design, construction, and analysis of passively 

controlled buildings.  This paper has given brief overview of design and analysis part of the manual. 

More detailed information can be obtained from the writers’ papers as well as the Manual.  

Furthermore, the abovementioned issues not discussed in this paper are described in detail in the 

Manual.  
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1.  INTRODUCTION

In seismic area, plastic design with moment frames have been popular for long time, with the concept of
ductile characteristics led by plastic-hinges on bending beam ends. On the other hand, truss frame structures,
popularly used for long-span roofs or industrial facilities, had to be designed elastically against design loads,
because of less-ductile characteristics due to the axial member’s buckling. However, designing truss structures
elastically against large earthquake is not economic, not elegant in design, and remaining risks for fragile
collapse in the event of seismic level exceeding the design criteria.

  Recently, passively controlled buildings have become popular in Japan, and various types of passive
energy dissipation devices are put in practical use. Many of them are incorporated within moment frames,
achieving damage tolerant design, which keeps main structures in elastic even with great earthquake. The
same concept can be applied for truss frame structures by incorporate energy dissipation members in critical
positions, plasticize them firstly while other truss members are kept before buckling, and control entire structure
ductile (Fig.1). This design concept will enable truss frame structures to be slender, elegant, economic and
safe from buckling even in heavy seismic areas.

PASSIVE VIBRATION-CONTROL CONCEPT

FOR TRUSS FRAME STRUCTURES

T.Takeuchi1)

1) Associate Professor, Dept. of Architecture & Building Engineering , Tokyo Institute of Technology, Japan
ttoru@arch.titech.ac.jp

Figure 1. Damage Tolerant Concept for Truss Frame

Abstract:  Truss frame generally had to be designed elastically even against large seismic force, because
of fragile characteristics led by member buckling. In this paper, damage tolerant design for truss frame
structures using energy dissipation members in critical positions are discussed. Detailed designs for high-
rise rack warehouses and communication towers are studied and tested, followed by simple method for
evaluating the effect of these members.

△ △ △ △ △ △

Buckling
Energy Dissipation Member
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  In this paper, above design concept is applied to practical design of high-rise automatic rack warehouse and
communication tower using hysteretic energy-dissipation members, introducing their details and effects.

2.  APPLICATION FOR RACK WAREHOUSES

The high-rise automatic rack warehouse are composed of 52m high, 5 lines of 1.3m-2.6m wide trussed
structures connected each other at their top by horizontal beams (Fig.2). Each line of trusses is independent
between the ground level and the top to keep spaces for vertical cranes, the aspect ratios of each set of
trusses reaches 20 to 40. As diagonal braces stiffen the frames in longitudinal direction, this transverse direc-
tion is critical in strength and deflections. Walls are attached on the side trusses and roofs are on top beams,
the rack structure itself composes the warehouse frame. The critical members against horizontal forces are the
base-chords of the trusses, and buckling of these members lead to the collapse of entire structure. For the
sake of ductile design, these chords are replaced by Buckling-Restrained Columns (BRC; e.g. Unbonded
Braces), which perform as axial elasto-plastic dampers.

In this study, four types of truss structures as shown in Figure 2 are studied.
Type-A: Normal truss structure whose bases are all pin-supported.
Type-B: Side base chords of the center truss are replaced by BRC, while other chords are supported by pin
             or spring to concentrate reaction forces into BRC.
Type-C: Side chords of all trusses except for side trusses are replaced by BRC.

Figure 2. Rack Structure and Supporting Options

Type-A: All Pin Supported Type-B: 1-BRC and 2-Spring

Type-C: 3-BRC Type-D: BRC Removed  from C

PIN

BRC

�����������������
BRC SPRINGRING

Figure 3  Details of the Rack Structure
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Type-D: All BRC are removed from Type-C.
  In Type-B and Type-C, axial yielding of  BRC and plastic hinges of the top beams decide collapsing mecha-
nism of  the entire structure. The side trusses are kept in elastic while BRC are going into plastic, and pull back
the structure from residual deformation after earthquake being finished.

Detailed design of each part is shown in Figure 3. Detail of BRC at bases are in Figure 3(a). The base-side
chords of the truss are replaced by Unbonded Braces, which are composed of core plates and concrete-filled
tube restrainer (Fujimoto et.al. 1990). Because of restrainer keep core-plate from buckling even in plastic
zone, they show symmetrical hysteretic loops and excellent characteristics as energy dissipation members.
They are connected to the truss members with bolts, which enables replacement of BRC after earthquake.
  The top beams have dog-bone shape at truss sides, which realizes stable plastic hinges (Fig.3(b)). For
spring supports in Type-B frame, dish springs are inserted for anchor bolts at column bases (Fig.3(c)).
  To verify the performance of these structures against large seismic vibrations, time-history analyses are
carried out on each types of structure. The analytical models are two-dimensional composed of each member
as beam element, considering axial forces and bending moments. For seismic vibrations, El Centro NS, Taft
EW, Hachinohe NS, and Artificial wave using site ground conditions are used for design loads with the level
of 50 cm/sec in maximum velocity. The maximum responses for Type-A, Type-B and Type-C are shown in
Figure 4.  In shear forces, additional forces of each line of trusses are shown. In story drift, horizontal dis-
placement of the side trusses, which are the most critical in each truss, are represented.
  The ultimate capacity of the frame is about 450 kN at base, and maximum response at Type-A frame
exceeds the ultimate capacity. This means Type-A frame will collapse with foresaid seismic vibration caused
by the buckling of base columns. On the other hand, maximum story drift is about 42mm in 3365mm unit

Figure 4    Effects of Energy Dissipation Devices
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height, which is acceptable for the limit of 1/60 in drift angle.
   In type-B, maximum shear forces are reduced to about 75% of Type-A, which secure some margin in
strength. Maximum displacement in each story is slightly reduced to about 90%.
   In Type-C, the reduction effect of BRC is more significant, and the maximum shear forces are reduced to
about 55% of Type-A. Maximum displacement is reduced to about 80%.
   Consequently, introduction of BRC is effective to reduce maximum shear forces and avoid local buckling at
base chord members. The more BRC are introduced, the more reduction effect is obtained. Although reduc-
tions in deflection are not significant, they are also contributes to decrease the deflection of the entire structure.

3.   ESTIMATION OF RESPONSE REDUCTION EFFECTS

   In this section, a simple method for estimating the maximum response of the frames with energy dissipation
members, using linearization techniques are proposed. When each set of truss is modeled as an equivalent
fragile single member, a end of truss with energy dissipation elements on side chords can be modeled as a
plastic hinge in the equivalent single member. Then the entire truss frames can be modeled as equivalent beam-
column frames with plastic hinges as Figure 5. Simplified response estimation methods developed for moment
frames with dampers (Kasai et.al. 1998) can be applied to truss frames, which enable easy structural design
avoiding try-and-error basis study in preliminary stages. In this section, response of Type-C frame is esti-
mated using stiffness of Type-A and D frames.
  When each type of frames are plotted by horizontal forces (Q) and displacement (δ), their relationship can
be led as shown in Figure 6. Where, Q is the shear force at the base, and δ is the equivalent displacement
defined as following.
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In these frames, δ  is represented by the displacement at the height of 68-75% of the total height.
  In Fig.6, Type-D has much lower stiffness than Type-A, and Type-C is considered to have the same stiffness
as Type-A while BRC is elastic, then transferred to the same stiffness as Type-D after BRC yielding. Push-
over analyses in Figure 7 proves this assumption. In this condition, the equivalent stiffness ratio of Type-C/
Type-D is the function of µ=δc/δy, where δc is the maximum deflection of Type-C, and δy is the deflection

(1)

Figure 7   Q-δ  Relationship by Pushover Analyses

Figure 6   Maximum Response Conversion

Figure 5     Models for Stiffness Evaluation
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Figure 8    Comparison of Proposed Estimation  and Time-History Analyses

where BRC start yielding, expressed as following.
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The equivalent damping ratio can be estimated as the following equation by taking the average of integral to
the maximum amplitude (Kasai et.al 1998).
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where, TA: own period of Type-A, TD: own period of Type-D. Consequently, to estimate the maximum
response of Type-C, the following two steps are required.
1) Response of Type-A (▲ in Fig.6) is estimated by response spectrums. Where TA>0.6sec, the response
    of Type-D (■ in Fig.6) is estimated by Q being multiplied by (TA/TD), and δ being multiplied by (TD/TA).
    (Step1)
2) Response of Type-C (● in Fig.7) is estimated with the effect of KCeq/KD and hCeq. (Step2).
   In detail, the response of Type-C/Type-A is expressed by the following equations.
   Shear force and displacement response ratio is, respectively :
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The evaluated responses by these equations are calculated in spread sheets, and maximum shear forces and
story drift led by this results are plotted with time-history analyses in Figure 8. In these figures, dotted line is
evaluated response without dampers (Type-A), and solid line is response with dampers (Type-C), both led
by the proposed method, and marks are the results of time-history analyses.. From these comparison, the
results of proposed evaluation method is considered to be consistent with the results of time-history analyses.
  In Fig.7, the critical deflections of Type-A,C, D frames are 35cm, 87cm, and 70cm respectively, and the
rate of safety in each structure estimated by proposed evaluation is 1.1 in Type-A, 1.2 in Type-D, and 2.3 in
Type-C. This means the frame with almost collapse limit (Type-A) is improved in performance to more than
double-safe frame just by replacing base chords to BRC (Type-C).
  From these studies, proposed evaluation method is considered to be effective for deciding the suitable
volume and position of energy dissipation members  in preliminary design stages. Advantage of this method
includes that no elasto-plastic analyses or time-history analyses are required, and suitable amount of energy
dissipation members is directly given without try-and-error analyses.
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4.   APPLICATION FOR COMMUNICATION TOWERS

   Instead of replacing column, replacing diagonal members to buckling restrained members is another way to
reduce seismic responses. In this section, application for communication towers are discussed and tested.
The concept of structural system is shown in Fig.9, which is planned as seismic refinement. The towers are
usually designed against wind forces, however, seismic response accelerated by standing buildings can be
exceed the wind forces. In this study, critical diagonal members are replaced by Buckling Restrained Braces
(BRB), aims at saving all other members from buckling.

To verify the reality of energy dissipation mechanism, three types of real-size mock-up tests are carried -out
using single truss elements consists of a chord, a beam, and a diagonal member.  In the existing tower, all truss
members have pipe (CHS) sections (Type-TO). In strengthen reinforcement option, concrete is in-filled
within the diagonal member (Type-TC).  In BRB reinforcement option, diagonals  are replaced by BRB
whose yield strength are meeting with the buckling strength of original pipe diagonals (Type-TA). Each truss
is cyclically loaded up to 1/25 story drift . The configuration of the test is shown in Fig.10, the detail of BRB
in Fig.11, and loading program is shown in Fig.12.

Figure 9    Application for Communication Towers
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Figure 11   Detail of BRB
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     The test results for Type-TO, Type-TC, Type-TA are shown in Fig,13, 14 and 15, respectively. In each
figure, (a) are load-relationship of truss structures, (b) are axial force-deformation of diagonal members, (c)
are figures at the end of tests.
     For Type-TO, story drift up to 1/100 is accepted by slip of connection bolts, then the diagonal started
buckling at 1st 1/50 cycle in compression. elbow was created at 2nd 1/50 cycle in compression, and torn off
at 1st 1/25 cycle in tension. The maximum axial force to start buckling was about 800kN.
     For Type-TC, buckling strength was increased more than 1000kN, the gusset plate at diagonal-to-beam
connection was buckled to out-of-plane direction. From this result, it is found that only strengthen diagonal
member will cause collapse in other parts as connections.
     For Type-TA, BRB keeps its maximum force between 400 kN and 600kN, and shows quite stable and
symmetrical hysteresis loop up to 1/25 story drift both in Fig.15(a) and 15(b). After 3rd 1/25 cycles, BRB
fractured at its core plate.  Their cumulative plastic deformation  and dissipated energy until its fracture are
shown in Fig.16 and Fig.17, respectively. The cumulative equivalent strain (axial deformation / length) capac-
ity in BRB diagonal (Type-TA) was about 5.5 times of  normal pipe tests (Type-TO).  The dissipated energy
until fracture is also has the same tendency.
     From these results,  replacement of diagonals to BRB is considered to have the best performance as
seismic refinement and saving other members.
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5.  CONCLUSIONS

   Concept of damage-tolerant design for truss frames with elasto-plastic energy dissipation members are
introduced, and applications for high-rise automatic-rack warehouse and communication towers are de-
scribed. Using linearization techniques, the simple method for evaluating maximum response of rack ware-
house structures against large earthquake is proposed, and compared with time-history analyses. Also cyclic
loading  tests for the truss for communication towers are carried out with real-size mock-ups. By these
studies, the following points become clear.
1) In truss frames, incorporating energy dissipation members (e.g. buckling restrained members) into critical
positions in truss frames are effective to improve the performance of the rack warehouse structure against
large earthquake. In the case of 52m high rack warehouse structures, replacing 2/13 base chords to BRC
reduces the maximum shear forces to 75%, and replacing 6/13 base chords to BRC reduces the maximum
shear forces to 55%.
2) The above reduction effects evaluated by proposed evaluation method are consistent with time-history
analyses, and effective to predict maximum responses. For the proposed method requires only elastic analy-
ses, it is useful for deciding the volume of energy-dissipation members in preliminary design stages.
3) From the real size cyclic-loading  tests modeling communication towers, replacement of diagonals to BRB
is considered to have the best performance as energy dissipation system. strengthening diagonal pipes by in-
filling concrete will increase the buckling strength, however, other members or connections might be critical
instead. BRB frame has stable hysteresis loop, and has over 5 times of cumulative strain than normal pipe
diagonal.
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Abstract:  This paper discusses the constitutive rule including the fractional time-derivatives of the strain 

and stress.  We have modeled four kinds of constitutive rules of viscoelastic materials based on this, and 

introduce the typical material of acrylic and styrene material here.  Although viscoelastic material has 

temperature and frequency sensitivity, accurate modeling is possible by using temperature-frequency 

equivalency principle.  Furthermore, efficient modeling is conducted to reproduce the behavior under large 

strain without spoiling accuracy.  The behavior of the material under sinusoidal or random excitation was 

examined by comparing the experiment and analysis results.  The proposed model showed high accuracy.  

 

 

1.  INTRODUCTION 

 

Dynamic characteristics of viscoelastic (VE) material used for dampers are linear under small 

strain loading but vary according to the ambient temperature and frequency.  In addition, the material 

shows nonlinear behavior when it is subjected to large strain loading.  Since the loading strain in VE 

material varies in time especially under seismic loading, accurate analytical models for time-history 

analysis are required for the design of viscoelastically-damped buildings.  

The linear VE model based on the fractional time-derivatives of the stress and strain (fractional 

derivative model) is proposed (Kasai et al, 2001) and this model shows high accuracy compared with 

the traditional integer derivative models.  Based on the temperature-frequency equivalency principle 

(Ferry, 1980) of VE material, “equivalent frequency” is proposed to consider the complex interactions 

between the temperature and frequency sensitivities efficiently.  On the other hand, various nonlinear 

models have been proposed (Soda et al, 2002).  Usually in those models, the temperature, frequency, 

and strain sensitivities are considered separately, and it has been difficult to model the accurate 

constitutive rule which reproduce those three sensitivities in wide range. 

In this paper, linear and nonlinear models including the fractional time-derivatives of the stress 

and strain are discussed.  Further more, the use of temperature-frequency equivalency principle has 

lead to excellent model accuracy.  The accuracy is examined compared with the various loading test 

results and time-history analyses under various excitations.  We have modeled four kinds of 

constitutive rules of VE materials, and will discuss the typical two types, acrylic and styrene material.   

 

 

2.  LINEAR CONSTITUTIVE RULES FOR SMALL STRAIN 

 

2.1  Temperature-Frequency Equivalency Principle 

Consider a given damper deformation u(t) and force F(t), corresponding shear strain γ (t) and 

stress τ (t) are 

            γ (t) = u(t) /d ,    τ (t) = F(t) /As (1a, b) 
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where d and As are VE material thickness and shear area, respectively.  Fig. 1 shows typical linear 

steady-state response of a VE material subjected to sinusoidal shear deformation.  VE material is 

often characterized by the storage modulus G’ and the loss factor η. 

 

 

 

 

 

 

 

 

 

 

Fig. 2 shows the G’ and η at 10 % strain.  Material properties vary according to the temperature 

and frequency.  G’ and η are large at low temperature or high frequency, and small at high 

temperature or low frequency.  The test results at 0, 10, 20, 30, 40 
o

C are shown and all data can be 

overlapped into a curve at 20 
o

C by moving parallel to the horizontal axis.  This characteristic is 

known as “temperature-frequency equivalency principle” and observed in the materials which we have 

ever treated. 

            G’(ω, θ ) = G’(λω, θref ) ,     η (ω, θ ) = η (λω, θref ) (2a, b) 

where λ is shifting factor and λω
 

/(2π ) (= feq) is defined as “equivalent frequency”.  The amount of 

movements in Fig. 2 is equivalent to logλ.  By using the temperature-frequency equivalency, we have 

only to take into account the sensitivities for the equivalent frequency.   

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

2.2  Linear Constitutive Rules Using Fractional Derivatives 

    The advantage of the fractional derivative rule as opposed to the more conventional integer 

derivative rule is the ability to model the VE material accurately over a large range of frequency with a 

small number of constants.  The following is generalized model using fractional derivatives. 

F, u

As ( Shear Area ) 

VE Material

d ( Thickness )

(a) (b)

ηG’γmax

τmax

τ

G’ G’γmax 

( η = G’’/G’ )

γ

Figure 1  (a) Shear Deformation and (b) Stress-Strain Curve of VE Material 

Figure 2  Experimental Results and Model at 20 oC, and Relationships between Temperature, Frequency, and Equivalent

Frequency (γmax = 10 %) 
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where an and bn are constants, G is elastic parameter, and αn and βn is the order of fractional 

derivative of stress and strain.  D
α

 ( = d
α

/dt
α

 ) is the fractional derivative operator.  To satisfy the 

temperature-frequency equivalency shown in Eq. (2), 

        n

refnn aa
α

λ
,

= ,  n

refnn bb
β

λ
,

= ,  λ = exp [ – p1(θ – θ ref ) / (p2 + θ – θ ref ) ] (4a, b) 

where an,ref and bn,ref are constants at reference temperature θref (20 
o
C).  Eq. (5) and (6) are 

applied to acrylic and styrene material under small strain, and model for the acrylic material has four 

parameters; aref = 5.60 x 10
-5

, bref = 2.10, Gref = 3.92 x 10
-2

 (N/mm
2
), and α = 0.56 (Kasai et al. 2001).  

On the other hand, model for the styrene material has seven parameters; aref = 0.84, b1,ref = 0.94, b2,ref = 

15.1, G = 1.63 x 10
-2

 (N/mm
2
), α = 0.57, β 1 = 1.24, and β 2 = 0.63 (Kasai et al. 2003).  Solid lines in 

Fig. (2) show the frequency sensitivities of the materials by the proposed models, and match well with 

experimental results. 

        Acrylic Material:    τ (t) + aD
α

τ (t) = G [ γ (t) + bD
α

 γ (t) ] (5) 

        Styrene Material:    ])()()([)()( 21

21
tDbtDbtGtaDt γγγττ

ββα
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3.  EXTENDED CONSTITUTIVE RULES USING FRACTIONAL DERIVATIVES 

 

3.1  Temperature-Frequency Equivalency Principle under Large Strain 

Fig. 3 shows hysteresis loops under different strain with same equivalent frequency (See Section 

2.1).  Nonlinearities such as softening and hardening are observed and the shape of hysteresis loops 

look very similar.  This indicates that the 

temperature-frequency equivalency is also 

applicable to nonlinear VE material 

modeling.  Utilizing this finding, we have 

to only take into account the strain and 

equivalent frequency sensitivities (Fig. 4).   

 

 

 

 

 

 

 

 

 

 

 

 

3.2  Source of Nonlinearity 

Four kinds of nonlinearity of VE material have been found from the experiment and are discussed 

in this paper.  Fig. 5 shows the comparison of time-history responses and hysteresis loops between 

small and large strain tests, and strain is normalized by maximum value.  In small strain test, 

temperature-rise is negligibly small and VE material behaves linearly.  Characteristics of these 

nonlinearities are as follows; 

Figure 3  Temperature-Frequency Equivalency under Large Strain

Figure 4  Reduction of Parameter Using Temperature

-Frequecncy Equivalency  
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Figure 5 Nonlinearity of VE Material:  (a) Softening by 

Temperature, (b) Softening by Large Strain, (c) Hardening by

High Strain-Rate, and (d) Hardening by Large Strain (Pinching)

a) Softening by temperature-rise:  

Temperature-rise of VE material is 

significant under low ambient temperature. 

The G’ and η gradually decreases with 

number of cycles. 

b) Softening by large strain:  

Reduction of G’ is significant under large 

strain and η rises relatively in this case.  

This occurs without the temperature-rise 

and characterized difference softening 

mentioned above. 

c) Hardening by high strain-rate:  At 

the beginning of loading, the strain 

suddenly increases in very large rate, and 

abrupt increase in shear stress is observed.  

Especially, this occurs under high 

equivalent frequency with large strain. 

d) Hardening by large strain:  

Hysteresis shows pinching if the shear 

strain advances further, This behavior is 

remarkable in the materials which have 

strong strain sensitivities. 

 

3.3  Additional Components for 

Nonlinear Model 

Acrylic Material:  The temperature θ(t) 

in the VE material is evaluated using the 

shear stress, strain, density ρ, and specific 

heat, s, of the material as (Kasai et al, 1993) 

            ( )ργτθθ sd∫+=
0

  (7) 

where θ0(t) is initial temperature.  In Eq. (7), it is assumed that the heat generated in the VE 

material is all contained in VE material and heat loss due to heat conduction is ignored.  This 

assumption is applied since the external loading time is short and the thermal conductivity of the 

material is small.  Temperature-rise is calculated by using Eq. (7), shifting factor λ is changed by Eq. 

(4c), and a and b are updated by Eq. (4a) and (4b).  Thus softening by temperature-rise is reproduced 

in numerical analysis. 

In contrast with the softening phenomenon examined above, even when the temperature-rise is 

very small, the softening is seen at large strain with high temperature or low frequency, i.e., low 

equivalent frequency feq = λω /(2π ).  This is a softening caused by large strain shown in Fig. 5 

previously.  In the softening by the temperature-rise previously mentioned, η decreases with 

decreasing of G’.  By increasing b and decreasing G, vice versa, in Eq. (5), the behavior can be 

reproduced, and this modeling is applied at θ ≥ 25 
o
C and γmax ≥ 100 % because softening by 

temperature-rise dominates in low temperature.  The b and G vary almost linearly with respect to 

maximum strain at γmax ≥ 100 % and modeled as follows; 

            b = bref λ
α

λ1 ,  G = Gref λ2 (8a, b) 

            λ1 = 1 + C1(γmax − 1) ,  λ2 = 1 + C2(γmax − 1) (9a, b) 
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where C1 = 0.124 and C2 = −0.182. 

From temperature-frequency equivalency principle, strain-rate γω at θ is equivalent to λγω at θref.  

Accordingly, λγω = γλ & is defined as “equivalent strain-rate”, and its maximum is
max

γλ & .  Under 

sinusoidal loading, maxγλ & occurs at the beginning of loading, and the hardening is effectively modeled 

by utilizing the data at the 1st half cycle.  Nonlinear spring element is adopted parallel to the 

fractional derivative model to reproduce this phenomenon.  Required spring stiffness Gs is written as 

            γτ ⋅=
ss

G  (10a) 

            GS = C3β min[ maxγλ & , 100] ,  β = exp[C4 (γ 0 − 0.5) ] ≤ 1 (10b) 

where C3 = 0.278 (N·sec/cm
2
) and C4 = −0.549.  γ 0 is absolute value of the strain when the sign of 

strain-rate changes.  Gs is set to 0 after the unloading and not used until maxγλ & is updated again. 

The stress of the VE element τv is obtained by substituting Eq. (8) for Eq. (5), and total stress τtot 

considering the nonlinearity of the material is shown as follows. 

            τtot = τv + τs (11) 

 

Styrene Material:  Softening by the large strain of styrene material is reproduced by applying the 

parameter which is dependent on maximum strain γmax to Eq. (6) same as the case of acrylic material. 

            
14,223,112

,,,
21 λλλλλλλ

ββα

refrefrefref GGbbbbaa ====  (12a, b, c, d) 

            λi = Ai exp[Bi γmax]  , i = 1 ~ 4    (13) 

where Ai (i = 1 ~ 4) = 1.11, 1.06, 1.081, and 1.03, Bi (i = 1 ~ 4) = –0.58, –0.56, –0.78, and –0.30.  λi 

decreases further by repeating cyclic loading with large strain. (Kasai et al, 2004)  

Under large strain with low equivalent frequency, the material becomes stiff and pinching is 

observed in the hysteresis.  To reproduce this, a spring is added parallel to the VE element and its 

stiffness depends on the strain.  Stress with this spring is set to τs. 

            γτ ⋅=
ss

G  (14a) 

            Gs = m1γ 
3
 + m2γ 

2
 + m3γ (14b) 

where mi ( i = 1 ~ 3) = –0.23, 1.16, and –0.44. 

Setting up the parameters as shown in Eq. (8), acrylic material can reproduce change of the loss 

factor under large strain, but in this material, which has strong strain sensitivities, a nonlinear dashpot 

is required to reproduce the behavior under large strain.  Stress with this element is seto to τd. 

            ςγλτ ][
21

&CC
d

⋅=  (15a) 

            
03

2

02

3

011
γγγ nnnC ++=  (15b) 

            ( )pktCC γγ &&,min
2
=  ,  

ζ
γγγπ )2()(sin
00

−=
t

C   (15c, d) 

where ni (i = 1 ~ 3) = –0.37, 1.55, and 0.89, C1 = function of γ 0 (–3.0 <γ 0 < 3.0) used in Eq. (10b).  

C2 = coefficient which starts from 0 and ends by 0 in a half cycle, and can take 1 as maximum.    is 

strain-rate in a half cycle and set to 0 when the sign of strain-rate changes.  Ct and    are updated 

until it reaches maximum in a half cycle.  ζ = 0.26. 

pkγ&

pkγ&
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Eq. (7) is also applied for reproducing the softening by temperature-rise.  The stress of the VE 

element τv is obtained by substituting Eq. (12) for Eq. (6), and total stress τtot considering the 

nonlinearity of the material is shown as follows; 

            τtot = τv + τs + τd (16) 

 

 

4.  COMPARISON BETWEEN ANALYSIS AND EXPERIMENT 

 

Fig. 6 and 7 show the sinusoidal responses of two materials.  The softening by temperature-rise 

is remarkable at low temperature or high frequency.  Softening by large strain as well as hardening by 

high strain-rate is also reproduced in high accuracy by proposed model.  The test at 0 
o
C is not 

conducted as for Acrylic material because of the limit of the performance of the testing machine.  In Table 

1, the accuracy of these two models is examined.  Storage modulus and loss factor are compared between 

experiment and analysis.  Not only the average of the ratio of the experiment and analysis is almost equal 

to 1, but also standard deviation is very small. 

Fig. 8 and 9 show the case of random loading considering the events of JMA Kobe, El Centro and 

Taft earthquake.  The ambient temperature 20 
o
C is considered and the maximum strains are set to 

300 %.  The deformation history is obtained from analyses of 3, 12, and 24 story buildings having 

fundamental vibrations of 0.35, 1.41, and 2.84 seconds.  Note that the material stiffness and number 

of cyclic excursions differ significantly with respect to building’s vibration periods.  The analytical 

prediction matches extremely well with the experimental results.    

 

5.  CONCLUSIONS 

 

1) The temperature-frequency equivalency principle, the typical characteristic of VE material, is 

applicable not only under small strain range but also large strain range.  It is possible to express 

the sensitivity of temperature and frequency as that of equivalent frequency. 

2) The nonlinear behavior of the VE material characterized by softening by temperature-rise of 

material, softening by large strain, and hardening by high strain-rate.  And pinching is observed if 

the material has strong strain sensitivity.  The tendency of nonlinearity is effectively expressed by 

the equivalent frequency, which combines the effects of both temperature and frequency. 

3) High accuracy of proposed analysis model was proved by performing comparison with the 

experiment over wide range temperature, frequency, and peak shear strain.  This model also 

showed high accuracy for the random waves. 
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Figure 6  Sinusoidal Responses of Acrylic Viscoelastic Material (γ
max

 = 50, 100, 200, 300 % ) 
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Figure 7  Sinusoidal Responses of Styrene Viscoelastic Material (γ
max

 = 50, 100, 200, 300 % ) 
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Figure 8 Responses of Acrylic Viscoelastic Material (Deformation history is obtained from analyses of 3, 12, and 24

story buildings having fundamental period of 0.35, 1.2, and 2.9 seconds) 

Figure 9 Responses of Styrene Viscoelastic Material (Deformation history is obtained from analyses of 3, 12, and 24 

story buildings having fundamental period of 0.35, 1.2, and 2.9 seconds) 

G' η G' η G' η G' η G' η

Average 1.02 1.02 1.02 0.98 1.04 0.99 0.99 1.05 0.96 1.08

Standard Dev. 0.050 0.090 0.033 0.077 0.054 0.074 0.098 0.108 0.087 0.125

γ = 300%
Analysis/Test

γ = 10% γ = 100% γ = 200%γ = 50%

G' η G' η G' η G' η G' η

Average 0.99 1.00 0.99 1.00 1.03 0.97 1.05 0.97 0.96 1.02

Standard Dev. 0.019 0.028 0.020 0.037 0.044 0.038 0.060 0.029 0.034 0.047

γ = 100% γ = 200% γ = 300%
Analysis/Test

γ = 10% γ = 50%

Table 1  Accuracy Verification of Sinusoidal Responses: (a) Acrylic Material, (b) Styrene Material 

(b) 

(a) 
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ENERGY BALACE-BASED SEISMIC RESPONSE PREDICTION METHODS FOR SEISMIS

ISOLATED BUILDINGS WITH RUBBER BEARINGS, DAMPERS AND LOW FRICTION

ELASTIC SLIDING BEARINGS
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Abstract: Recently, low friction elastic sliding bearings are installed seismic isolated buildings with rubber 
bearings and dampers. Low friction elastic sliding bearings enable the base isolation system with longer
natural period than the buildings with rubber bearings and dampers. A method to predict the response of this 
type of structures based energy balance theory is introduced in this paper. Natural period should be estimated 
energy spectrum and maximum deformation in consideration of effect of energy absorption and residual
deformation. A design methodology of seismic isolated buildings with low friction elastic sliding bearings,
that is based an energy balance, is presented.

1. INTRODUCTION

The base-isolated structure is widely recognized as the damage control structure, because structural
engineers can control the concentration of earthquake energy to the isolation layer at the design stage. 
The major advantage of the structure is that the seismic responses can be easily and effectively
decreased by elongating the period and increasing the damping. Therefore, the natural period of the
base-isolated structure recently tends to be longer. The elastic sliding bearings and the rolling bearings 
with the laminated rubber bearings are currently predominant strategies for the base-isolated structures. 
In the case of the elastic sliding bearings, the high frictional type and the low frictional type are
provided as the system. The high friction elastic sliding bearings have the capability of energy
absorption. However, the low friction elastic sliding  bearings have a little capability. Therefore, it is
used for only elongating the natural period and it is necessary to use the damper along with the
laminated rubber bearings.
If elastic sliding bearings are excessively used, the amount of the laminated rubber bearings (the

flexible element) unreasonably decreased. Akiyama indicated that the flexible elements for the
base-isolated structure are required to retain at appropriate quantity for increasing the energy
absorption effectively and for decreasing the residual deformation in base-isolated structure.

2. Analysis model and Parameter
Fig.1 shows Analysis model in this study. This model is shear force-deformation relationship model

of five –mass-system. Mass distribution is equal in each mass. Stiffness distribution sets trapezoid
form with which the top layer is half of the lower layer. The natural period of the mass system is 0.5
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second without base isolation. If base
isolation is installed in the mass-system, the
value of stiffness is changed and damping
coefficient is zero. Fig.2 shows hysteresis
characteristics of each member in the base
isolation. fk is horizontal modulus of
isolator, maxf Q  is shear force of isolator,

1sk  is elastic modulus of dumper, y1s Q is
yield shear force of dumper. y1s δ  is yield
displacement. The hysteresis characteristics
of low friction elastic sliding bearings is
perfect elasto-plastic model, 2sk  is elastic
modulus, y2s Q is yield shear force y2s δ  is
horizontal displacement when this bearings
slide. Q is shear force of base isolation,

maxδ  is maximum horizontal displacement.
Residual deformation of base isolation
defines rδ  when 40 seconds pass after the
input of seismic wave. Mass of the buildings
( Mg ) is supported by the isolator and the
low friction elastic sliding bearings. R is
the ratio of Mass of the buildings supported
by the low friction elastic sliding bearings.
The yield shear force of the low friction
elastic sliding bearings, y2s Q , defined by
equation.

RMgQy2s ζ=

The shear coefficient of isolator ( fα ), the
yield shear coefficient of dumper ( 1sα ),the
yield shear coefficient of the low friction
elastic sliding bearings ( 2sα ) is defined by equation. 

　　　　 R
Mg

Q
,

Mg

Q
,

Mg

Q y2s
2s

y1s
1s

maxf
f ζααα ====

fm k is horizontal stiffness of base isolation when supporting entirely weight of buildings by isolator.
2sm k is horizontal stiffness of base isolation when supporting entirely weight of buildings by the low

friction elastic sliding bearings. ksmr  is the ratio of fmk  to 1sk , kfmr is the ratio of fmk to 2sm k .
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Table.1 Parameter of Analysis
Natural Period

(sec)fmT

0.4,0.3,0.2

Friction
Coefficient ζ

05.0,01.0

ksm r 5.0,2.0,1.0

kfm r 00.1,50.0,20.0,10.0,05.0
R 0.1,9.0,8.0,7.0,6.0,5.0,4.0,3.0,2.0,1.0,0.0

1sα 10.0,06.0,04.0,02.0,00.0

1.0

1.0 ik
05.0 k

00.1 k

%2=sh

%0=Bh fk 2sk
2sα1sα )/(103.2 60 mKNk ×=

21 ssf kkk ++

(c) Low Friction Elastic

Sliding Bearings

(a) Isolator (b) Dumper

Fig.2 Restoring force of each member

Fig.1 Analysis Model
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k

M
2T π=  ,

f
f

k

M
2T π=

Using natural period fmT  without dumper,
stiffness of isolator fk , stiffness of dumper 1sk ,
stiffness of low friction elastic sliding
bearings 2sk  is defined by equation.
Relationship between fT  and fmT  is defined
by equation (8) from equation (4), (7).

R1
k

k

T

T

fm

f

f

fm −==

3. Distribute Energy of Member
3.1 Comparison of Absorb Energy

This chapter examines the absorb energy of

base isolation member, to calculate response

prediction method based on energy balance

under system of the subject of this study. efW  is the vibration elastic energy of isolator. e1s W , p1s W

are the vibration elastic energy and the inelastic strain energy of dumper. e2s W , p2s W  are the vibration

elastic energy and the inelastic strain energy of the low friction elastic sliding bearings. In the

analysis, response of the analytical model is calculated for two imitate seismic wave. The analytical

model is mass-system set up by 02.01s =α , 04.0 , 06.0 , 10.0 、 1.0rksm = 、 01.0=ζ 、 05.0rkfm = , 00.1 .  R =0

～1.0. The relationship between the values which divide absorbed energy of each member in the base 

isolation by input energy and the value of R is shown in Fig.3. The values of absorbed energy of the

each energy show the maximum value by analytical result. e1s W  and e2s W  are always minute value, 

these elements can ignore in energy balance.

3.2 Equivalent Number of Cycles

To deduce the response prediction method based on the energy balance of the seismic isolation

structure, the equivalent number of cycles 1n which is absorbed energy efficiency of the base isolation

is verified. The shear force ratio qr , which laminated rubber and damper, and low friction sliding

bearing, is given by Equation (10)

y2sy1s

maxf
q

QQ

Q
r

+
=

Equivalent number of cycles is proposed value from the relationship between the shear force ratio in

equation (11) by Akiyama.
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In this study, equivalent number of cycles 1n  is evaluated by equation (11). 1n is calculated by

equation (12) with the response prediction method. The difference between all input energy and elastic 
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strain energy of laminated rubber is

hysteretic damping energy which the

elasto-plasticity element absorbs. 1n is the 

value which divided this hysteretic

damping energy by the area of equivalent

hysteresis loop of dumper and low friction 

sliding bearing at the largest horizontal

displacement generation. E、 maxf Q 、maxδ

use the result got by this analysis.

maxy2smaxy1s

maxmaxf
1

Q8Q8

QE2
n

δδ
δ

⋅+⋅
⋅−=

The relationship between 1n and qr  in

the difference between fmT  is shown in

Fig.4(a), (b) and (c), the relationship

between 1n and qr  in the difference

between kfmr  is shown in figure 4(b), (d) 

and (e). 1n  shows large dispersion from

Fig.4. 1n and qr are approximately

correlation, regardless of kfmr and seismic 

wave. Equation (11) which shown in bold

continuous line approximately envelopes

the lower limit of the response analysis

result. Equation (11) of equivalent number 

of cycles 1n in earthquake-resistant

design method can be applied to the base

isolation.

4. Proposed Response Prediction

Method Based on Energy Balance

On the assumption of the upper

structure with rigid body, the balance

method of the energy of seismic isolation

structure is given by Equation (13). EV is the equivalent velocity.

2MVEWWWWW 2
Ep2se2sp1se1sef ==++++

es W1 ， es W2  is small absorb energy referenced by Chapter 3.1, Equation (13) simplifies Equation(14).
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Seismic response prediction method is deduced by Equation (14). When dumping is zero, Shear force 

efficient 0α  and the horizontal displacement of base isolation 0δ  is given by Equation (15).

,
gT

V2

f

E
0 　

⋅
= πα  

π
δ

2

VT Ef
0

⋅=

Elastic strain energy of isolator efW  is given by Equation (16).
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Hysteretic dumping energy of dumper p1s W is given by Equation (17). 0y1s ≅δ  is assumed because

e1s W  is very small absorb energy.
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Hysteretic dumping energy of low friction elastic sliding bearings p2s W is given by Equation (18).

0y2s ≅δ is assumed because e2s W is very small absorb energy.
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Equation (16),(17),(18) is substituted in Equation (14) And Equation (19) is obtained.
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Shear coefficient of isolator fα  is given by Equation (19) 

1n16n4
2

0

2s1s2
1

0

2s1s
1

0

f +




 ++





 +−=

α
αα

α
αα

α
α

Shear coefficient of base isolation 1α  is given by Equation (20) 

( ) 1n161n4
2

0

2s1s2
1

0

2s1s
1

0

2s

0

1s

0

f

0

1
+





 +

+




 +

−−=++=
α

αα
α

αα
α
α

α
α

α
α

α
α

Using fα , maximum horizontal displacement of base isolation is given by Equation (22), (23).
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5. Certificated Response Prediction Method Based on Analysis Result

The analytical result obtained from time history analysis is evaluated, and response prediction method,

Equation (21) is verified. The value of equivalent number of cycles in Equation (21) is calculated by

Equation (11). The relationship between response shear coefficient of base isolation 01 αα and shear

coefficient of elastic element ( ) 021 ααα ss + on the difference between fmT  is shown in Fig.5. The

relationship between 01 αα and maximum horizontal displacement of base isolation 0max δδ on the

difference between fmT  is shown in Fig.6. The response prediction method approximately envelops

upper limited values of result of analysis. The value of the analytical result is larger than the value

01 αα  of prediction method written in fine continuous line（ 0.21 =n ） within 0.1<qr . But it is shown that 

the response prediction method written in bold continuous line （ qrn += 11 ）is estimated in safe side.

6. CONCLUSIONS

The proposed method is verified with numerical simulation and good agreement is observed. The

equivalent number of cycles and the residual deformation are evaluated using the shear stress ratio of

(17)

(18)

(19)

(20)

(21)

(23)

(22)
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flexible element and stiff element obtained from numerical simulation. Besides the design equation,

which Akiyama proposed for Shear-type Multi-Story Frame, can be applied for base-isolated

structures.
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Abstract:  In this study, the damping force algorithm called the viscous-plus-variable-friction damping 
force algorithm is proposed by combining advantageous features of typical viscous and friction dampers. The 
variable damper with the proposed algorithm can be represented by a viscous element placed in series with a 
variable-friction element. As a piston velocity increases from zero, the damping force is generated by the 
viscous element. This is aimed to allow energy dissipation at a small velocity. When the damping force 
reaches a peak value of the viscous element or a preset force limit, the sliding of the variable-friction element 
occurs, resulting in a constant damping force. A variable damper with the proposed damping force algorithm 
was developed using a magnetorheological (MR) damper. A series of cyclic loading tests of a MR damper 
was conducted to develop the mathematical model of the MR damper for control purpose. It is found that the 
proposed algorithm can be realized by the MR damper with a good accuracy. Subsequently, the MR damper 
was installed in the first story of a three-story steel model building. The model building is excited by a 
shaking table under a one-directional ground motion. It is found that the proposed damping force algorithm is 
effective in controlling the displacement, acceleration, and column displacement of the model building. 

1.  INTRODUCTION 

Passive control systems have been widely applied to mitigate seismic response (Constantinou et al. 
1998). Typical passive control devices are viscous dampers and friction dampers. The damping force 
of a viscous damper is linearly proportional to a piston velocity. The smooth change in a damping 
force leads to energy dissipation even when a piston velocity is small. However, a damping force is 
small at the end of a stroke due to a decrease in a velocity. It results in a large relative displacement of 
a structure in which the damper is installed. On the other hand, a friction damper provides a constant 
level of a damping force over an entire stroke, resulting in a large amount of energy dissipation if 
properly designed. However, at a slightly large damping force level, the amount of energy dissipation 
decreases significantly (Ruangrassamee and Kawashima 2002). And the friction damper tends to cause 
larger acceleration due to sudden changes of damping forces. With an emerging semi-active control 
technology (Spencer et al. 1997 and Sunakoda et al. 2000), the benefits of both damping force patterns 
can be combined. In this study, the damping force algorithm called the viscous-plus-variable-friction 
damping force algorithm is proposed. The variable damper with the proposed damping force algorithm 
was developed using a magnetorheological (MR) damper. Then, the MR damper was installed in the 
first story of a three-story steel model building. The model building was excited by a shaking table 
under a one-directional ground motion. The effectiveness of the proposed damping force algorithm in 
controlling the seismic response of the model building was investigated. 
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2. DEVELOPMENT OF VARIABLE DAMPERS 

2.1  Concept of Viscous-Plus-Variable-Friction Damping Force Algorithm 
The combination of viscous and friction damping force algorithms called as 

“viscous-plus-variable-friction (VVF) damping force algorithm” is proposed. The model representing 
the proposed damping force algorithm is illustrated in Fig. 1. A viscous damping element is connected 
in series with a variable-friction element having a variable slipping force level. As a velocity increases 
from zero, the viscous damping element is mobilized to dissipate energy. Once the damping force of 
the viscous damping element reaches its peak value in each loading direction or a force limit, the 
slipping force of the variable-friction element is set equal to the value, resulting in the sliding of the 
variable-friction element. In the reverse direction, the damping force changes in the similar manner. 
Fig. 2 shows the damping force vs. velocity relationship and the damping force vs. stroke relationship 
of the proposed damping force algorithm. The damping force algorithm is characterized by two 
parameters: the damping coefficient of the viscous damping element and the force limit of the 
variable-friction element. The force limit may represent the force capacity of a variable damper. 

Fig. 1 Model representing the proposed damping force algorithm 

(a) Damping force vs. velocity relationship         (b) Damping force vs. stroke relationship        
Fig. 2 Hysteresis of the viscous-plus-variable-friction damping force algorithm 

2.2  Dynamic Properties of MR Dampers 
To realize the proposed damping force algorithm, a RD-1084 MR damper developed by Lord 

Corporation was used in this study. The damper is 237 mm long in its extended position and 197 mm 
long in its compressed position. So, the stroke of the damper is +/- 20 mm. The cylinder is 28 mm in 
diameter. The force capacity of the damper is about 60 N. The damper operates at the current of 0-400 
mA. The current is supplied to the damper by a Lord RD-3002 current driver. The current driver 
outputs a current proportional to an input voltage in the range of about 0.5-1.5 V. In order to apply the 
MR damper as a semi-active control device, it is necessary to identify the damping properties of the 
MR damper. A series of cyclic loading tests was conducted for various loading conditions. The 
damping force was measured by a load cell. The load cell was connected between the reaction frame 
and the damper. The displacement was measured by a laser displacement transducer. The current to the 
damper was controlled by a microcomputer. The voltage was generated by an I/O board which was 
installed in the computer. Then, the current driver supplied a current proportional to the voltage. A 
hydraulic actuator with displacement control was used to load the damper. The damper was subjected 
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to sinusoidal excitations. The loading frequencies were 0.01, 1, 2, and 3 Hz. The loading amplitudes 
were 7.5 and 15 mm. The current levels were varied as 0, 100, 200, 300, and 400 mA. The 
force-displacement relationships of the MR damper are presented in Fig. 3. It is seen that the damping 
force increases as the current to the damper increases. The force-displacement relationship of the MR 
damper is close to that of a friction damper. It is seen that the shape of force-displacement relationship 
is slightly affected by the loading conditions. 

           (a) Frequency = 1 Hz                         (b) Frequency = 2 Hz 
Fig. 3 Force vs. displacement relationship of the MR damper 

2.3  Control of Damping Force 
To control the MR damper, the mathematical model of the MR damper is required. The MR 

damper was modeled from the relationship between the maximum damping force and maximum 
velocity as shown in Fig. 4. From a linear regression analysis, the following equation is obtained: 

vccf )0000577.003.0()123.078.3(  (1) 

where c is the current to the MR damper (mA), v is the piston velocity (mm/s), and f is the damping 
force (N). The current commanded to achieve a damping force can be computed from the back 
calculation of Eq. (1) with a known piston velocity. As it have been realized that there is a discrepancy 
in the damping force, a simple correction of the damping force was introduced after the back 
calculation. An additionally-supplied voltage ( V) is set as a function of the instantaneous difference 
between the commanded and actual (measured) damping force ( f), as shown in Fig. 5. The effect of 
the slope k was investigated. Fig. 6 shows the damping force-displacement relationship of the MR 
damper for k = 0.04 V/N. It is found that the damping force algorithms can be realized by the MR 
damper with a good accuracy. For a frequency of 2 Hz, small spikes in damping forces occur after the 
direction of excitation is reversed. It is due to a delay in predicting the velocity of the MR damper. 
This may limit the application of the control algorithm for a high-frequency excitation. 

   Fig. 4 Damping force vs. velocity relationship    Fig. 5 Function for correcting a damping force 
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           (a) Frequency = 1 Hz                        (b) Frequency = 2 Hz 
Fig. 6 Damping force vs. displacement relationship for the VVF damping force algorithm 

3. SHAKING TABLE TEST OF A MODEL BUILDING 

3.1 Properties of Model Building 
To investigate the effectiveness of the damping force algorithm, a shaking table test was conducted 

on a three-story steel model building. The model building was fabricated from steel plates as shown in 
Fig. 7. The masses of the 1st, 2nd, and 3rd floors are 37.5 kg, 37.4 kg, and 30.6 kg, respectively. There 
are four columns in each story connected to the floors by steel angles. The height of the model 
building is approximately 1 m. The floor size is 0.8 m by 0.4 m. From a free vibration test, the natural 
periods of the 1st, 2nd, and 3rd modes are 0.73, 0.25, and 0.17 s, respectively. The model building was 
designed to have a fundamental natural period within a typical period range of three-story steel 
buildings. The displacement of each floor was measured by a displacement transducer and the 
acceleration of each floor was measured by an accelerometer. 

Fig. 7 Setup of shaking table test 

3.2 Cases of Shaking Table Test 
The model building was constructed on a shaking table and was excited by a ground motion in the 

long direction of the model building. The El Centro record was used in the test. The ground motion 
was recorded at the Imperial Valley Irrigation District substation in El Centro, California, during the 
M7.1 Imperial Valley, California earthquake of May 18, 1940. The peak ground acceleration is 0.35 g. 
The intensity of the ground motion record in the test is about 40% of the original ground motion 
record. The time scale of the ground motion is equal to one. It is interesting to investigate the response 
of the variable damper under a realistic excitation frequency. The damping force algorithm was varied 
as listed in Table 1. 
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Table 1 Cases of shaking table test 

Case Damping force 
algorithm

Parameters of damping force algorithm 

1 No damper No MR damper was installed. 
2 No current A MR damper was installed but there was no input current. 
3 Viscous damping Damping coefficient = 0.35 N.s/mm 
4 Friction damping Friction force = 25 N 
5 VVF damping Damping coefficient (Cd) = 0.35 N.s/mm, Friction force (Fd) = 25 N 

           (a) Displacement of the 1st floor                   (d) Acceleration of the 1st floor 

           (b) Displacement of the 2nd floor                  (e) Acceleration of the 2nd floor

           (c) Displacement of the 3rd floor                  (f) Acceleration of the 3rd floor

Fig. 8 Response of the model building without damper 

         (a) The 1st story                (b) The 2nd story               (c) The 3rd story 
Fig. 9 Restoring force vs. column displacement relationship of the model building without damper 
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           (a) Displacement of the 1st floor                   (d) Acceleration of the 1st floor 

           (b) Displacement of the 2nd floor                  (e) Acceleration of the 2nd floor

           (c) Displacement of the 3rd floor                  (f) Acceleration of the 3rd floor

Fig. 10 Response of the model building controlled by the VVF damping force algorithm 

         (a) The 1st story              (b) The 2nd story               (c) The 3rd story 
Fig. 11 Restoring force vs. column displacement relationship of the model building controlled by  

the VVF damping force algorithm 

3.3 Experimental Results 
Fig. 8 shows the response of the model building without damper. The maximum displacements of 

the 1st, 2nd, and 3rd floors are 13.9, 21.5, and 24.6 mm, respectively. The maximum accelerations of 
the 1st, 2nd, and 3rd floors are 1.36, 1.69, and 1.73 m/s2, respectively. The restoring force of columns 
in each story was computed from the equations of motion of a three-degree-of-freedom system with 
the measured acceleration and displacement. The relationship between the restoring force and column 
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displacement in each story is shown in Fig. 9. The displacement of columns is 13.9 mm in the 1st story 
and varies to 3.7 mm in the 3rd story. It is seen that slight nonlinearity occurs in the columns in the 1st 
and 2nd stories. Fig. 10 shows the response of the model building controlled by the VVF damping 
force algorithm. The maximum displacements of the 1st, 2nd, and 3rd floors are 8.9, 16.0, and 19.1 
mm, respectively. The maximum accelerations of the 1st, 2nd, and 3rd floors are 0.83, 1.34, and 1.66 
m/s2, respectively. Fig. 11 shows the relationship between the restoring force and column displacement 
in each story. The displacements of columns are 8.9, 8.1, and 3.2 mm in the 1st, 2nd, and 3rd stories, 
respectively. It corresponds to the percentage of reduction of 36.0%, 12.0%, and 13.5%, respectively. 
It is obvious that the nonlinearity is less than the case without damper. Fig. 12 shows the damping 
force vs. stroke relationship and the damping force vs. velocity relationship. It is seen that the damping 
force can be controlled with a good accuracy. For comparison, the maximum response of all cases is 
summarized in Table 2. The friction damping force algorithm results in more reduction of floor 
displacements but it causes larger accelerations. It is important to note that the maximum damping 
force of the friction damping force algorithm is larger than the commanded value of 25 N due to the 
delay in predicting the velocity as mentioned. It is seen that the VVF damping force algorithm 
provides slightly more reduction of displacements than the viscous damping force algorithm while 
yields more reduction of accelerations of the 1st and 2nd floors than other damping force algorithms. 
The VVF damping force algorithm is effective in controlling the response of the model building. 

Table 2 Summary of experimental results 

Maximum  
acceleration of  

each floor  
(m/s2)

Maximum  
displacement of 

each floor
(mm)

Maximum 
column

displacement of 
each story (mm) 

Case Damping 
force 

algorithm

1st 2nd 3rd 1st 2nd 3rd 1st 2nd 3rd 

Maximum
damping

force  
(N)

1 No damper 1.36 1.69 1.73 13.9 21.5 24.6 13.9 9.2 3.7 - 
2 No current 1.00 1.47 1.61 12.3 19.8 22.9 12.3 8.2 3.2 7.5 
3 Viscous  1.04 1.37 1.70 9.8 16.1 19.4 9.8 7.9 3.4 27.9 
4 Friction  1.37 1.59 1.57 6.9 13.0 15.0 6.9 6.6 3.5 41.4 
5 VVF  0.83 1.34 1.66 8.9 16.0 19.1 8.9 8.1 3.2 26.5 

    (a) Damping force vs. stroke relationship       (b) Damping force vs. velocity relationship 
Fig. 12 Hysteresis of the VVF damping force algorithm from the shaking table test 
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4.  CONCLUSIONS 

In this study, the damping force algorithm called the viscous-plus-variable-friction (VVF) damping 
force algorithm was proposed. A series of cyclic loading tests of a MR damper was conducted to 
develop the mathematical model of the MR damper for control purpose. It is found that the proposed 
damping force algorithm can be realized by the MR damper with a good accuracy. Then, the MR 
damper was installed in the first story of a three-story steel model building for the shaking table test. It 
is found that the VVF damping force algorithm provides slightly more reduction of displacements than 
the viscous damping force algorithm while yields more reduction of accelerations of the 1st and 2nd 
floors than viscous and friction damping force algorithms. The nonlinearity of columns can be reduced 
by the VVF damping force algorithm. The VVF damping force algorithm is effective in controlling the 
response of the model building. The issue related to the application of MR dampers for high-frequency 
excitations was noted. 
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Abstract:  The behaviour of slotted-bolted connections when the maximum slip travel exceeds the 

available slot length is presented. The drastic degradation behaviour of slotted-bolted connections under 

bolt impact is demonstrated. Remedy by means of the concept of restrainers is proposed, which is also 

advantageous in suppressing the build-up of resonance motion by virtue of the change in system stiffness 

at different stages. Nonlinear dynamic analyses are performed on two buildings equipped with the friction 

dampers with and without restrainers. The first structure, a 6-storey steel building with moment-resisting 

frame, is subjected to strong near-field earthquakes. The second one, a typical 6-storey reinforced 

concrete building in Bangkok with non-seismic design, is investigated under moderate ground motions 

induced by distant earthquakes. In the worst loading cases, the damper with restrainers is superior to that 

without restrainers, resulting in reduction of the peak inter-storey drift in the order of 16-20% and the 

peak slip travel 15-30%. The shorter slip travel obviously provides extra safety to the damper against bolt 

impact. Although the peak inter-storey drift and the peak slip travel of the device decrease with increasing 

in the restraining force limit, the extra gain has to be balanced with the potential of buckling of the 

bracing at the high restraining force in the case of retrofitting with bracings. 

 

 

1. INTRODUCTION 

 

The slotted-bolted connection (SBC) has been recognized as a low-cost passive friction-

damping system for reduction of damages caused by strong motions (e.g. FitzGerald et al. 1989, 

Grigorian et al. 1993, Tremblay and Stiemer 1993). Most studies, except the one by Roik et al. 

(1988), do not address the situation when the slip travel of the SBC reaches the provided slip length. 

However, Roik et al. (1988) did not investigate the effect of stiffening due to the restraining action. 

Since earthquake characteristics are unpredictable, it cannot be guaranteed that in the most severe 

case the bolts would slide freely in the ‘finite length’ slot available. Furthermore, it is not practical, 

or even impossible in some cases, to provide long slots. It is thus significant to investigate the 

behavior of such a damping system in the event of bolt impact and the restraining effect thereafter. 

Advantages of the limited-slip friction damper over the conventional one are demonstrated through 

performance assessments of two buildings, one subjected to strong motion earthquakes, and the 

other to moderate ground motions induced by distant earthquakes.  

 

 

2. CONVENTIONAL SBC UNDER BOLT IMPACT 

 

Wanitkorkul (2003) performed a series of displacement controlled, cyclic tests on slotted-bolted 
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connections, with and without impact on high-strength bolts. The damper specimen consisted of 

three A36 steel plates, i.e. one central plate and two cover plates each with a thickness of 11 mm. 

Brass plates were inserted between the central plate and the cover plates to create steel-on-brass 

contacting surfaces. The damper was designed to have two slots symmetrically placed on the central 

plate. All plates were clamped together using two 12-mm-diameter A325 high-strength bolts with 

“Belleville washers”. The total clamping force on each sliding surface was 108 kN (70% of bolt 

tensile strength). The test assembly was subjected to 30 displacement cycles without bolt impact, 

followed by 10 displacement cycles with impact on high-strength bolts, in general. Testing 

frequencies of 0.1, 0.5, and 1 Hz were used in the cyclic tests.  

Figure 1 shows the hysteresis of a SBC specimen under the first thirty displacement cycles 

without bolt impact. Generally, the hysteresis under each testing frequency is similar, hence only the 

results from the testing frequency of 0.1 Hz are demonstrated. The resulting force-displacement 

relationships were nearly rectangular in shape, which was consistent with the results obtained from 

many past researches. The initial friction forces were around 45 kN, and they became stable around 

95 kN after approximately 20 displacement cycles. Despite the fluctuation of the friction forces, 

steel-on-brass friction type specimens were acceptable because the variation of frictions was in the 

initial stage, therefore it would not affect the behaviour of damper when the specified slip travel 

was reached upon bolt impact. The stiffness increased sharply as can be seen in Fig. 2 which 

illustrates the portion of the hysteresis of a SBC specimen during bolt impact. From the figure, the 

first yield-plateau indicates the level of friction, while the second one shows the yield strength of 

the connection. During cycling of bolt impact, degradation of the friction force is evident. More 

than 50% of friction force was lost after only 4-mm of displacement was imposed beyond the 

provided slot length. Bearing caused permanent deformations in the clamping bolts, with the 

consequence of the friction loss.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 1 Force-Displacement Relationship of 

SBC: 30 Cycles, 0.1 Hz, without Bolt Impact 

Figure 2 Force-Displacement Relationship of 

SBC: 10 Cycles, 0.1 Hz, with Bolt Impact 

Figure 3 SBC Specimen after Bolt Impact: (a) Central 

Plate and Bolts; (b) Cover Plates and Brass Plates 

(a) (b) 

∆g 

Fs 

Fmax 

Kr 

Figure 4 Damper Force-Slip Travel Relationship 

of Slotted-Bolted Connection with restrainers 
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Figure 3 shows each component of the specimen after test. Damages of the clamping bolts can 

be clearly seen in the figure. More experimental results can be found in the original document by 

Wanitkorkul (2003). 

 

3. THE SLOTTED-BOLTED CONNECTION WITH RESTRAINERS 

 

With the unacceptable behaviour of SBC under bolt impact witnessed, it is obvious that remedy 

is needed to prevent bolt impact. The restraining concept proposed by Roik et al. (1988) to prevent 

undesirable bolt impact is adopted in this study, with slight modification. The device with 

restrainers will slip at the predetermined slip load Fs. The restrainers will be activated when the slip 

travel is larger than the provided slip distance ∆g, which results in increasing of the resisting force 

of the device at a stiffness Kr. This restraining force is further limited to a threshold value Fmax 

which remains constant at the second yield plateau. Figure 4 shows the force-slip travel relationship 

of a slotted-bolted connection with restrainers. The restraining stiffness Kr of the device can be 

selected as suggested by Roik et al. (1988). It should be noted that the change in stiffness at 

different stages is advantageous in suppressing the build-up of resonance, should there be a 

tendency for such an event. 

 

 

4. STEEL BUILDING 

 

4.1 Building Model 

We first take the case study of the steel structure considered by Filiatrault et al. (2001). The 

building is a 6-storey steel structure, rectangular in plan, and is braced by two exterior moment-

resisting frames. Gravity loads acting on the frame during the earthquake are assumed equal to 3.8 

kPa from roof dead load, 4.5 kPa from floor dead load, 0.7 kPa from floor live load, and 1.7 kPa 

from weight of the exterior cladding. Steel grade A36 is used for all members. The building, 

designed for seismic zone 4 in the United States, would not survive strong earthquakes when weld 

fractures occur in the welded beam-to-column connections. For retrofit, chevron-brace members are 

introduced in the central bay of the two exterior moment-resisting frames as shown in Fig. 5. The 

steel section HSS 300 mm x 300 mm x 15 mm is used for all chevron-brace elements. Slotted-

bolted connections are incorporated at one end of all bracing members. Both conventional SBC and 

slotted-bolted connections with restrainers (SBC-R) are considered. The fundamental vibration 

period of the original building was 1.30 sec and was reduced to 0.67 sec after retrofitted with the 

proposed system. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 N 
DAMPING

Figure 5 Steel Building Model and Retrofit Scheme 

Plan Elevation
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Because of symmetry, only one exterior moment-resisting frame was modeled as a two-

dimensional structure. Floor slabs and architectural elements were excluded. The panel zones of the 

beam-column joints were assumed to have no panel shear deformation and yielding during strong 

excitations. Large displacement effect was also considered in the analyses. P-∆ effect from interior 

columns was included by introducing a pin-ended gravity column into the building model, which 

represents all interior columns. Total gravity loads acting on the interior columns were applied to 

the gravity columns. Both the exterior frames and the gravity columns were constrained to undergo 

the same lateral displacement at each floor, representing a rigid floor diaphragm assumption. 

Bilinear moment-curvature relation with a curvature-hardening ratio of 2% was assigned to all 

columns. 

The flexural strength degradation model suggested by Filiatrault et al. (2001) was introduced at 

both ends of all beams to account for the brittle behaviour of welded beam-to-column connections. 

It was assumed that the strength degradation was independent in positive and negative bending. 

Only fractures at the beam-to-column interfaces were considered. An elasto-plastic moment-

curvature relation was specified for all beam elements. The connections were assumed to have no 

loss in shear capacity when weld fractures occurred. More details on the building model can be 

found in the original paper. 

 

4.2 Parameters for Conventional Slotted-Bolted Connection (SBC) and Slotted-Bolted 

Connection with Restrainers (SBC-R) Model 

For SBC, a slip load value (Fs1) of 1524-kN was assigned for the device on the first floor, which 

was equal to 40% of the buckling strength (Pb1) of the corresponding bracing element. In the case of 

SBC with restrainers, the maximum restraining force (Fmax) was limited to 60% of bracing buckling 

load to avoid damages to the bracing members, Based on the design procedure proposed by 

Filiatrault and Cherry (1990), slip loads of the connections on the second to the sixth floor were 

assigned a value equal to 80% of slip load on the first floor. Similarly, limits on restraining forces 

on the other floors were also assigned to be 80% of the maximum restraining force of the device on 

the first floor. The restraining stiffness was set equal to the corresponding bracing stiffness on each 

floor. A limit on slip travel was selected based on the maximum slip required in the most severe 

case, which will be discussed later. Axial springs with an elasto-plastic axial force-displacement 

relationship were used for all bracing members.  

 

4.3 Earthquake Ground Motions 

Three near-field earthquakes were considered in the nonlinear dynamic analyses, i.e. the 1989 

Loma Prieta and the 1966 Parkfield earthquakes, which have the same peak ground acceleration of 

0.48g, and the 1940 El Centro record with PGA’s of 0.34g. Figure 6 depicts the accelerograms and 

the pseudo-acceleration response spectra with 5% damping associated with these earthquakes. 

 

 

 

 

 

 

 

 

 

 

4.4 Performance 

Nonlinear dynamic analyses were performed using the computer program RUAUMOKO (Carr 
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Figure 6 Accelerograms and Pseudo-Acceleration Response Spectra with 5% Damping
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2000). The unretrofitted building collapses under all earthquakes considered with the peak inter-

storey drift greater than 5% which indicates that retrofit is required for this structure. 

 

4.4.1 Performance of Building with SBC 

The most severe scenario results from the Parkfield earthquake, which results in the peak inter-

storey drift of about 1.2% on the ground floor and the maximum curvature ductility of 3.8 in the 

ground floor columns. Damage is concentrated only on the first two floors with no yielding taking 

place on the others. The Loma Prieta earthquake, having the second highest spectral value, results in 

the maximum inter-storey drift of 0.8% and a peak curvature ductility of 2.7 in the ground floor 

columns with less damage compared with Parkfield. For the El Centro motion, it causes the least 

damage which is consistent with its lowest spectral value compared with other near-field records. 

Figure 7 illustrates the peak slip travels of the device obtained from analyses. The maximum slips 

of the device on the first and second floors are 35 and 20 mm, respectively, which result from the 

case of the Parkfield earthquake. These slip values are used for calculation of slip limits as 

discussed in the next section. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

4.4.2 Performance of Building with SBC-R 

Half of the maximum slip travel resulted from the case of Parkfield earthquake was applied to 

the SBC-R model as the slip threshold for activating the restrainers in the SBC-R model. Hence, the 

slip travel of the SBC-R on the first floor was limited to 17.5 mm when restraining effect takes 

place. However, rather than using different slip limits on each floor, the slip limit assigned to all 

devices on the other floors was 10 mm which was half of the maximum slip occurred on the second 

floor.  

Figure 8 presents the peak inter-storey drifts of the structure subjected to the Parkfield 

earthquake. For the case of Loma Prieta, the maximum slip travel is close to the limit value; hence, 

responses from the system without and with limited slip are similar. For Parkfield excitation, with 

limited slip, the peak floor displacement is reduced by 11%. The inter-storey drifts on the first and 

the second floors are reduced by 9 and 16%, respectively, while those on the other floors increases 

by 6-33% because restraining actions stiffen the lower floors compared to other floors. Although the 

inter-storey drifts in those upper floors increase, the maximum value is still less than the immediate 

occupancy limit of 0.7% as per ATC (2000). The maximum curvature ductility in the ground floor 

columns is reduced to 3.5 which amounts to 8% reduction while there are no yielding of columns on 

the other floors.  

It seems that the advantage of restrainers in terms of response reduction is not promising. 

Figure 7 Maximum Slip Travel of SBC: 

Fs1/Pb1 = 0.40 

Figure 8 Peak Inter-Storey Drifts: 

Parkfield Earthquake 
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However, it is worth noting that, without restrainers, bolt impact may occur should the intended slip 

travel be accidentally reduced by, for instance, error in workmanship. Significant degradation of the 

friction force of the device would result as mentioned earlier, which can result in much worse 

performance or even collapse of the structure. The advantage of the restraining action is evident 

from the damper force-slip travel plot shown in Fig. 9. With the maximum normalized restraining 

force (Fmax/Pb1) of 0.60, the maximum slip travel is reduced by 15% from the case without 

restrainers. Further reduction of 20% results when Fmax/Pb1 is increased to 0.90.The shorter travel 

obviously provides extra safety against the undesirable bolt impact. Hence, utilization of restrainers 

in slotted-bolted connections is desirable and beneficial.  

Although the benefits of SBC-R are evident, the device also induces larger base shear to the 

system. Figure 10 shows the peak base shear with different slip loads and restraining force limits. 

With restrainers, the total base shear of the retrofitted structure increases, which directly affects the 

foundation system. The magnitude of the additional base shear induced by SBC-R depends on the 

level of slip load and restraining-force limit, and the earthquake considered. For the case of the 

Parkfield earthquake with a 40% normalized slip load, the total base shear increases by 15% and 

39% with the normalized restraining force of 60% and 90%, respectively, while the corresponding 

increase for the case of Loma Prieta excitation is about 15% only.  

It should be noted that the selected parameters, i.e. slip load, maximum restraining force, etc., 

are for demonstration purposes. To determine the optimum values, more parametric studies are 

required. This is out of scope of this study. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

5. RC BUILDING 

 

5.1 Building Model 

An existing 6-storey reinforced concrete building with brick masonry, which has been in use as 

an apartment building in suburban Bangkok (Bang Na area), Thailand since 1989, is next 

considered for seismic performance evaluation. It has typical details which represent many 

buildings in Bangkok. The exterior frames have masonry walls in all spans and all storeys except 

the ground floor level while the interior frames have masonry walls only in the exterior spans from 

the second to the fifth floors. Figure 11 shows the plan and elevation views of the building. Because 

of symmetry, only half of the building was modeled. The reinforcement details of the beams and 

columns are typical of non-ductile design in Thailand (Wanitkorkul 2003).  

The Takeda hysteretic model was assigned for all beams and columns. A flexural strength 

degradation model was also introduced to the inelastic springs of all beam and column elements 

0.9 

Figure 9 Damper Force- Slip Travel of SBC and 

SBC-R: Parkfield Earthquake 

Figure 10 Total Base Shear for Retrofitting 

with Different Restraining Force Limits 
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when the ultimate section capacity was reached to simulate the post peak behaviour of the member. 

The model simulating the brick masonry wall proposed by Crisafulli (1997) was also included. 

Figure 12 depicts the masonry wall model. The strength of each spring representing masonry can be 

calculated as follows: 

 

For shear spring,       =
m m

u ,shear

L t
P

cos

τ

α

                (1) 

 

For axial spring,       
2

′
=

m ms

u ,axial

f A
P                 (2) 

 

where Pu,shear and Pu,axial are the strengths of the equivalent shear and axial springs, respectively; τm 

and Lm are the shear strength and the horizontal length of the masonry wall, respectively; t is the 

thickness of the wall; α is the inclination angle of the equivalent shear spring; 
m
f ′  is the compressive 

strength of the masonry; and Ams is the area of the equivalent masonry strut. More details can be 

found in the original document. 
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5.2 Earthquake Ground Motions 

The ground motions induced by distant earthquakes were simulated using the available soil 

properties from field tests in Bangkok area (Wanitkorkul 2003). Three strong rock outcrop motions 

were selected as input motions for the analyses, namely, the 17 October 1989 Loma Prieta 

earthquake records at the Cliffhouse and the Diamond Heights stations and the Pasadena signal 

from the 1952 Kern County, California earthquake. Figure 13 depicts the resulting ground motions 

and their response spectra. The 1995 Bangkok excitation with scaled peak acceleration of 0.10g was 

also included in the investigation.  

 

5.3 Performance 

 

5.3.1 Response of Unretrofitted Building 

For all the earthquakes considered, the damages are concentrated on the first few floors due to 

the poor structural system. Failure of two thirds of the ground floor columns occur at the storey drift 

level of less than 0.8%. This indicates non-ductile behaviour of the system. The Loma Prieta 

(Cliffhouse)-based excitation put the most severe demand on the building. So results will be 

presented based mainly on those from the Loma Prieta-based earthquake.  

The maximum curvature ductility of 9.7 occurs in a few ground floor columns of the interior 

frames which is about 139% of the curvature capacity at ultimate moment resistance. These 

columns can be regarded as totally collapsed. However, no failures occur in ground floor columns 

of the exterior frames because of the lower level of axial load. High axial load level increases the 

strength of the column; however, it also decreases the ductility capacity. As for the brick walls, 

some infilled panels on the second and the third floor fail in the sliding-shear failure mode because 

of the low-strength of the mortar used in their bed joints. 

 

5.3.2 Retrofit Scheme 

The proposed retrofit scheme consists of incorporating a reinforced concrete shear wall on the 

ground floor with a frictional damping device connecting the wall and the beam in the central bay 

of the exterior frame (Fig. 14). This system has the advantage over the bracings with friction 

dampers system in that it does not require strengthening of the existing foundations, as will be 

explained later. Of course, the wall itself has to be constructed on a (new) separate foundation. This 

would be easier to build and also more economical. This scheme also does not induce high forces 

into the vulnerable beam-column joints. The 225-mm thick x 1200-mm wide shear wall is designed 

to respond without any yielding to avoid the pinching behaviour that would result in poor 

performance. This can be achieved with the use of the friction dampers which can limit the force 

transferred to the wall and provide an additional source of energy dissipation. 

 

5.3.3 Performance of Building Retrofitted with SBC 

After a couple of trials, a value of 3% of the total seismic weight (W), or 320 kN, was selected 

as the slip load of the device. The peak inter-storey drifts of the unretrofitted and retrofitted 

buildings are compared in Fig. 15. Only the results from the most severe earthquake, i.e. the Loma 

Prieta (Cliffhouse)-based excitation, are shown here. In general, retrofit reduces responses on the 

first floor. The retrofit system reduces the peak inter-storey drifts by 20%, compared with the 

unretrofitted building. However, stiffening the first floor induces more damage on the upper floors. 

Damage is distributed to the other storeys instead of concentrating on the first floor as indicated by 

the increase in the inter-storey drifts on those upper floors. However, even with an increase in the 

peak inter-storey drifts ranging between 3-17%, the resulting curvatures on the upper storeys are 

still small that neither the beams nor columns reach flexural failures.  

Considering only the inter-storey drifts, it seems that the retrofit system is not so effective. 

However, in terms of collapse prevention, the retrofit system proves beneficial in preventing 
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failures of the ground floor columns. The maximum curvature ductility of the ground floor columns 

is reduced from 9.7 in the unretrofitted system to 6.5 with the presence of the retrofit system in the 

worst scenario earthquake. This amounts to a reduction of 33% in the maximum curvature ductility 

demand of the ground floor columns compared with the unretrofitted building whose columns fail 

under the same excitation.  

The maximum slip travel of the device resulting from each excitation, when no restrainer is 

provided to limit the slip travel, is shown in Fig. 16. The maximum slip travel of 8.4 mm results 

from the case of earthquake simulated by using the Loma Prieta (Cliffhouse station) record. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

5.3.4 Performance of Building Retrofitted with SBC-R 

Half of the maximum slip required by the case of the earthquake generated from the scaled 

Loma Prieta earthquake (Cliffhouse station), or 4.2 mm, is assigned as the threshold slip for 

activating the restraining action, and hence additional restraining force. This will be referred to as 

the limited-slip case. With this value of slip limit, the other generated signals cause (practically) no 

impact in the device. Thus, only the excitation simulated by using the scaled Loma Prieta 

(Cliffhouse station) record is considered in the analyses. Since a high maximum restraining force 

induces high demand on the foundations, only 5% of total seismic weight of the building, or 510 kN, 

is assigned as the limit on the maximum restraining force.  

Figure 15 compares the computed peak inter-storey drifts of the building for different cases. 

Similar to the previous case, retrofit with limited-slip friction damper reduces the peak inter-storey 

drift response on the first floor by about 13% but slightly increases those on the upper floors by 1-

3% compared with the case of conventional damper. No flexural failures occur in any structural 

element. With slip limit, the maximum deformation of the ground floor column is reduced; hence, 

less damage occurs. The maximum curvature ductility of the ground floor column is reduced to 5.1 

which is decreased by 22% compared with the case of no slip limit. 

Comparison of the base shears for different building systems is shown in Fig. 17. The base shear 

resisted by the original frames is reduced by 7% compared with the retrofitted structure with no 

slip-limit friction damper, while the total base shear increases by 3%. The decrease in base shear in 

the original frames when retrofitted with SBC-R (or even without restrainers) makes it unnecessary 

to strengthen the existing foundations, which is an advantage. Figure 18 shows the force-slip travel 

of the device. With slip limit, maximum slip travel decreases to 5.3 mm which is a 37% reduction 

compared with the case without limit on slip travel (8.4 mm). Again, the restrainers provide extra 

safety to the device against bolt impact, which is an advantage over the conventional one.  

 

 

Figure 15 Peak Inter-Storey Drifts: Loma Prieta 

(Cliffhouse)-Based Earthquake 

Figure 16 Peak Slip Travel of Friction Damper
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5.3.5 Storey-Level Damage Index 

To quantify damage on each floor the Park and Ang (1985) damage index (DI) is adopted with 

slight modification to determine the storey-level damage index of each storey as follows: 
 

s h,s storey m h,m storeymax

u u u storeystorey

( dE ) ( dE )U
DI

U (F U )

 β +β 
 = + 

×    

∫ ∫
      (3) 

 

where Umax and Uu are the maximum floor displacement and the ultimate floor displacement 

capacity, respectively; Fu is the ultimate shear strength of the storey associated with Uu, obtained 

from the pushover analysis; dEh,s and dEh,m are the incremental hysteretic energies absorbed by 

structural components and masonry panels, respectively; and βs and βm are the model constant 

parameters for structural components and masonry, respectively. A value of 0.1 for βs was suggested 

by Valles et al. (1996). Ang and Kwok (1987) suggested a value of 0.075 for unreinforced brick 

masonry. Hence, these values were adopted for damage index calculation.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 19 depicts the calculated damage indices for buildings subjected to Loma Prieta 

(Cliffhouse)-based earthquakes. Since damages generally concentrate on the first three floors, only 

damage indices of these storeys are presented. It should be noted that for the unretrofitted building 

under the worst scenario earthquake (Loma Prieta (Cliffhouse)-based ground motion with PGA of 

Figure 17 Base Shear Distributions: Loma Prieta 

(Cliffhouse)-Based Earthquake

Figure 18 Force-Slip Travel of Friction Damper: 

Loma Prieta (Cliffhouse)-Based Earthquake, 

FS/W = 0.03, Fmax/W = 0.05 

Figure 19 Storey Damage Index: Loma Prieta 

(Cliffhouse)-Based Earthquake 
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0.08g), the ground-floor damage index is 0.99 which indicates that the storey is on verge of collapse. 

The damage indices of the other storeys are much less than 1, indicating no failure is imminent. 

Upon retrofitting with no slip limit friction damper, the damage index of the ground level is reduced 

to 0.77, a reduction of 23% compared with the unretrofitted building, while the damage indices of 

the other storeys are increased insignificantly. Further reduction in ground-floor damage index is 

achieved by utilizing slip limit with the maximum normalized force of 0.05. In this case, the 

ground-floor damage index is reduced to 0.68, which is 12% lower than the case without slip limit. 

These results are consistent with the findings described earlier. 

 

 

6. CONCLUSIONS 

This study focuses on the behaviour of the slotted-bolted connections (SBC) when the slip 

travel exceeds the provided slot length. The effectiveness of the dampers with restrainers (SBC-R) 

is demonstrated. Nonlinear dynamic analyses on two prototype buildings equipped with SBC and 

SBC-R were performed to evaluate the performance of the SBC-R as a seismic protection device. 

The following conclusions can be drawn from this study: 

Bolt impact causes severe damage to the clamping bolts with significant degradation of the 

friction force of the device. Loss of friction can be more than 50%. Therefore, accidental impact of 

bolts in an unforeseen event can lead to disastrous result. 

For the steel building under strong ground motions, the SBC-R is superior to the conventional 

SBC in the worst loading case, resulting in reduction of the peak inter-storey drift by 9-16% and the 

peak slip travel by 15-30% depending on the maximum normalized restraining force.  

Although the peak inter-storey drift and the peak slip travel of the device decrease with 

increasing in the restraining force limit, the extra gain has to be balanced with the potential of 

buckling of the bracing at the high restraining force. 

For the RC building under moderate ground motions, the limited-slip friction damper can reduce 

the peak curvature ductility demand by 22% compared with the conventional damper, which results 

in less damage in the ground floor columns. 

The peak slip travel of the device is reduced by 37% with the use of restrainers, similar to the 

case of the steel building. This provides extra safety against bolt impact which can damage the 

damper. 

Higher restraining force induces higher base shear; hence the adequacy of the foundations has to 

be properly addressed as well in retrofitting of buildings. 
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Abstract:  In late 1999, the US National Science Foundation (NSF) launched a major new research 

initiative known as the George E. Brown, Jr. Network for Earthquake Engineering Simulation (NEES).  

This initiative substantially upgrades resources available in the US for experimental and computational 

research related to the simulation of earthquake effects on the engineered environment.  Importantly, 

these resources are interconnected and linked to the earthquake engineering community via a state-of-

the-art, network-enabled infrastructure for information management and communication.  The NEES 

infrastructure is expected to become fully operational in late 2004, and a ten-year program of 

collaborative research and education is being planned utilizing these resources.  The NEES program 

raises numerous, important new opportunities for international cooperation and collaboration in the field 

of earthquake engineering, not only in terms of cooperative activities focused on technical problems of 

global importance, but also in terms of the prospects at the international level for enhanced 

communication, archiving of data and exchange of information and personnel. 

 
 
BACKGROUND 

 
    The George E. Brown, Jr. Network for Earthquake Engineering Simulation (NEES) is intended 
to transform America’s ability to carry out earthquake engineering research.  This program 
involves capital outlays from NSF and host institutions in excess of $100 million. Research and 
operating expenditures are likely to exceed four times this amount over the planned ten-year 
operation of the facilities.  NEES is intended to accelerate substantially progress in earthquake 
engineering, leading to technically sound and cost-effective guidelines for the design, analysis and 
evaluation of engineered facilities and systems.  Specific goals generally cited for NEES include 
generating new engineering knowledge vital to reducing the vulnerability of the engineered 
environment to catastrophic earthquakes, and educating a more diverse and capable workforce.  
 
    The NEES initiative is part of the Major Research Equipment and Facilities Construction 
(MREFC) program at NSF.  The intent of this program is to provide the NSF research community 
with major world-class research tools, on a shared-use basis, that can enable them to address 
problems of critical importance to the United States and the world.  Similar major research 
facilities programs at NSF include the South Pole Station, Laser Interferometer Gravitational-Wave 
Observatory (LIGO), National Radio Astronomy Observatory, and the National Center for 
Atmospheric Research.  NEES is the first MREFC initiative to be undertaken by the Engineering 
Directorate, and as such, incorporates several new and unique features.  
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    When fully operational in October 2004, the NEES 
program will provide the US earthquake engineering 
community with an unprecedented infrastructure for 
research and education.  This infrastructure consists of 
networked and integrated resources for 
experimentation, computation, model-based 
simulation, data management, idea generation, and 
communication.  Rather than placing all of these 
resources at a single location, NSF is leveraging its 
investment and fostering the integration of research 
and education by distributing the new shared-use 
equipment among approximately 15 universities 
throughout the US.  To insure that researchers can 
effectively use this equipment, the new NSF-funded equipment sites will be operated as shared-use 
facilities, and NEES will be implemented as a network-enabled collaboratory.  As such, members 
of the broad earthquake engineering community will be able to access unique, next generation 
instruments and equipment, interact with one another, share data and computational resources, and 
retrieve information from extensive digital libraries, without regard to geographic location. 
 
    In this paper, some of the unique features of NEES are described, focusing on those related to 
operating NEES as a collaboratory.  Opportunities for international collaboration are also 
highlighted. 
 
 
CURRENT ACTIVITIES 

 
    Currently, four major activities are being undertaken to bring the NEES program on line. These 
include (1) constructing the shared-use equipment sites, (2) developing standards and advanced 
networking capabilities to connect experimental, computational and other resources with the 
earthquake engineering community as well as to the public at large, (3) developing a community-
backed research collaboratory and consortium to carryout and help manage NEES activities, and 
(4) identifying a research agenda that addresses high priority needs.  The status of these activities is 
briefly summarized below. 
 
    The portfolio of new shared-use, test equipment being developed within NEES includes major 
new or upgraded shaking tables, reaction wall facilities, geotechnical centrifuges, tsunami wave 
tanks, and field test capabilities (a few of the facilities are shown in Figs. 1 through 5).  Many next-
generation capabilities and features have been incorporated in these facilities, enabling types of 
experimentation and tests not previously possible in the US.  Shared-use sites are currently under 
construction at: 

• Actuator-based Hybrid Simulation Facilities: Lehigh University, University of Buffalo, 
University of California at Berkeley, University of Colorado at Boulder, University of Illinois 
at Champaign-Urbana, and University of Minnesota at Minneapolis 

• Field Test Facilities: Bingham Young University, University of California at Los Angeles, and 
University of Texas at Austin 

• Geotechnical Simulator Facility: Cornell University, Rensselaer Polytechnic Institute, and 
University of California at Davis 

Fig. 1  Shared Use Field Test 
Equipment, Univ. of Texas, 
Austin
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• Shaking Table Simulation Facilities: University of Buffalo, University of California at San 
Diego, and University of Nevada at Reno  

• Tsunami Wave Basin Simulator Facility: Oregon State University 
 
    At each site, participation by off-site collaborators is being encouraged through the development 
and installation of advanced capabilities for tele-observation and tele-operation. Information on the 
objectives and capabilities at each site may be found at: http://www.nees.org.   
  
    To enable broad-based collaboration by the earthquake engineering community, recent advances 
in information technology and computer science are being adapted and extended as a central 
feature of the NEES program.  The systems being implemented will provide convenient, secure and 
dependable access to NEES resources and data.  Integral to this system is a high-performance 
(>1Ghz) network with integrated services providing secure access to computational resources, 
software, databases and communication capabilities.  In addition, it is providing a common 
infrastructure and set of protocols and tools for defining, sharing, analyzing and storing data and 
metadata, and carrying out hybrid simulations drawing concurrently upon experimental and 
computational resources at several geographically distributed sites.  This system integration effort 
is led by the National Center for Supercomputer Applications (NCSA) headquartered at the 
University of Illinois at Urbana-Champaign, in conjunction with a consortium of other universities 
and national laboratories.  In addition, the NEES IT infrastructure will provide a capability for grid-
based, high performance computing. This will involve a special implementation of the open source 
computational framework known as OpenSees (see http://www.opensees.edu) and other similar 
applications for numerical simulation.  Special emphasis will be placed on software for introducing 
high performance computing within an educational context (see: 
http://www.ce.berkeley.edu/~filippou/Courses/FEDEASLab.htm). More information on the NEES 
network and related services may be found at http://www.neesgrid.org.   
 
    The overall NEES infrastructure is being administered and managed by a single community-
based and community-led not-for-profit entity, known as the NEES Consortium, Inc. (NCI).  The 
NEES program will be operated as a collaboratory serving the needs of the entire earthquake 
engineering community. As such, NCI will be responsible for the management, operations and 
maintenance of the various laboratories, computational, network, database, software, and other 
resources that are part of the overall NEES program, and for facilitating the participation of the 
earthquake engineering community in NEES related activities.  Additional information on the 
NEES Consortium, including the by-laws and charges to various standing committees, may be 
found at http://www.nees.org/. 

 
    NSF has funded two national projects to help 
identify and prioritize the long-term uses of NEES 
resources. The Earthquake Engineering Research 
Institute (EERI) undertook one of these efforts, which 
focused on identifying the overall research needs for 
reducing earthquake losses in the US.  The National 
Research Council, and focuses on the specific uses of 
NEES carried out the other effort.  The results of the 
EERI effort (EERI, 2003) may be found on line at 
http://www.eeri.org.  The report of the National 
Research Council (NRC, 2003) is available at 
http://www.nas.edu/nrc/. 

Fig. 2  Shared Use Shaking Platforms, 
Univ of Nevada, Reno 

- 183 -



 
 
SPECIAL FEATURES OF NEES 

 
    While several NSF programs have general goals similar to those articulated for NEES, there are 
several features that make NEES unique.  Clearly, the unprecedented array of new next-generation 
resources will increase the ability of researchers in the US to carry out cutting-edge research.  
However, other features are likely to have even more profound long-term impacts. These include 
the intent of programs organized within NEES to (1) integrate and serve the entire earthquake 
engineering community and (2) and explicitly incorporate aspects of experimentation, theory 
formulation and validation, data curation, model-based simulation, high performance computing 
and education.  As such, in solving challenging earthquake engineering problems, NEES programs 
will employ a comprehensive array of methodologies and tools as well as a diversity of 
backgrounds, disciplines and expertise.   
 
    Another unique feature of NEES is the “shared use” nature of the new experimental facilities 
being funded by NSF.  While a portion of the use of these facilities is reserved for investigators at 
the host institution, the majority of use is intended for NEES projects by off-site investigators.  
 
    An important aspect of the NEES program is that the majority of the efforts and costs associated 
with managing, operating and maintaining NEES resources are directed by NSF to NCI.  NEES 
research projects using these shared-use facilities are funded directly by NSF, and awards are made 
on the basis of competitive reviews of proposals received from the entire earthquake engineering 
community.  Thus, NCI has no specific input into the nature of the research programs undertaken. 
Since NSF will fund (through NCI) the shared-use aspects of operating these new equipment sites, 
the cost to NEES research projects of conducting tests or other activities at shared use facilities 
should be substantially reduced.   In addition, each shared-use facility will provide on- and off-site 
researchers with an array of services, including (1) on-site and on-line training on use of the 
facilities, (2) extensive capabilities for tele-communication, tele-observation and tele-operation;  
(3) personnel to assist with planning and conduct of tests;  (4) help in locating local contractors and 
support personnel necessary conducting the tests; (5) assistance with documenting and storing data; 
(6) well-written on-line manuals, help desks and knowledge bases and (7) educational opportunities 
for participants while on site.  NCI will provide a number of critical services, including archiving 
data and metadata, providing support for the development of shared-risk tools, such as various 
software applications, and encouraging broad-based collaboration within the earthquake 

engineering community. 
 
    The shared-use aspect of NEES will allow 
investigators from universities, other research and 
educational institutions, industry and business to 
propose (or participate in) research programs even if 
their home institutions do not have the necessary 
research resources.  Similarly, students interested in 
conducting experimental research following 
graduation can join a university or organization that 
does not have its own laboratory or computational 
facilities, and be assured of ready access to world-
class resources. 
 

Fig. 3   Shared-Use, Reconfigurable 
Reaction Wall, UC Berkeley 
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    One of the major features of NEES is that it is to be 
implemented as a collaboratory.  This strategy is intended to 
accelerate progress through the integration and synergism 
associated with collaboration.  It also builds upon specific 
advances in information technology that facilitate the 
interaction of collaboratory participants with each other, with 
research equipment and instrumentation, with large and 
diverse data sets, and with software and other applications.  
The Collaboratory may well prove to be the primary catalyst 
within NEES for transformation of the earthquake 
engineering community. 
 

 
THE NEES COLLABORATORY 

 
    The collaboratory concept utilized in NEES refers in part to the harnessing of information 
technology to:  (1) bring researchers, educators and students together with members of the broad 
earthquake engineering community and public,  (2) provide them ready access to powerful 
experimental, computational, database, information management and communication tools, and (3) 
facilitate their collaboration, without regard to geographic location, as if they were “just across the 
hall.”  This builds upon the well-known concept initially proposed by William Wulf [NRC, 1993].  
To achieve this ideal, collaboratories incorporate a number of specific capabilities to facilitate 
sharing of data, sharing of software, sharing of research facilities, developing “shared risk” 
community-based resources, and communicating with remote colleagues.  In this context, a 
collaboratory is not a “research center” per se, but rather, a proactive and supportive virtual 
environment that facilitates the research activities of its participants.   
 
    It is intended that NEES incorporate other facilities for experimentation, computation, data 
analysis, and visualization beyond the new shared-use sites, both nationally and internationally.  
Efforts are currently underway by NCI to identify minimum resources, policies and costs 
associated with a resource provider or group becoming affiliated with NEES.   
 
    A World Forum on Collaboration in Earthquake Engineering Research is planned later in 2004to 
discuss such opportunities amongst the international community.  This Forum will focus on large, 
multidisciplinary programs underway globally related to earthquake engineering research, specific 
infrastructure requirements for implementing NEES-like networking services among international 
collaborators, and policies and protocols for carrying out collaborative research within the NEES 
environment. 
 
    An important aspect of the NEES Collaboratory is the integration of experimental and 
computational forms of simulation, and a shifting of focus in the long-term from the mechanics of 
simulation, to information and information technology.  Thus, one might view NEES and the NEES 
Collaboratory as a means of “getting information to those who need it in a form most useful to 
them.”  Experimentation and computation are powerful means to advancing understanding; 
stimulating innovation and generating needed information.  However, ready access to information 
and promoting information literacy are high priority goals of the NEES Collaboratory. 
 
 
 

Fig. 4  Shared Use Tsunami 
Wave Tanks, OSU 
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The Collaboratory Vision  

 

    Much of the background related to the 
development of the NEES program, and the 
vision for its implementation may be found in a 
white paper [Mahin, 2002] entitled “Towards a 
Vision for the NEES Collaboratory.”   This 
document includes an extensive discussion of similar projects at NSF, organizational and practical 
aspects of operating a network-enabled collaboratory, and metrics often used in assessing the 
performance of such ventures.  In addition, the white paper includes a discussion of the NEES 
participant community and an assessment of the strengths, weaknesses, opportunities and threats of 
this community that need to be considered in developing the NEES program.  The document also 
proposes draft mission and vision statements for the NEES collaboratory as well as specific goals.  
The overarching goal of the NEES Collaboratory is the integration of people, ideas, and tools 
within a collaboratory environment to accelerate progress in earthquake engineering.  To achieve 
this, the NEES Consortium is being implemented to enable the mission identified for the 
Collaboratory;  this mission includes: 

1. facilitate collaboration by the earthquake engineering community in research and 
education, nationally as well as internationally; 

2. enhance the research capabilities of the US earthquake engineering community;  

3. foster innovative research leading to technically sound and cost-effective approaches 
to earthquake loss reduction and otherwise serving the critical needs of society; 

4. promote the use of engineering knowledge through curated data repositories and 
programs of information dissemination; and 

5. integrate research and education in support of effective programs of education at all 
levels. 

 
    The vision for the NCI and the NEES Collaboratory is to synergistically blend information 
technology with earthquake engineering, to promote the widespread acquisition and use of 
engineering knowledge through curated digital libraries, and proactively facilitate programs of 
information dissemination.  NEES research programs are expected to integrate significant aspects 
of experimentation, theory formulation and validation, data curation, model-based simulation, high 
performance computing and education, and involve experts from a diversity of technical disciplines.   
To realize this vision, it is expected that NCI will partner with government entities, academia, 
industry and business, nationally and internationally.  In addition, outreach and educational 
activities being formulated by NCI are intended to serve the public in numerous ways, including 
helping develop improved policies and more effective regulations for earthquake loss reduction, 
attracting and training a more diverse and capable workforce, and developing effective learning 
programs across the full educational spectrum. 
 
Collaboratory Services 

 
    Collaboratory capabilities are being developed to assist investigators before, during and after 
projects.  At the core, these include services for sharing of information, software, facilities, and 
communication with remote colleagues.  These would support activities related to generating of 
ideas and support for research projects, developing of proposals, planning of research activities, 
executing the research plan, analyzing and interpreting the results obtained, and incorporating 

OVERARCHING GOAL OF THE NEES 
COLLABORATORY 

 

Integration of people, ideas, and tools within 
a collaboratory environment to accelerate 

progress in earthquake engineering 
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findings in various education and outreach efforts.  A wide variety of activities are possible, 
depending on the needs of the participants, and the nature of the project.  Various collaboration 
functions, tools and enabling technologies are needed to offer such services.  
 
 
NEES PROJECTS 

 
    As mentioned previously, NSF will determine the 
type and nature of projects to be undertaken by NEES 
through a competitive peer-review process.  Specific 
details of the NEES research solicitation may be found 
at: 
http://www.nsf.gov/pubsys/ods/getpub.cfm?nsf03589. 
Projects undertaken will consist of an array of: (1) 
traditional single investigator grants; (2) grants to small 
groups of investigators addressing specific problems; 
and (3) larger multidisciplinary, multiple institution 
programs involving several investigators. 
 
 NEES research projects will differ from current efforts in that investigators will need to utilize at 
least one of the shared-use experimental facilities and take advantage of the next-generation 
network infrastructure to interact with (1) other investigators; (2) the shared-use or other resources 
within the NEES federation of resources; (3) data of various sorts, or (4) NEES software and 
computer applications.  Projects funded through NEES will be required to document and share data 
obtained from experimental and computational investigations in accordance with community-based 
policies, procedures and formats.  Details are currently being developed by the NEES Site 
Operations and Shared Use Committee and the Data Sharing Committee regarding the types of data 
and metadata to be archived, and time frame for the release of information to the public. 
 

    It is anticipated that the NEES program will more than double funding for earthquake 
engineering research in the US during the 2004-2015 time frame.  As such, there are tremendous 
opportunities to solve major technical and social problems associated with earthquake engineering. 
 
Single Investigator Grants 

 
    Single investigator grants provide the backbone of NSF’s research program.  By employing 
competitive peer review, NSF is able to identify the most promising, innovative and technically 
sound ideas for research.  They would be expected to remain an important and vital component of 
the NEES program.   
 
    Such projects may be particularly useful to explore and develop new concepts and 
methodologies, identify and fill gaps in existing knowledge.   Significantly, such grants may be 
particularly useful in gathering existing experimental and analytical data/metadata and processing it 
into the format required by the NEES data repository.  Like all NEES projects, single investigator 
grants must utilize one of the NEES shared-use experimental facilities.  It is likely, given the nature 
of NEES, that there will be, even with single investigator type projects, a high level of 
collaboration with other investigators. 
 

Fig. 5   Shared Use Geotechnical 
Centrifuge, UC Davis 
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Group investigations 

 
    The telecommunication and other collaboration features of the NEES Collaboratory are 
particularly well suited to assist small groups of investigators wishing to collaborate on a particular 
problem.  Often, these may involve geographically separated investigators having different 
expertise and backgrounds.  For example, experimentalists, theorists and analysts might unite to 
advance a particular aspect of model-based analysis. Other projects may integrate individual 
investigations across scales (for example, investigations characterizing behavior at the material, 
component and subassemblage level) and disciplines (e.g., involving tsunami- and geo-engineers in 
the investigation of coastal structures).  Similarly, groups of investigators might band together to 
devise testbeds for comparing different approaches to the solution of a common problem (e.g., 
devising a benchmark structural test platform to assess different active control algorithms, sensors, 
actuators, etc.).   
 
    A special type of group collaboration may involve “mission payload” type investigations, where 
investigators leverage the efforts of others to conduct research of their own.  For instance, 
investigators working on health monitoring systems and damage assessment algorithms (or 
investigators focusing on the response of non-structural systems and contents, approaches for 
improving the performance of vulnerable structures, methods for post-earthquake repair, and so on) 
may simply want to install special instrumentation on another investigators test specimen, access 
another investigators analytical model, or to use these models following the studies undertaken by 
the primary investigator.   The NEES Collaboratory will focus on maximizing opportunities for 
leveraging the impact of individual investigations through such symbiotic and potentially 
synergistic activities. 
 
    Group collaborations involving expertise from information technology and earthquake 
engineering may also be appealing.  For example, groups may unite to develop community-backed 
resources, such computational environments and applications for high performance computing and 
visualization.  Other multidisciplinary groups may form to advance experimental methodologies or 
to enhance data management and mining capabilities. 
 

Grand Challenge Multi-investigator Programs 

 

    As important as individual and group investigations are expected to be, it is anticipated that 
NEES resources will have the largest impact when directed towards “Grand Challenge” projects 
that address issues of national and international importance.  Such projects are ones of substantial 
scope, and that require, by necessity, large numbers of investigators, consultants, and participants 
from a variety of disciplines.  
 
    A recent example in the US of such a project is the Program to Reduce Earthquake Hazards in 
Steel Moment Frame Structures [FEMA, 2000].  This project was funded by the US Federal 
Emergency Management Agency (FEMA), with additional support from other federal and state 
agencies, industry and a variety of professional and trade associations.  This program was initiated 
in response to the 1994 Northridge earthquake, which caused brittle fractures in the critical beam to 
column connections of many welded steel moment frame buildings.  The types of fractures 
observed where unexpected, and counter to highly ductile behavior anticipated by building codes.  
This six year, $12.5 million program involved more than 100 individual research projects, testing at 
eleven different institutions, and more than 250 individual participants.  Using a performance-base 
reliability framework, it integrated wide-ranging activities, including research, economic, social 
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and political studies, and guideline development, and training (see Fig. 6).  The resources being 
developed within NEES for analytical and experimental analysis, communication and education 
would have substantially benefited this program. 
 

 
    Similar grand challenge efforts could be developed to address and extend performance-based 
criteria for design, evaluation, retrofit and repair other types of new and existing systems.  For 
example, studies could focus on  

1. General and regional applications of braced steel frames; composite, reinforced concrete 
and timber structures; systems incorporating various protective systems, such as seismic 
isolation and supplemental energy dissipation devices; special occupancy structures 
employing unusual performance criteria; etc. 

2. Various types of nonstructural systems and components as well as critical contents and 
equipment housed in structures 

3. Infrastructure components and systems, including various transportation and utility systems,   

4. Geo-structures of various types;   

5. Soil-foundation-structure interaction, including the impact of soils and foundations on 
seismic response and the development and evaluation of various design methodologies, 

6. Coastal structures of various types to earthquake ground shaking and the effects of tsunami, 

7. Development and evaluation of new and innovative technologies and methodologies (active 
control, optimum design, high performance materials, hybrid and other special structural 
systems, etc.) 

8. Improved methods for post-disaster condition assessment, safety assessment, loss 
estimation, repair, including response to unanticipated and undesirable modes of behaviors. 

 
    It is clear that the facilities and collaboratory concepts embedded in NEES are applicable to 
many other forms of natural and man-made hazards, including homeland security.  The precise 
nature and scope of the grand challenge projects undertaken within the NEES program will be 
developed by NSF on the basis of recommendations contained in the research agenda developed for 
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NEES and earthquake engineering by EERI and the National Research Council, as well as through 
various workshops involving various segments of the overall community. Based on anticipated 
funding levels, between one- and two-dozen grand challenges might be undertaken during 2004-
2015. 
 
 
OPPORTUNITIES FOR INTERNATIONAL COLLABORATION 

 
    Tremendous opportunities will arise due to the research infrastructure and programs to be 
incorporated within NEES.   Because earthquake engineering is a worldwide problem, NEES 
provides special opportunities for international cooperation.  This is associated with a number of 
possible activities, including conduct of international cooperative and collaborative research 
programs, development of international standards and capabilities for documenting, archiving and 
sharing information, and exchange of personnel. 
 
    While there are regional differences in construction, seismic hazard, performance criteria, 
building technology and materials, and economic circumstances, many issues are fundamental to 
all nations.  Where major issues of mutual interest can be identified, it is possible that special 
cooperative or collaborative projects can be facilitated by the technology incorporated within the 
NEES Collaboratory.  Numerous examples of bi-lateral and tri-lateral cooperative programs exist 
where an international perspective has substantially helped advance achievement of the goals of the 
program.  Importantly, significant opportunities exist to use on an international cooperative basis 
some of the unique experimental and computational facilities coming on line in the US through 
NEES, as well as in Asia, Europe and elsewhere in the Americas. 
 
    To maximize potential benefits, considerable effort is needed to develop international 
agreements regarding the basic network services and protocols for sharing information, 
applications, and implementing tele-presence, tele-observation and tele-operation capabilities.  This 
would include identification of computer and network equipment requirements, resources for data 
storage and computation, basic user requirements for services, security standards, various 
definitions, formats and protocols for data and metadata, and so on. 
 
    With the acceleration of activities expected in the US related to earthquake engineering research, 
substantial opportunities should be anticipated related to the exchange of students, faculty, and 
others in the earthquake engineering community at an international level. 
 
 
CONCLUDING REMARKS 

 
    By bringing researchers, educators and students together with members of the broad earthquake 
engineering and information technology communities, providing them ready access to powerful 
experimental, computational, information management and communication tools, and facilitating 
their interaction as if they were " just across the hall," the NEES and the NEES Collaboratory will 
be a powerful catalyst for transforming the face of earthquake engineering, nationally and 
international. The diversity of talents, backgrounds, experience and disciplinary concerns to be 
represented within the NEES Collaboratory will provide an unparalleled stimulus to intellectual 
inquiry and education.  The NEES Collaboratory will transform the processes by which earthquake 
engineering research is initiated and performed, accelerate the generation and dissemination of 
basic knowledge, facilitate the development of effective educational programs, minimize the lag 
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between knowledge development and its application, and hasten the attainment of universal goals 
for earthquake loss reduction.   
 
    Substantial opportunities exist for cooperation and collaboration at the international level.  To 
this end, it appears desirable to convene a series of international meetings or workshops to begin to 
lay the foundations for these activities.  In addition to experts in earthquake engineering, 
information technology, and computer science, it is necessary to involve individuals from funding 
agencies interesting in reducing the threat posed by earthquakes. 
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Abstract:  The research work in the field of earthquake engineering conducted in Shaking Table Testing 
Laboratory of Tongji University, Shanghai, China in recent years is reviewed briefly in this paper. It includes 
structural control study of high-rise buildings with application, base isolation study with application, 
development of new seismic energy-dissipation shear walls, study on dynamic soil-structure interaction, 
study on concrete-filled rectangular tubular structures, and seismic behavior of reinforced concrete high-rise 
buildings and towers. It can be seen that the basic research work is combined with engineering practice and 
most of the research accomplishments have been applied in practice successfully. 

1.  INTRODUCTION 

Since China is an earthquake prone area, research in the field of earthquake engineering has been 
highlighted by the government and researchers all along, especially after the Tangshan earthquake in 
1976. Quite a few research projects in this field have been carried out in Shaking Table Testing 
Laboratory of Tongji University, Shanghai, China, since it was founded in 1983. Up to 2003, 390 and 
more experiment projects including 20 and more state key projects have been conducted on the 
shaking table. Now, it is one of the most renowned laboratories in civil engineering in China. In this 
laboratory the basic research is generally combined with engineering application and can be 
transformed for the actual needs of engineering practice. The tradition of continuous contact and good 
cooperation with other institutions and companies allows it to remain abreast of the latest 
developments in this field. In this paper the main research work in the field of earthquake engineering 
completed by this laboratory in recent years are reviewed, and some topics that are being investigated 
now or will be investigated in the future are also presented.

2. STRUCTURAL CONTROL STUDY OF HIGH-RISE BUILDINGS WITH APPLICATION 

2.1  Development of A New TMD Control System 
A new TMD control system using servomotor as tuned damper shown in Figure1 was proposed to 

control earthquake response of buildings by Lu and Fang (1994). The system is composed of tuned 
mass, tuned springs, and tuned damper. The parameters of these three components can be tuned 
according to the dynamic characteristics of the controlled structure so as to get the optimal control 
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effect. The dynamic behavior and the control effect of the new system were studied through a series of 
free vibration tests with variant damping values. Then shaking table tests were carried out on a 3-story
steel frame structure equipped with this system under various seismic inputs by Lu, Ye and Fang 
(2000). The test results showed that the earthquake responses of the structure with the control system 
were reduced significantly, compared with the structure without the control system. It was discovered
that the damping value and the characteristics of frequency spectrum of the seismic input had 
significant effect on the control efficiency of this system. Moreover, the analytical model is developed 
for the tested structure as shown in Figure2, and the calculation results agree well with the test results.

K1m1

m2
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Mass Roller
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Track

Spring

Figure1 Servomotor TMD System   Figure2 Analytical Model for The Tested Structure

2.2 Development of A New Combined Energy-dissipation System 
Although various single energy-dissipation system has been studied more extensively during the 

last 20 years, it still has some limitations in engineering practice. In order to meet the different
requirements of structures to reduce earthquake response, a new combined energy-dissipation system 
was developed by Lu and Zhou (2002). It consists of lead rubber damper, oil damper, and 
conventional steel brace. The installation of this system in a frame is shown in Figure3. Under wind 
load or minor earthquake, the lead rubber damper behaves elastically and oil damper provides small
damping force and stiffness. Under strong earthquake the lead rubber damper develops elasto-plastic
deformation and the stiffness to the structure is decreased, and the oil damper provides larger damping
force but smaller stiffness. As a result, the seismic force to the whole structure is reduced and its
response decreased. 

Figure3 Combined Energy-dissipation System Installed in A Frame   Figure4 Tested Model   Figure5 Analytical Model

Shaking table tests were carried out on a 3-story steel frame structure equipped with the 
energy-dissipation system in each story, as shown in Figure4. To make comparison the structure was 
tested in three conditions, unbraced frame, frame braced with lead rubber damper and steel brace, 
frame braced with this system. The test results show that the system can increase the damping ratio 
and stiffness of the entire structure and so has good control effect on the earthquake response of the 
structure. The analytical model for this system is developed as shown in Figure5, and optimal analysis 
is conducted for the design parameters of the system. This new energy-dissipation system has been 
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applied to seismic retrofit of existing old buildings. One application example is presented here. The 
structural plane layout of a 9-story old building with reinforced concrete frame is shown in Figure6 
After evaluation of its seismic performance, the seismic capacity of this structure is considered not
able to meet the seismic demand, especially in the longitudinal direction the seismic capacity is 
severely insufficient. By being added six energy-dissipation devices as shown in Figure6, the 
earthquake responses of this structure are reduced efficiently and within the limitations specified by 
the seismic design code. The in-site installation of this system is shown in Figure7. 

Figure6 Plane Layout of The Structure and The Energy-dissipation System Figure7 In-site Installation of This System

2.3 Coupling-structure System Connected by Fluid Dampers 
Buildings in a modern city are often built closely to each other because of limited land available 

and centralized services preferable. In most cases these buildings are built separately without any 
structural connections. Under strong earthquakes, the pounding of two adjacent buildings often occurs. 
In other cases, two adjacent buildings are linked together in different ways to meet the requirements of 
architectural function or esthetic needs. A series of theoretical and experimental studies are carried out
to study the feasibility of the concept of linking adjacent buildings or connecting podium structures to 
a main building by fluid dampers to improve their seismic performance and to prevent the pounding 
between them. Shaking table tests were conducted on a 1/4-scale coupling-structure system composed 
of one 6-story steel frame and one 5-story steel frame by Lu, Yang and Xu (2002), as shown in 
Figure8. Three connection conditions between the two frames were involved: connected by rigid steel 
rods, connected by fluid dampers, or without any connections. In the case of being connected by fluid 
dampers, the influence of different connection locations, different linking forms, that is, parallel 
linking form and oblique linking form, were also investigated in the tests. The test results showed that
the modal damping ratios of both buildings could be increased significantly and so their seismic
responses could be reduced effectively if fluid dampers with appropriate parameters were installed to 
link the two buildings. General finite element software Ansys5.5 is used to set up the analytical model
and calculate the nonlinear earthquake response of the tested structure, and good agreement is
obtained between the test results and calculated results. 

A standardized 3-D model of two stories, surrounded by a 3-D one-story model, as shown in 
Figure9, is first proposed to simulate a high tower with a podium structure based on several simplified
principles. The equations of motion of the tower-damper-podium system are derived using this model.
Recently, this concept has been applied to an actual 60-story ultra-tall building with 10-story large
podium connected by fluid dampers to reduce their torsional seismic response. An extensive analysis 
on the structure and a serious of experiment on the fluid dampers have been carried out to get the 
optional parameters for the fluid dampers, and to achieve the best structural performance under 
various seismic excitations. Finally 40 fluid dampers with maximum capacity of 600kN were used to 
connect the podium structure to the main building at different floor levels on and below the roof of 
podium structures, so as both the podium structure and the main building can meet the seismic design 
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requirements for low and higher intensity of earthquake actions. The layout of the fluid dampers is 
shown in Figure10, and the perspective picture of this building is shown in Figure11.

Figure8 Adjacent Structure Linked by Fluid Dampers            Figure9 Standardized Analytical Model 
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Figure10 Plane Layout of The Structure and The Fluid Dampers Figure11 Perspective Picture of The Building

3.  BASE ISOLATION STUDY WITH APPLICATION

3.1 Development of A New Type of Base Isolation System with Restrained Sliding Mechanism 
In the past three decades several base isolation systems have been developed, among which sliding 

isolation system is one of the most attractive systems due to its effectiveness for a wide range of
frequency inputs and good control of seismic force. However, the biggest disadvantage is excessive
sliding and residual displacement of the isolator under strong earthquakes. A new type of base
isolation system with restrained sliding mechanism was proposed by Shi and Li (1998). It consists of 
common friction isolator and rubber block with specified distance to friction isolator. The sliding
isolator can slide freely when the maximum sliding displacement is within the control range at minor
or moderate intensity earthquake excitations. The sliding lateral stiffness will increase due to the 
contribution of the rubber block comes into operation when the sliding displacement exceeds the
pre-defined distance and the sliding isolator collides with the rubber block at high intensity earthquake 
excitations. The analytical model is developed for this base isolation system, as shown in Figure12. By 
taking the contribution of both the friction isolator and the rubber block into account, the hysteretic 
model of this system can be obtained, as shown in Figure13. Earthquake time history response 
analysis demonstrated that compared with the structure installed with common sliding isolator, the
earthquake responses of the structure installed with this system were reduced considerably and the 
maximum sliding displacement during the earthquake as well as the residual displacement after the 
earthquake was more satisfactory.
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Figure12 Analytical Model        Figure13 Hysteretic Model for The Developed Base Isolation System

3.2 Research on A Hybrid Isolation System 
A hybrid isolation system, composed of frictional slider isolation system and rubber bearing 

re-centering the isolation system, was studied by Lu, Zhu et al. (2002). To verify the effectiveness of 
this system, a 1/12-scale and three-story steel frame model was tested on the shaking table with base
fixed (FIX) and isolated (SLD) separately for comparison. The isolation system was composed of four
rubber bearings and two frictional sliding bearings. The layouts of the isolation system and the 
superstructure are illustrated in Figure14 and Figure15. Compared with FIX, the responses of SLD
were reduced significantly. In addition, the isolation system was of good re-centering capability with a
small residual displacement. For each piece of ground motion input, the total input energy and the 
constitutive energy components were calculated by integration, which showed that in FIX most of the 
total input energy was dissipated by the superstructure itself while in SLD, by the sliding isolators. A
new simplified analytical model for the tested model is developed. The superstructure and the rubber 
bearing are supposed to be elastic, the frictional force in the slider is simulated by the 
Coulomb-friction characteristics, and the damping of the rubber bearing and slider is taken as viscous
damping. By using this analytical model, the earthquake responses of the tested model are calculated 
through finite element program Ansys5.5.
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Figure14 Layout of Base Isolators             Figure15 Base Isolated Structural Model on The Shaking Table

3.3  Inter-story Seismic Isolation
The new method of inter-story seismic isolation was developed to improve the seismic

performance of the existing old buildings, especially in the case of adding story to original buildings
by Shi and Zhu (1994). The principle of inter-story isolation is to add an additional energy-dissipation
system, composed of the top mass block and rubber bearings installed between the top mass block and 
original roof, at the top of the building. After being installed this system, the damping ratio of the
building can be increased significantly, and so the earthquake responses are decreased considerably. In 
practice, there are three forms of this system, as shown in Figure16. Shaking table tests were carried 
out on one 1/7-scale 6-story flying-ash concrete block masonry structure model and one 1/6-scale
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3-story reinforced concrete frame structure model with inter-story isolation system as shown in 
Figure17. The test results showed that compared with common structures without this system, the 
earthquake responses of the structures with this system were reduced by 20%~40%. The calculation 
and design method has been developed to analyze and design the inter-story isolation system. This 
new method has been applied to strengthen twenty and more old buildings in China. 

Figure16 Inter-story Isolation System         Figure17 Comparing Shaking Table Tests on Frame Structure Model
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4. DEVELOPMENT OF NEW SEISMIC ENERGY-DISSIPATION SHEAR WALLS

4.1 Reversed Cyclic Tests on Interfaces between Concrete and Rubber 
To prevent R. C. shear walls suffering damage concentrating at the base and to improve the 

seismic performance, a new type of energy-dissipation shear wall was proposed by Lu and Wu (2000). 
It is one with vertical slit purposely cast within the wall, and the rubber belt penetrated by a part of 
web shear reinforcement as seismic energy-dissipation device was filled in the slit. A series of 
experimental and theoretical studies were carried out. As the first stage of investigation, reversed 
cyclic tests on the energy-dissipation device were carried out to study its energy-dissipation
mechanism and analytical model. Each specimen was divided into three parts, four steel bars passed 
through the middle rubber belts. The testing setup is shown in Figure18. The tests proved that the
device had large capacity of dissipating energy and good ductility.

Figure18 Testing Setup for The Energy-dissipation Device

4.2 Reversed Cyclic Tests on Low-rise Shear Wall and High-rise Shear Wall Models 
To compare the different seismic performance between the solid wall and the new shear wall, 

low-rise wall models and high-rise wall models were tested under reversed cyclic loads respectively 
by Jiang and Lu (2003). The vertical compressive load was applied on the top loading beam in 
advance of the application of the horizontal cyclic load. At the beginning of loading the behavior of 
solid wall models was similar to that of the solid wall models, and then different failure process took 
place in two different types of wall models. In solid wall models damage concentrated at the base 
while in slit wall models the damage at the base was much lightened and damage dispersed along the
slit. The final failure modes of these models are shown in Figure19. Compared with solid wall models,
the ductility and energy-dissipation capacity of slit wall models was enhanced significantly.
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(a)                                             (b)

                         (c)                                            (d)
Shear Wall, (c) Solid

.3 Shaking Table Tests on Slit Shear Wall Models 
king table tests were carried out on a 10-story

1/5

.4 Finite Element Analysis on Slit Shear Walls
ent method. To reflect the seismic

ene

Figure19 Failure Modes of The Shear Wall Models: (a) Solid Low-rise Shear Wall, (b) Slit Low-rise
High-rise Shear Wall, and (d) Slit High-rise Shear Wall

4
In order to further verify this concept of slit wall, sha
-scale shear wall model. The model consisted of two pieces of 40 mm thick walls connected by 

floor slabs and four foundation beams. Under minor earthquake ground motions, the model was in 
elastic stage, and its responses were very much like those of solid wall model. Under moderate
earthquake ground motions, the relative sliding along the slits between the rubber belts and wall piers 
took place to dissipate the input seismic energy, and damage appeared along the slits. Under severe 
earthquake ground motions, slight flexural failure occurred at the base of the wall. The good seismic
performance of slit wall was proved once again by the tests. 

4
The slit shear walls are analyzed by finite elem
rgy-dissipation mechanism on the sliding friction interfaces between concrete and rubber, a contact 

element is derived from the joint element that is conventionally used in the rock mechanics. The
contact element is composed of two sliding surfaces. The analytical model is shown in Figure20.
Cyclic shear-sliding relationships for the interface is shown in Figure21. The steel reinforcement is
treated as a uniaxially stressed material and smeared among the concrete element. Nonlinear time
history analysis is conducted by the finite element models for the slit shear wall model tested on the 
shaking table. The numerical results are in good agreement with test results. This new slit shear wall 
was applied in two actual tall buildings in Shanghai in 1997. 
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realized by overlaying a thin layer of elements upon the contact interface of analysis model to reflect 
sliding and splitting phenomena on the soil-structure interface. The soil surface is taken as contact 
surface, and the structure (foundation) surface due to its larger rigidity, as target surface. A 
material-damping input method is used, and different damping ratio can be input for different 
materials. 

The effect of the material nonlinearity of soil and the changing–status nonlinearity of soil-structure 
interface on the computational results is studied. The computational analysis is carried out under three 
conditions, not considering material nonlinearity, considering material nonlinearity, and considering 
both material nonlinearity and changing-status nonlinearity. By using the above analytical model, the 
calculation results agree with the test results approximately. Along the height of the piles in different 
location in the group piles the distribution of the strain amplitude, contact pressure amplitude on 
soil-pile interface, and sliding amplitude between soil and pile are studied. Along the height of the pile, 
the strain amplitude at the top is larger than in the middle, and that at the tip, smaller. The contact 
pressure amplitude at both ends is larger than in the middle. The strain amplitude of corner pile is 
larger than that in other location; the sliding amplitude of the pile in the side raw is larger than that in 
the middle raw. 

6.  STUDY ON CONCRETE-FILLED RECTANGULAR TUBULAR (CFRT) STRUCTURES 

6.1  Ultimate Strength and Confinement Mechanism of Axially Compressed CFRT Stubs 
Six CFRT columns and two square steel tubes without infilled concrete were tested for comparison. 

The width-to-thickness ratio of steel plate and the concrete grade were variant parameters. In steel 
tubular columns local buckling failure of the plate panels occurred before the yielding stress was 
reached. Compared with the steel tubular columns, the CFRT columns had better ductility because the 
infilled concrete increased the stability and slowed down the development of the local buckling. A 
constitutive model for concrete subjected to triaxial compressive stresses is developed, which is based 
on hypoelastic orthotropic approach. The criterion proposed by Ottosen is adopted herein and the 
equivalent uniaxial strain concept of Darwin and Pecknold is incorporated further into the nonlinear 
three-dimensional incremental stress-strain relationship. A 3D nonlinear F.E.M. analytical model was 
developed to analyze the steel-concrete composite structures and corresponding computer program 
was completed by Lu and Yu (2000). The concrete material model, where Sargin's stress-strain 
expression and corresponding tension and compression failure surfaces are adopted, is based on a 
hypo-elastic orthotropic approach. Von Mises elasto-plastic isotropic hardening model is employed for 
steel element. Smeared crack approach is applied. In order to trace pre- and post-collapse response of 
structure, the arc-length method is used to solve nonlinear equations. The calculation results agree well 
with the test result 

6.2  Seismic Behavior of CFRT Columns 
Eleven CFRT columns were subjected to cyclic lateral loads, while one subjected to monotonic 

load for comparison, as shown in the work by Lu and Lu (2000). The width-to-thickness ratio of plate, 
concrete grade, and axial force ratio are variant parameters. The analysis method is based on finite 
slices model. In analysis, Bernoulli-Euler hypothesis and planar assumption are adopted, and the 
slippage between the infilled concrete and steel tube and the buckling of the steel plate are ignored. 

6.3  Connections between CFRT Columns and Beams 
The Seismic behavior of connections between CFRT columns and beams was studied through 

sub-assemblage loading tests by Lu, Yu et al. (2000). Cruciform tensile tests for modeling connections 
of column-to-tension part of beam on CFRT connection was conducted, and then the transfer 
mechanism was investigated by Li and Lu (2002). Simple stress transfer mechanism is assumed to 
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compute yielding and ultimate tension strength of the joint, which is based on yielding line theory and 
takes the contribution of the inner diaphragm and flange of CFRT columns into account. The 
computational and experimental results are in good agreement. Secondly, tests on CFRT column and 
steel beam sub-assemblages were conducted. The tests showed that the infilled concrete and inner 
diaphragm improved the behavior of connections, i.e., reducing the deformation of joint panel and 
enhancing the strength and rigidity.

Present types of CFRT joints are concerned on the connection between CFRT columns and steel 
beams. But in China, the floors of high-rise buildings are mostly composed of R.C. beams and R.C. 
slabs. In order to accomplish the connection between CFRT columns and reinforced concrete floors, 
two new types of joint, the one that reinforcements are put through the CFRT column; and the other 
one that the beam reinforcements are located outside the column and connected by R.C. ring beams
around the column, are developed, shown in Figure24. 

Figure24 New Types of Connections

7. SEISMIC BEHAVIOR OF R.C. HIGH-RISE BUILDINGS AND TOWERS

7.1 R. C. Coupled Shear Walls
Three 1/4-scale 5-story R.C. coupled shear wall models shown in Figure25 were tested under

cyclic loading. The only difference between the models was the height of coupling beams, which 
brought forward different stiffness ratio of coupling beams to wall piers. After constant vertical loads
were applied on the top beam, the horizontal cyclic loads were applied through two points, with the 
ratio of 2, to simulate the reversed triangular load. The failure process and mechanism were studied. 

A nonlinear macro model is proposed to simulate coupled shear walls, as shown in Figure26. This 
model consists of multi-vertical-element model for wall piers and a combined model for coupling 
beams. In the model for wall piers, some key characters, such as shifting of neutral axis within wall
section, interaction among flexure, shear and axial forces, can be taken into account. In the model for 
coupling beams, the deformation of flexure and shear, and the interface bond-slip action are 
considered by using different elements. The analytical results agree well with the test results. 
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7.2  R. C. Core Walls
Three 1/5-scale 3-story core wall models (the first group) and two 1/6-scale 5-story core wall 

models (the second group) were tested under cyclic loading, as shown in the work by Li and Lu (2003). 
For the first group, the vertical loads were exerted by hydraulic jacks, and the horizontal loads acted 
on the top floor level. For the second group, the vertical loads were applied by prestressed strands, and 
the horizontal loads acted on the top floor level and second floor level simultaneously. The testing 
setups for the two groups are shown in Figure27 and Figure28. The failure process and mechanism
were studied. The phenomenon of shear lag of the core wall was observed distinctly.

Figure27 Testing Setup for The First Group                    Figure28 Testing Setup for The Second Group

A nonlinear finite element analytical model is developed using eight-joint plane-stress elements, as
shown in Figure29. A simple and reliable constitutive model of reinforced concrete under cyclic
loading as shown in Figure30, and the concept of a smeared crack approach with orthogonal cracks are 
utilized. Using this analysis model, the behavior of reinforced concrete core walls under cyclic loading 
with different axial load ratio, different height-width ratio and different coupled-beam stiffness is 
studied. The comparison of the experimental and computational results shows that the analytical
model is reasonable and reliable. 
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   Figure29 Analytical Model for Core Wall Models Figure30 Cyclic Stress-strain Relationships for Concrete

7.3 Shaking Table Tests on Models for Various Complicated Buildings and Towers to Guide
The Engineering Design 

Physical testing is important to structural engineering because it helps establish fundamental
understanding about the behavior and failure mechanism of structures. Structural model testing is 
often used to help structural engineers to directly acquire the knowledge about the prototype, 
especially in the case of complicated buildings for which the numerical simulations are considered
unreliable. Shaking table model tests has been considered an economic, accuracy, and practical way to 
evaluate the seismic performance of structures. To ensure that the model behaves in a similar manner
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as the prototype, the model designed should meet the requirements of dynamic similitude theory. It is 
no doubt that dynamic similitude theory is the most important basis in shaking table model test. To
verify the validity of dynamic similitude theory in shaking table model test, two 6-story R C. frame
models, one with 1/4 scale and the other with 1/8 scale, designed according to the same prototype, 
were tested on the shaking table. The test results demonstrated that there existed good consistency 
with the similarity on natural frequency, failure mechanism, and restoring force model between the 
two scale models.

On the basis of the above research, more than twenty structural models of complicated tall
buildings and TV towers, such as Shanghai TV tower, Tianwang Tower, China Southern Airline Tower
and so forth, have been tested on shaking table in the past two decades. Two tested structural models
are shown in Figure31 and Figure32. The model design and construction method, testing and analysis 
procedures, and measure techniques have been developed maturely. By these shaking table tests, the 
earthquake responses and dynamic characteristics were derived, the failure process, failure mechanism,
and structural weak points were discovered, and then the overall seismic performance of the prototype
was evaluated accordingly. Advices or suggestions were proposed as references for structural design to 
improve the seismic performance of structures. Some test results were also verified by in-site testing
on completed actual structures. 

Figure31 Shanghai Join-by Department Store          Figure32 Shanghai Jinghua Garden Apartment

8.  FURTHER RESEARCH
Based on the previous research work, the following topics are being investigated now or will be

investigated in the future in this laboratory: 
1. Performance-based seismic design of building structures 
2. Smart material and smart structural system
3. Seismic behavior of composite ultra-tall buildings and nonlinear earthquake response analysis 
4. Development of new structural control devices and engineering application 
5. Development of new evaluation and strengthening methodology for old buildings 
6. Development of computer software for nonlinear seismic analysis of tall building and ultra-tall 

building structures 
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Abstract:  This paper describes two team efforts on the research of earthquake loss estimate system and networked 
internet testing techniques in the National Center for Research on Earthquake Engineering (NCREE). The application 
software "Taiwan Earthquake Loss Estimation System (TELES)" is developed in NCREE to simulate earthquake 
scenarios and estimate induced damages and losses. This paper focuses on demonstrating the analysis models, software 
features and applications of the Early Seismic Loss Estimation (ESLE) module which is contained in TELES. The 
second part of the paper presents an effort in developing an Internet-based environment, entitled “Internet-based 
Simulations for Earthquake Engineering”, for collaborative networked structural experiments among geographically 
distributed structural laboratories. Two approaches, the Database Approach and the Application Protocol Approach, are 
the described to provide different solutions for network communication as well as collaborative framework in 
networked hybrid testing. Database Approach shows that the network and data processing costs about 0.2 seconds and 2 
seconds per time step in domestic and transnational experiments, respectively. Application Protocol Approach testing 
results show that it took less than 0.2 seconds for two data packets to travel back and forth between NCREE laboratory 
in Taiwan and Stanford University in USA. 
 
 
1. INTRODUCTION 
 
The National Science Council of Taiwan started HAZ-Taiwan project in 1998 to promote researches 
on seismic hazard analysis, structural damage assessment, and socio-economic loss estimation. The 
associated application software, "Taiwan Earthquake Loss Estimation System (TELES)", integrates 
various inventory data and analysis modules to fulfill three objectives.  Firstly, it helps to obtain 
reliable estimates of seismic hazards and losses soon after occurrence of large earthquakes. 
Secondly, it helps to simulate earthquake scenarios and to provide useful estimates for local 
governments or public services to propose their seismic disaster mitigation plans. Thirdly, it helps to 
provide catastrophic risk management tools, such as proposing the seismic insurance policy for 
residential buildings. The first part of this paper focuses on the development and application of 
analysis modules used in early loss estimation system. These modules include assessments of 
ground motion intensity, soil liquefaction potential, building damage and casualty. The second part 
of the paper presents an effort in developing an Internet-based environment, called ISEE 
(Internet-based Simulations for Earthquake Engineering), for collaborative networked structural 
experiments among geographically distributed structural laboratories. Two approaches, the 
Database Approach and the Application Protocol Approach, have been employed to provide 
different solutions for network communication as well as collaborative framework in ISEE. This 
paper presents the ISEE environment for collaborative networked structural experiments among 
geographically distributed structural laboratories. Several networked pseudo dynamic tests have 
been conducted to investigate the feasibility and efficiency of ISEE. Based on these test results, the 
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feasibility of ISEE for collaborative networked tests is presented. A series of networked 
pseudo-dynamic test examples using the Database Approach shows that the network and data 
processing costs about 0.2 seconds and 2 seconds per time step, around 20% and 70% of total 
elapsed time in domestic and transnational experiments, respectively, which is feasible for most of 
the low-speed pseudo-dynamic experiments. Application Protocol Approach testing results show 
that significant laboratory events were promptly reflected and data transmission was satisfactorily 
efficient since less than 0.2 seconds for two data packets to travel back and forth between NCREE 
laboratory in Taiwan and Stanford University in USA. 
 
2. EARTHQUAKE LOSS ESTIMATE SYSTEM  
 
 Taiwan is located at the circum-pacific earthquake belt and has suffered from devastating 
earthquakes in almost every decade.  In 21 September 1999, Chi-Chi earthquake attacked central 
Taiwan due to the rupture of Chelongpu fault.  Its Richter magnitude was 7.3 with a focal depth of 
7 kilometers.  This earthquake has resulted in about 2,500 deaths, 11,000 injuries, and caused more 
than 100 thousand households severely wounded due to various degrees of building damages.  The 
total economic losses were about US$11.5 billions.  Since then, the central government of Taiwan 
has devoted efforts on reconstructing the disastrous regions and implementing the seismic disaster 
reduction systems against future earthquakes.  Several coordinated projects are undertaken in 
Taiwan to identify the hazard sources, reinforce the civil infrastructures, integrate information and 
scenario simulation systems, improve communication capabilities, and to educate as well as 
disseminate these information to the general public. 

In general, risk can be defined by occurrence probability of a seismic event, exposure of people 
and property to the event, and consequences of that exposure.  Based on the previous definition of 
risk, an earthquake loss-estimation methodology, integrated with geographic information system 
(GIS) and designed to run on personal computers, has been developed in the United States.  The 
methodology and associated application software are contained in HAZUS (RMS, 1997).  The 
National Science Council (NSC) of Taiwan started HAZ-Taiwan project in 1998 to promote 
researches on seismic hazard analysis, structural damage assessment, and socio-economic loss 
estimation.  After gaining experiences on simulation of earthquake scenarios for several years, the 
National Center for Research on Earthquake Engineering (NCREE) has completed the prototype of 
"Taiwan Earthquake Loss Estimation System (TELES)" in 2002 to fulfill the objectives of 
HAZ-Taiwan Project. 

The HAZ-Taiwan project and associated application software TELES follow a similar approach 
used in HAZUS.  However, TELES has made major modifications in analysis models, parameter 
values and software architecture, not only to accommodate the special environment and engineering 
practices in Taiwan, but also to reflect the state-of-the-art technology.  Furthermore, through 
modular approach and step-by-step improvement, TELES has added a new feature of early seismic 
loss estimation to estimate automatically the disaster scale and its distribution soon after the 
occurrence of large earthquakes.  In order to serve as a seismic risk assessment and management 
tool, TELES plans to integrate probabilistic seismic hazard analysis in the near future.  HAZUS 
does not have the features of early seismic loss estimation and probabilistic seismic risk assessment. 

The results of the HAZ-Taiwan project help to plan and stimulate efforts to reduce risk from 
earthquakes, and to prepare for emergency response and recovery from an earthquake.  It also 
provides a standard risk assessment and loss estimation methodology to evaluate the performance of 
seismic hazard mitigation efforts and to set the priorities of local, regional or nation-wide public 
works/services.  Expected benefits of a standard methodology also include more economic use of 
available resources and improved sharing of knowledge. 
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2.1 Analysis Framework of TELES 
 The HAZ-Taiwan project is mainly consisted of three parts: 
l collection of seismic sources, geologic and inventory database; 
l development and modification of analysis modules in hazard analysis, vulnerability 

assessment and loss estimation; 
l improvement of the application software TELES. 

To collect complete and useful database is one of the key factors leading to the success of 
HAZ-Taiwan project.  Nonetheless, database collection is often the most time consuming and 
expensive aspect in performing a comprehensive loss study.  The analysis modules contained in 
TELES can be roughly divided into four groups, namely the potential earth science hazards (PESH), 
the direct physical damages, the indirect physical damages, and the socio-economic losses, as 
shown in Figure 1.  In general, the civil infra-structures are classified into general building stocks, 
essential facilities, transportation and utility systems by their usage and functionality.  Each 
general category of inventory data is further divided into several specific categories according to 
their specific usages.  The inventory data are also classified according to their structural types, 
seismic resistant characteristics, etc. in order to assess damage-state probabilities based on site 
specific ground motion intensity and ground failure extent.  The data classification schemes as 
well as the associated analysis models should depend on the content of inventory database. 

The analysis modules and sub-modules are interdependent.  The output from one module may 
act as input to another.  The modular approach allows estimates based on simplified models and 
limited inventory data.  Addition or replacement of existing modules may be done without 
reworking the entire methodology.  The modular approach also facilitates information exchange 
and technology transfer between the research communities and the end users.  Although 
development of each module may require a comprehensive study, the degree of sophistication and 
the associated cost often varies greatly by user and application. 

Like HAZUS, TELES can simulate earthquake scenario due to single event.  The Central 
Weather Bureau (CWB) of Taiwan is currently in charge of earthquake monitoring networks and 
has developed "Taiwan Rapid Earthquake Information Release System (TREIRS)", which can 
obtain earthquake magnitude, epicenter location and focal depth within 90 seconds after occurrence 
of earthquakes.  CWB will automatically send out the earthquake alerts to all clients by mail, fax, 
etc.  Combining functionalities of TREIRS and TELES, an Early Seismic Loss Estimation (ESLE) 
module has been developed and integrated in TELES.  It monitors the mailbox continuously and 
will be triggered and start analysis automatically when a large earthquake is detected.  
Applications of ESLE will be further explained in the following sections. 

As shown in Figure 1, the probabilistic seismic hazard analysis will be integrated in the analysis 
framework of TELES.  Addition of this feature helps to identify the maximum probable 
earthquake for each county/city, to evaluate seismic risk of various facilities and lifeline systems in 
different regions, to propose reasonable risk management policies such as seismic insurance for 
residential buildings and high-tech industrial plants, to evaluate performance and to set priority of 
seismic retrofit of public works, etc. 

In summary, the analysis framework of TELES provides basis for applications on emergency 
responses, local disaster mitigation plans and risk management tools.  However, this paper focuses 
on the analysis modules related to ESLE. 

 
2.2 Prediction of Ground Motion Intensity 

The PESH module calculates estimates of ground motion intensity and ground failure extent.  
Based on the source parameters of a scenario earthquake and the local geologic conditions, ground 
motion demands are in terms of response spectra and peak values (PGA and PGV).  The response 
spectra are simplified and expressed in terms of asS  and 1aS , which denote the spectral 
accelerations with structural periods 0.3 and 1.0 seconds, respectively.  The occurrence probability 
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of soil liquefaction and the induced permanent ground deformation (PGD) are also estimated.  
Other related earth science hazards, such as tsunami and inundation, may affect social/economic 
environment, but are not considered in the current framework of TELES. 

 

Ground Motion Ground Failure

Direct Physical Damages

Essential
Facilities

DebrisFire Following Economic LossesShelters

Indirect Losses

Potential Earth Science Hazards

Socio-economic Losses

Transportation
Systems

General Building
Stocks

Casualties

Indirect Physical Damages

Utility
Systems

Probabilistic Seismic 
Hazard Analysis

 
Figure 1. Methodology framework of Taiwan Earthquake Loss Estimation 

System. 

The first step in simulating earthquake scenario is to set source parameters of a seismic event.  
The basic source parameters include event date, time, magnitude, epicenter location and focal depth.  
If the earthquake has large magnitude and shallow focal depth, it often accompanies surface fault 
rupture.  The fault mechanism (reverse, normal or strike), the orientation of fault trace, the dip 
angle, length and width of rupture plane are required to define the source parameters.  In case there 
is no actual fault information, the rupture plane can be assumed as a rectangle with certain 
orientation, dip angle, and passing through the hypocenter of scenario earthquake.  If actual faults 
are used in defining the seismic source, the surface fault trace may compose of many line segments, 
though not necessarily continuous, to depict reality.  Default rupture length and width are provided 
by using Wells et al (1994) empirical formula; however, they can be customized to match the actual 
observation. 

Different attenuation laws for ground motion intensity parameters use different definitions for 
earthquake magnitude and source-to-site distance.  Furthermore, different definitions for 
earthquake magnitude may be used in different analysis modules.  Since both moment magnitude 
( wM ) and Richter local magnitude ( LM ) are often used in Taiwan, TELES internally converts them 
by using the following equation (Wu et al, 2001), 

 091.2ln533.4 −= wL MM .      (1) 
Depending on the attenuation laws chosen by the user, TELES automatically selects corresponding 
definition for source-to-site distance.  For example, Jean (2001) uses Richter local magnitude and 
shortest distance to rupture plane, while Boore et al (1994) uses moment magnitude and shortest 
distance to the horizontal projection of rupture plane.  If the rupture length reduces to zero, focal 
distance is automatically used in the attenuation laws.  The effect of seismogenic rupture zone is 
also taken into consideration when evaluating the source-to-site distance. 

Estimation of ground motion intensity due to a scenario earthquake may divide into three steps.  
Referring to Figure 2, the first step uses the attenuation laws to predict the intensity at bedrock level.  
The second step uses the local site modification factors to obtain the intensity at ground surface.  
When the monitored data at strong-motion stations are available, for example, in early seismic loss 
estimation, the local intensity can be updated accordingly. 

The local site conditions are classified into six categories in HAZUS by using properties of the 
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iS  for category i and PGA, when the earthquake magnitude and the ground water depth are kept 
constant, is similar to a lognormal distribution with two parameters im  and iσ  indicating median 
and coefficient of variation, respectively.  When PGA becomes larger and larger, the average
settlement iS  approaches a limiting value iS , which is not influenced by varying earthquake
magnitude and ground water depth.  Thus, the average settlement can be expressed as
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Figure 3. Soil liquefaction susceptibility map of Taipei city.

Table 1 Coefficients in empirical formula for estimating liquefaction potential index.

Category
iα iβ

Very High 227.52 -13.63
High 188.30 -18.45

Moderate 157.35 -20.51
Low 103.02 -14.95

Very Low 66.95 -10.64
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Table 2 Coefficients in empirical formulas for estimating settlement due to soil liquefaction. 

Category 
iS  (cm) iµ  (g) iλ  

Very High 47.43 0.0872 0.4522 
High 50.22 0.1292 0.3657 

Moderate 46.21 0.1613 0.3433 
Low 35.89 0.1875 0.3430 

Very Low 25.66 0.2104 0.3764 
 

where )(Mf , )( wdg  and )( wdh  are correction functions for earthquake magnitude and ground 
water depth, respectively; iS , iµ  and iλ  are constants as shown in Table 2.  
 
2.4 Damage Assessment of General Building Stocks 

The general building stocks consist of many buildings of different structural types, seismic 
behavior and usages.  These buildings are grouped into several model building types, seismic 
design levels, and occupancy classes in order to facilitate damage, casualty and loss estimations.  
The building tax data from ministry of finance and local governments have been used to calculate 
various kinds of statistics of general building stocks, since it is the only database that provides 
consistent format and up-to-date information of buildings in Taiwan. 

Based on the content of the building tax data, the general building stocks are grouped into 
several model building types according to their construction material and building height.  There 
are 15 model building types, namely, wood (L), steel (L, M, H), light steel (L), reinforced concrete 
(L, M, H), pre-cast concrete (L), reinforced masonry (L, M), un-reinforced masonry (L), and steel 
reinforced concrete (L, M, H) buildings.  The letters L, M and H in the parenthesis indicate 
low-rise, mid-rise and high-rise buildings, respectively.  Each model building type is further 
divided into four seismic design levels according to their construction years, seismic zoning factors, 
and local site conditions. 

Some inventory data, such as bridges and tunnels, may be treated as point objects.  Some others, 
such as highway segments and airport runway, may be treated as line objects.  However, for 
general building stocks, it is neither necessary nor practical to evaluate individual building.  In this 
case, the mapping scheme of specific occupancy to model building type plays an important role in 
the framework to estimate various social impacts and economic losses.  The mapping scheme for 
each town in Taiwan has been calculated from building tax data. 

TELES evaluates the damage state probabilities for each model building type and seismic design 
level due to ground motion and liquefaction-induced settlement.  The procedures in building 
damage assessment are depicted in Figure 4, where damages in structural system and nonstructural 
component are evaluated separately.  The effects of hysteretic damping and system degradation are 
considered in calculating the seismic demand.  The seismic capacity and fragility curves for each 
model building type and seismic design level are determined by reference to seismic design codes 
in various periods, nonlinear push-over analysis, and historical data collected after Chi-Chi 
earthquake. 
 
2.5 Casualty Estimation 
  TELES considers only the casualties due to severe damage or collapse of buildings.  
Although other factors, such as fire following earthquakes, sudden failure of critical dams, unseat of 
bridges, etc may cause significant casualties, they are not considered in the current methodology.  
Referring to Figure 5, the first step in casualty assessment is to estimate spatial distribution of 
population at different times.  For simplicity, only three population migration patterns are taken 
into consideration, that is, daytime, nighttime, and commute time.  It is assumed that the 
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population density (number of persons per unit floor area) can be estimated for all specific 
occupancies at three different times.  The population can be obtained by multiplication of the 
population density and the floor area.  Assuming the population is uniformly distributed within the 
same occupancy class, the mapping schemes are used to calculate the number of people in each 
model building type. 
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Figure 4. Damage assessment of general building stocks. 

The output of casualty module contains estimates breakdown into four injury severity levels, 
namely, "injuries requiring basic medical aid without hospitalization," "injuries requiring a greater 
degree of medical care but not expected to threaten life," "injuries requiring adequate and 
expeditious treatment to avoid loss-of-life," and "instantaneous killed or mortally injured."  The 
casualty rates for different model building types and under various damage states are calibrated 
considering the effects of structural and nonstructural damages.  Complete damage state of 
buildings is further divided into collapse and without collapse.  By combining casualty 
information with loss-of-function estimates for hospitals, alternate plans may be prepared for 
treatment of victims outside of the affected area. 

 
2.6 Software Features 
 The application software, TELES, is written in Visual C++, which is an object-oriented 
programming (OOP) language, and MapBasic, which is the language used to communicate with 
MapInfo.  Through the object linking and embedding (OLE) technology, the TELES integrates the 
functionalities and custom usages of MapInfo, which is famous application software of 
geographical information system (GIS).  The main functions of MapInfo in TELES are to view 
and to edit records and map objects in various kinds of database.  All the numerical analysis is 
written in C++ and FORTRAN.  The software architecture of TELES has modular design, so 
addition and modification of individual module will not affect the other modules.  TELES allows 
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users to open multiple documents and multiple map windows at the same time, so the users can 
compare different thematic maps and obtain in-depth understanding of the relationships between 
input and output database.  TELES also allows users to monitor the earthquake occurrence and run 
scenario simulation in separate application windows at the same time.  HAZUS and the first 
version of HAZ-Taiwan software do not have these features. 
 
2.7 Application of Early Loss Estimation System 
 Having the functionality of early loss estimation which can be auto-trigger after occurrence of 
large earthquakes, TELES can act as a decision making support system in emergency responses.  
The time delay between earthquake occurrence and analysis start is normally within two minutes.  
The affected region of the earthquake is determined by ground motion intensity.  All the towns 
with PGA greater than 80 2sec/cm  are selected in the study region.  The ground motion intensity, 
soil liquefaction potential and induced settlement, damage state probability and quantity of general 
building stocks and casualty assessment of each town are calculated one by one.  Some of the 
important results are automatically output in raster maps and tables, which can be used in the 
presentation to chief commander of emergency response center, or in dispatching the rescue forces 
and medical resources, etc.  Since the required work force and equipment are different to rescue 
people in low-rise or high-rise buildings, the statistics of at-least-severe damage building counts are 
obtained for low-rise, med-rise and high-rise buildings, separately. 
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Figure 5. Assessment of casualties caused by building damages. 

In practice, application of early loss estimation system divides into three stages.  The first stage 
automatically uses a point-source model to predict the ground motion intensity and associated 
disasters, when TELES receives email from CWB.  Since using a point-source model often 
under-estimates ground motion intensity and disaster scale, before the actual source mechanism is 
available, reasonable assumptions can be made about the orientation, dip angle, length and width of 
the rupture plane.  Therefore, the second stage uses several artificial sets of source parameters to 
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calculate probable range of disaster scale and distribution.  In the meantime, actual disaster 
information are gathered and studied to identify the true source mechanism.  Once the true source 
mechanism and rupture fault are identified, early loss estimation enters the third stage and obtains 
the most reliable results. 

As examples, Figures 6, 7 and 8 show the estimations of PGA, building damage count and 
induced casualty in Chi-Chi Taiwan Earthquake.  These figures are only part of the raster maps 
that are automatically generated by TELES after occurrence of strong earthquakes. 

 
Figure 6. Estimated distribution of peak ground acceleration in Chi-Chi 
Taiwan earthquake.  The black line represents the trace of Chelongpu 
fault. 

 
Figure 7. Estimated distribution of building counts in at least 

severe-damage state in Chi-Chi Taiwan earthquake. 
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Figure 8. Estimated distribution of casualties in injury levels 3 and 4 in 

Chi-Chi Taiwan earthquake. 

2.8 Summary 
Taiwan Earthquake Loss Estimation System (TELES) is part of research accomplishment of 
HAZ-Taiwan project.  It can be applied in proposing local seismic disaster mitigation plans and act 
as a decision-making support system soon after occurrence of strong earthquakes.  In the near 
future, TELES will also integrate probabilistic seismic hazard analysis and may have applications in 
proposing maximum probable earthquakes for each county, in proposing adequate seismic insurance 
policies, etc. 
 
 
3.  INTERNET-BASED SIMULATION ON EARTHQUAKE ENGINEERING 
 

Structural experiment plays an important role in the earthquake engineering research. In view 
of the continuous changes in structural engineering and the increasing awareness of cost in today’s 
society, the existing large-sized structural laboratories are gradually becoming incapable of 
satisfying the various types of demand of the experiments. Besides endlessly increasing the capacity 
of each laboratory, alternatively it would be more cost effective for different laboratories to 
collaboratively conduct such experiment. In addition, it would be more productive and can make 
most out of the experiment resources and results if experts around the world can participate in. Such 
demand can be accommodated by the virtual laboratory. In the concept of virtual laboratory, each 
laboratory sited around the globe with different facilities becomes part of this virtual laboratory and 
participate jointly in the experiment. The participating researchers or general viewers could 
concurrently view the experimental results and launch discussions in a timely manner. Considering 
the benefits of international cooperation, the concept of virtual laboratory should be applied to 
transnational collaborative experiment capability.  

Some research efforts have been made on developing the technology of collaborative structural 
experiments, allowing more than one laboratory can jointly conduct a test involving more than one 
specimen at different test sites. The network technique was applied to a pseudo-dynamic test of a 
viaduct consisting of different types of piers performed at two experiment stations exchanging 
experimental data and visualization data through a shared file system in Kyoto University in Japan 
(Sugiura et al., 1998.) A networked numerical simulation of a pseudo-dynamic test of a 
base-isolated bridge is then carried out at three laboratories hundreds of kilometers apart in Korea 
(Yun et al., 2000.) A transnational pseudo-dynamic test is then successfully simulated between 
Kyoto University (Japan) and Korea Advanced Institute of Science and Technology (KAIST, 
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Korea), which exchanging data through shared disk units, demonstrating the capability and 
feasibility of future international collaborative experiments between Japan and Korea (Watanabe et 
al., 2001; Part et al., 2003) In an under-constructing 3-D full-scale earthquake testing facility in 
Japan, E-Defense, an ED-Net is being constructed, which may provide tele-observation and 
tele-discussion capability to both domestic and international research institutes, universities, or 
private sectors in the near future (Ohtani et al., 2002) 

A NEES (Network for Earthquake Engineering Simulation) project, which has been launched 
by the National Science Foundation in USA. About fifteen universities or laboratories will be 
connected by high-performance network to explore the benefits of sharing and integrating 
laboratory resources, including expensive equipments, experiment data, and simulation codes, via 
network. Not only various types of experiment facilities will be updated or constructed, but also a 
network system, NEESgrid, will be developed to provide remote operation and observation of 
experiment equipment, real-time or time-independent data sharing and visualization, data linking 
among facilities, data repository and numerical simulation programs, and robust security 
management (NEES, 2003; Mahin, 2002.)  

In this work, an Internet-based environment, named ISEE (Internet-based Simulation for 
Earthquake Engineering) is being developed for collaborative networked pseudo-dynamic 
experiments among geographically distributed laboratories. The key task in this research work is to 
develop the capability to perform distributed pseudo-dynamic experiments, which will be 
particularly valuable for evaluating the seismic performance of large-scale structure systems or 
components. The application focuses on slow pseudo-dynamic experiments, which the possible 
time lag among different laboratories collaboratively performing a distributed pseudo-dynamic 
experiment is acceptable. Two different approaches, namely, the Database Approach and the 
Application Protocol Approach, are prototyped to provide different solutions for network 
communication as well as collaborative framework in the ISEE. Database Approach employs a 
database server for data exchange and data repository; while the Application Protocol Approach 
directly uses point-to-point TCP/IP-based communication to transfer experimental data. This paper 
introduces the framework of the two approaches and the validation experiments.  
 
3.1 Database Approach in ISEE 

The ISEE framework with the database approach is composed of three major parts: the Data 
Center, the Facility Controllers, and the Analysis Engine (as shown in Fig. 9). The Data Viewers 
and the Cameras are accessory parts of the ISEE framework. 

 

Facility
Controller 1

Facility
Controller 2

Data Center
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Analysis
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Camera
Camera
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Figure 9 Database Approach in ISEE Figure 10 Web representation of real-time 

experiment data using Database 
Approach in ISEE 

 
The Data Center 

The Data Center serves as a data exchange hub and repository in ISEE database approach. All 
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component which sends the request.  
A pseudoGen element acts as an actual specimen component in the finite element model by 

exchanging displacement and resisting forces with a Facility Controller through the Data Center. 
During each time step of the pseudo-dynamic analysis, the OpenSees calculates a predicted 
response, including the displacements, velocities, and accelerations of each node. Each pseudoGen 
element is then requested to return the dynamic resisting force in the predicted response. It gets the 
predicted displacements, sends them to the Data Center (so that the Facility Controller can push the 
specimen and measure the stiffness resisting forces), and gets the stiffness resisting forces. The 
dynamic resisting force of the pseudoGen is assembled with the stiffness resisting force, inertia 
forces, and the damping force. The inertia forces and damping forces are calculated by multiplying 
the acceleration and velocity vectors by the element mass and damping matrices, respectively, read 
from the user-specified file. The stiffness resisting force is the measured specimen resisting force, 
which reflects the nonlinear behavior of the specimen. After responding the dynamic resisting force, 
OpenSees calculates the displacement, velocity, and acceleration response of all nodes in the 
structures. 

In this study, the Newmark-based Operator-Splitting (OS) method is employed by the Analysis 
Engine for the time integration of a pseudo-dynamic experiment. The concept of the OS method 
(Hughes and Liu, 1978) is to separate the damping and stiffness matrices into the implicit part and 
the explicit part. In the viewpoint of implementation, the only difference between the Newmark’s 
method and the OS method is that the latter one considers the nonlinear effects only on the 
unbalanced force, i.e., the parts in Eq. (1), but not on the effective matrix. In a pseudo-dynamic 
experiment, the explicit part denotes the nonlinear part of the damping and stiffness matrices of the 
specimen(s), while the implicit part is the rest of the damping and stiffness matrices. The effective 
matrix (see Eq. 11) does not change during an analysis. There is no nonlinear iteration solution 
scheme (such as Newton Raphson’s iteration) used in this work. 
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The Facility Controller 

The Facility Controller is a software layer that can be used to drive the corresponding 
experimental facility in the laboratory. In a networked pseudo-dynamic experiment, the Facility 
Controller gets the displacement data from the Data Center, sends the displacements to the 
experimental facilities (servo hydraulic actuators), then receives restoring force data and sends them 
back to the Data Center. The control systems employed in NCREE Lab and NTU Lab are the MTS 
FlexTest IIm and MTS 407 controllers, respectively.  
 
Network Fault Tolerance 

A successful networked pseudo-dynamic experiment relies on network stability. Even a short 
period of network disconnection during an experiment may cut off the procedure of the experiment. 
In case of network disconnection during a network pseudo-dynamic experiment, the Analysis 
Engine and/or all Facility Controllers can not get the data they need, and the experiment will get 
suspended, even after the network is re-connected. It is not good to re-do a suspended experiment 
from the beginning if the specimen has been in nonlinearity status which behavior and properties 
may not be restored. However, typically the network between laboratories is Internet, which 
connection quality is not the focus of this research. To avoid of the failure of network 
pseudo-dynamic experiments caused by Internet disconnection, this research focuses on providing 
fault tolerance mechanism. A network fault tolerance solution is necessary for a network 
pseudo-dynamic test.  

The fault tolerance solution in the Database Approach allows a re-start experiment to link with 
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Server also provides a WWW interface to the Data Viewers (see Fig. 13) 
 
3. 2 Application Protocol Approach in ISEE 
 
Platform Architecture 

The Transmission Control Protocol/Internet Protocol (TCP/IP) suite was designed as an open 
standard to meet the demand of data transmission on rigorous network conditions (Postel 1981.) It 
connects a number of different networks designed by different vendors into a network of networks 
(the Internet). TCP guarantees reliable data transmission by providing services such as 
acknowledged delivery, error detection, retransmission if necessary, data sequence preservation, 
and flow control. IP provides addressing, routing, fragmentation and reassembly for data packets. 
TCP/IP stack thus handles robustly all those tedious works for data transmission between hosts on 
heterogeneous networks. Simply put, an application protocol is a set of predefined rules that defines 
the constitution and content of information to be shared and transmitted, as well as the 
sending/receiving behaviors to be obeyed by the applications.  

The Application Protocol Approach proposed a TCP/IP-based platform, the “Platform for 
Networked Structural Experiments” (PNSE, see Fig. 14) on which data transmission is 
implemented by transferring predefined data packets defined by a preliminarily proposed 
application protocol, the “Networked Structural Experiment Protocol” (NSEP), to realize the goal 
of Internet collaborative structural experimentation. A series of transnational pseudo dynamic tests 
upon a specimen composed of two double-skinned concrete filled in tube (DSCFT) columns located 
in two different laboratories were conducted to verify the validness and efficiency of PNSE. The 
characteristic of environment independency of PNSE was also verified by a series of networked 
pseudo dynamic tests were also performed upon a full scale 3-story 3-bay concrete filled steel tube 
(CFT) and buckling restrained braced (BRB) composite frame. 
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Figure 14  The Architecture of the Application Protocol Approach 

 
Platform for Networked Structural Experiments 

This study proposed a platform, PNSE, to meet the goal of networked collaborative structural 
experimentation. The architecture of PNSE is illustrated in Fig. 14. PNSE concentrates on the core 
tasks related to successful and robust progression of the networked experiment and excludes 
functionalities of digital and video data storage and display on the Internet, which can be 
implemented by commercially available software such as Microsoft SQL server or Windows Media 
Player. The PNSE is a multi-client system with all the clients connected to the server with a TCP 
point-to-point connection. The PNSE server is essentially the center of the system and provides 
services of message dispatch and data delivery for all clients. PNSE has two kinds of clients: the 
Command Generation Module (CGM) and the Facility Control Module (FCM). The CGM 
generates command to be imposed on the specimen located at different laboratories by all the FCMs. 
It can be a numerical integration algorithm in the scenario of pseudo dynamic testing, an input 
module that queues predefined command profile in the case of quasi-static testing, or simply a 
remote application with an user interface that allows its users to enter command promptly. The 
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CGM prepares the commands for all FCMs in a single packet and sends the packet to the server. 
After receiving the packet, the server forwards them to corresponding FCMs. The FCMs then 
control the actuators to impose the individual command received from the server on the specimen 
located in their laboratories. After the command is successfully executed, an FCM measures or 
calculates the response and sends it back to the server. When the server receives all the packets, it 
integrates them and sends it to the CGM as a notification of the completion of command execution. 
Those actions performed by the PNSE server, CGM and FCMs described above constitute a cycle, 
which is the smallest unit to be executed repeatedly until the collaborative experiment finishes. 

On PNSE, human communication is still necessary but not as easy to implement as in a 
traditional structural laboratory since all the participants (including test operators and interested 
individuals on the Internet) are scattered around at different locations. However, it is very difficult 
or even impossible to clearly define all possible events (such as the detailed damage condition of 
the specimen or any action taken by the laboratory staffs to fix the specimen, etc.) that can occur in 
a networked structural experiment in the application protocol. To address this issue, a feature of 
instant discussion is included in the application protocol for all PNSE participants to promptly 
transfer relevant information about the experiment by means of sending and receiving human 
readable texts. 
 
Characteristics of PNSE 

PNSE is an environment independent platform since it is constructed based on the TCP/IP 
suite which is supported by almost all currently available operating systems and programming 
languages. High interoperability can be assured regardless of the diverse environment composed of 
computer hardware, operating system, and programming language. This suggests only minimum 
programming work has to be done to incorporate existing numerical analysis programs and facility 
control programs on PNSE. 

The PNSE server sits the central position in the star-topology connection system. However, 
except for maintaining a simple login procedure for each connection attempt, it does not behave as 
an “administrator” of the system for any purpose other than security concern. That is, it does not 
mandate any clients to perform any specific task during the course of the experiment and only 
serves as a “spokesman” for all clients. For example, the server never actively queries the CGM for 
command to be executed nor it ever queries the running state of any of its clients. It is the CGM’s 
responsibility to actively send the command to the server, and similarly, it is every client’s 
responsibility to send a notification of change of its running state to the server when necessary. 
Actually, both the PNSE server and clients are stipulated to make “active notifications,” meaning 
that the one who owns relevant information should actively informs the other side of the connection, 
when necessary. This stipulation naturally makes the PNSE an event-reflective platform, provided 
that all significant events that can occur in experiments are clearly defined in the application 
protocol. 

In other words, for any PNSE client, any information that comes from the server is actually 
originally sent or caused by other clients. This characteristic actually makes the PNSE a truly 
cooperative platform because every client plays an indispensable role and has its responsibility to 
behave as stipulated to jointly make the progression of the experiment. This leads PNSE to an 
event-driven system. The progression of the experiment can be thought of a series of responsive 
behaviors to all events defined in the application protocol. The characteristic of event-driven 
enhances the extensibility of PNSE since when events and interactions get more and more complex 
in the future, all that has to be done is to add more message handler functions in programs without 
drastically modifying the program architecture. 

In addition to make the PNSE an event-driven and a truly cooperative platform, the stipulation 
of active notification actually increases the overall data transmission efficiency of PNSE. Other 
than the active notification stipulation proposed in this study, an “information query mechanism 
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(IQM)” can be an alternative approach to realize an event-reflective platform. This mechanism 
basically stipulates that the one who need relevant information should actively query for that 
information from the one who owns it repeatedly until the information is acquired. Techniques 
utilizing IQM to exchange data over the networks have been employed in other research works due 
to its simplicity. Examples include accessing shared-used disk files (Sugiura et al. 1998, Yun et al. 
2000, and Watanabe et al. 2001) and depositing and retrieving data from a database repository (Tsai 
et al. 2003). However, IQM generally decreases the overall system efficiency since the polling 
operations have to be done frequently enough so that information can be acquired promptly enough, 
but frequent query wastes a lot of time and network resources especially when the information 
queried has not been updated at the moment of query. As for the active notification stipulation 
proposed in this study, the system efficiency could be drastically increased since all the PNSE 
modules (both the server and the clients) have to do is to wait for the information to come 
automatically without spending any time and network resources to poll from the other side of the 
connection continuously. 

PNSE is designed and constructed in a start-topology connection system to simplify the 
network topology and hence the communication flow. Instead of connected to any other client, a 
PNSE client is designed to connect to the server only. Consequently all data packets must be 
directed to the server first and then can they be dispatched to their destination by the server. This 
would cause additional time consumed in data transferring but this architecture tremendously 
simplifies the network communication flow since for each client program it only has to handle 
information that comes from the server, instead of the many other clients. This design can save 
large amount of efforts needed in programming especially when events and interactions get more 
and more complex in the future. Since all the information must be directed to the server first, the 
PNSE server appears to be the best candidate to publicize all valuable information on the Internet, 
including the general information (metadata) of the current experiment, all the open signal values, 
running state of the experiment, running states of all client programs. 

In any traditional structural laboratory, due to various reasons such as damage examination, 
photographing, minor specimen or instrumentation adjustment, or safety concerns, an experiment 
can be suspended, resumed or even stopped prematurely. In the scenario of virtual laboratory, 
privilege of change of the running state is still preserved for each participating laboratory, although 
all the FCMs are stipulated to report any change of its running state to the system. 
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To verify the validness and efficiency of the Database Approach and Application Protocol 
Approach, a series of domestic and transnational collaborative experiments were conducted upon a 
bridge with two double-skinned concrete-filled tube (DSCFT) bridge specimens. More details of 
these tests can be found in (Tsai et al., 2003). The two columns were fixed to the ground and 
pin-connected to the rigid superstructure with earthquake ground motions along two horizontal 
directions, hence each pier has two controlled degrees of freedom assigned at the top. Two piers of 
the structure are constructed and located at National Taiwan University Laboratory (NTU Lab.) and 
National Center for Research on Earthquake Engineering Laboratory (NCREE Lab,) respectively. 

 

  
Figure 17a NCREE-NTU Testing Result using 

Database Approach 
Figure 17b NCREE-NTU-Stanford Testing 

Result using Database Approach 
 
A series of 1000-time-step substructure pseudo-dynamic tests demonstrates the feasibility of 

the Database Approach. A four-pier bridge subjected to a bi-directional earthquake is simulated (see 
Fig. 15), while two of the four piers are real specimens and other components are numerically 
simulated by the OpenSees-based analysis engine (see Fig. 16.) In average, the time cost on 
network transmission costs 204 seconds of the total elapsed time of 1124 seconds (see Fig. 17a), 
less than 20% of total time in domestic tests (across NTU and NCREE, while the Data Center and 
the Analysis Engine are placed at NCREE.) The network costs less than 70% of total elapsed time 
in transnational tests, (see Fig. 17b) in which the Analysis Engine is moved to Stanford University 
in USA. 

A series of transnational pseudo-dynamic tests are also conducted using Application Protocol 
Approach for a two-pier bridge system (see Figs. 18 and 19.) In the tests, the server resided in 
Stanford University, while the CGM runs at the NCREE Lab. A 1999 Chi-Chi earthquake motion is 
selected as the excitation, which PGA is reduced so that the specimens keep in elastic status for the 
networked tests. The test results reasonably agrees with the one obtained from pure numerical 
analysis, indicating that all signals including commands and responses were correctly transmitted 
over the Internet. Time consumed for a data packet to make a round trip between NCREE and 
Stanford is 0.17 seconds in average, which is nearly the same as the network performance tested by 
using an operating system ping-pong network testing program (0.16 seconds.)  
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Figure 18 Pseudo-dynamic DSCFT Tests using Application Protocol Approach 
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Figure 19 A Restart Experiment Completing a Previously Disconnected Experiment 

 
3.4 Summary 
 An Internet-based environment, called ISEE, has been prototyped in this work for collaborative 
networked structural experiments among geographically distributed structural laboratories. Two 
approaches, the Database Approach and the Application Protocol Approach, have been prototyped 
and employed to provide different solutions for network communication as well as collaborative 
framework in ISEE. The Database Approach employs a database server with a World-Wide Web 
service as a data center to serve as a data exchange and repository center, and all network 
communications are performed by calling SQL commands. The Application Protocol Approach 
develops a communication protocol based on TCP/IP suite for direct exchange of messages in ISEE. 
Several networked pseudo-dynamic tests have been conducted to investigate the feasibility and 
efficiency of ISEE. The tested experiment sites include the NCREE Lab and the NTU Lab. A series 
of networked experiments using Database Approach and Application Protocol Approach, which the 
components of the experiments are placed at the NTU Lab, NCREE Lab and Stanford University 
(in USA) has been completed and validates the feasibility of the ISEE for future networked 
collaborative pseudo-dynamic experiments. 
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Abstract:  Four reinforced concrete column specimens were prepared for tri-axial loading test. The 

specimens had 150x150mm square section and 600mm clear span. A new experimental apparatus that allows 

tri-axial translation and restricts tri-axial rotation of head of the specimens was developed. The specimens 

were subjected to three-directional cyclic loading in the range of 0.1 to 0.4 axial force ratio. As a result, it was 

verified that rotation of head of the specimens could be restricted, experimental data for understanding and 

modeling restoring force characteristics of the R/C columns subjected to anti-symmetric bending and varying 

axial force were obtained, and considerations regarding restoring force model by using the theory of 

plasticity were carried out. 

 

 

1.  INTRODUCTION 

 

It is necessary to formulate restoring force characteristics of structures or members for earthquake 

response analysis, and tri-axial response analysis have been appealed. Experimental tests of structures 

or members are indispensable for understanding the restoring force characteristics. One-axial restoring 

force characteristics of R/C members are understood fairly well. Experiments of R/C members 

subjected to two-directional loading have been made in the past researches (for example, Takiguchi et 

al. 1979, and Takiguchi et al. 2001). However there are few experimental research focused on tri-axial 

behaviors of R/C structures and members. 

Four reinforced concrete column specimens were prepared for tri-axial loading test. The 

specimens had 150x150mm square section and 600mm clear span. A new experimental apparatus that 

allows tri-axial translation and restricts tri-axial rotation of head of the specimens was developed. The 

specimens were subjected three-directional cyclic loading in the range of 0.1 to 0.4 axial force ratio. 

The purposes of this study are to verify validity of the new experimental apparatus, and to understand 

the tri-axial behaviors of R/C columns for modeling the restoring force characteristics by using the 

theory of plasticity, which is one of the macro modeling (for example, Takizawa and Aoyama 1976, 

and Nishimura and Takiguchi 2003). 

 

 

2. EXPERIMENTAL PROGRAM 

 

2.1  Apparatus 

A new experimental apparatus for a column specimen subjected to tri-axial loading was developed. 
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Figure 1 represents loading and measuring system. Base of the column was fixed horizontally, and 

head of the column was allowed tri-axial translation and restricted tri-axial rotation. A system that 

consists of a cross of steel beams and eight hydraulic cylinders restricts lean of the head, and a parallel 

rule of link mechanism (Takiguchi et al. 1979) restricts rotation that causes torsion of the column. As 

shown in Figure 2, the system with hydraulic cylinders allows vertical translation and keeps horizontal. 

The eight hydraulic cylinders have capacity of 500kN, and were connected by sixteen 

ultra–high-pressure hoses of the same size. Strain gages were pasted to the beams of the cross at a 

distance of 1600mm from joints of beams and cylinders to measure loading of the each beam. The 

specimen is subjected to horizontal loading by two hydraulic jacks of 200kN capacity through loading 

beams, and axial force by one hydraulic jack of 500kN capacity. Load cells on the hydraulic jacks 

measure loading of these three jacks. 

Five displacement transducers measured tri-axial rotation of head of the specimen as shown in 

Figure 1. The displacement transducers of No.1 to 3 decide the lean of the head, and No.4 and 5 

measure the rotation regarding torsion. Four measuring instruments measured tri-axial translation. The 

measuring instrument connects head of the specimens and the other end through ball bearing of 

self-aligning rod-ends, and measures distance between the ends with displacement transducer. 

Tri-axial relative displacement of head to base of the specimen is calculated with these five 

displacement transducers and three out of four measuring instruments. Two measuring instruments 

regarding vertical direction make two results of relative displacement, and we take an average.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

  

 

 

 

 

 

 

 

 

 

 

 

Figure 1  Loading and Measuring System
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2.2  Specimens and Loading Plan 

Four reinforced concrete column specimens were prepared for the test. Table 1 shows dimensions 

of specimens and mechanical properties of concrete and reinforcements, and Figure 3 shows details of 

specimen. Shear span-to-depth ratios of specimens are equal to 2.0. Deformed bar and round bar, D10 

and 4φ, are used for longitudinal bars and shear reinforcements, respectively. The specimens were 

designed to yield in flexural and not to fail in shear. The specimens were subjected to tri-axial cyclic 

loadings. Axial force was varied in the range of 0.1 to 0.4 axial force ratios.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

3. TEST RESULTS AND CONSIDERATION 

 

3.1  Verification of Apparatus 

Displacements and forces of test results are expressed on rectangular coordinate, and compressive 

axial displacement and force are taken as positive, as shown in Figure 4.  

Figure 5 shows rotation of the test results. It can be said that the system with hydraulic cylinders 

and the parallel rule of link mechanism could restrict the rotation of head of specimen, and those had 

equal ability. The maximum rotations of four specimens were 0.0012 rad, 0.0027rad, and 0.0035 rad in 

rX, rY, and rZ, respectively. 

The maximum forces, which acted on hydraulic cylinders through the beams of system for 

keeping horizontal the head of specimens, were 2.5kN, 3.7kN, 2.7kN, and 1.6kN compressive force on 

the tests of CBS-3D-1, CBS-3D-2, CBS-3D-3, and CBS-3D-4, respectively. These maximum forces 

were quite smaller than axial force that the specimens were subjected. The force, which acted on the 

hydraulic cylinder, was obtained by calculating curvature of beam of the cross with Navier’s 

assumption and strain measured by strain gages posted on the beam. The system for keeping 

horizontal the head of specimens could restrict rotation of the head without bearing axial force. 

Figure 3  Detail of Specimen
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3.2  Test Results and Consideration 

Figure 6 to 9 show test results of four specimens. The maximum R, which was lean of axis of 

member to Z-axis as shown in Figure 4, were 0.032 rad, 0.043 rad, 0.061 rad, and 0.081 rad in 

CBS-3D-1, CBS-3D-2, CBS-3D-3, and CBS-3D-4, respectively. Loading history influenced the 

maximum lateral displacement. Tendency could be seen that cyclic lateral loading under higher axial 

force made the lower maximum lateral displacement. 

Dotted lines shown in QX-N and QY-N relationships of Figure 7 to 9 represent strength curve that 

have parabola in QX-N and QY-N relationships and circle in QX- QY relationship. The parabola is 

approximated curve of strength given by the additional theorem, perfectly rigid-plastic assumption on 

stress-strain relationships of concrete and reinforcement, and anti-symmetric bending moment 

distribution of the specimen. Compressive strength of concrete and yield strength of reinforcement 

obtained through test of material are used for calculation. It can be said that strength of the column 

specimens can be estimated with the strength curve as shown in Figure 7 to 9 and the strength curve 

can be regarded as yield surface. 

CBS-3D-1 was subjected to alternate one-directional lateral loading in X and Y direction under a 

constant axial force, as shown in Figure 6. First, X-directional loading was dealt in the range of –6 mm 

to 6 mm with no Y-directional loading, and next Y-directional loading was dealt in the same range with 

no X-directional loading. These processes were repeated as displacement was increased. Figure 10 

shows the results of CBS-3D-1, which QX- δX and QY- δY relationships are drawn on the same sheet. It 

can be said that restoring force characteristics aren’t influenced by loading history in the direction lied 

at right angle because QX- δX and QY- δY relationships are almost equal. 
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Figure 11 shows a stage from A to B the test result of CBS-3D-3 shown in Figure 8. In the stage, 

axial force was decreased after the specimen was yielding. displacement increment vector of the test 

result lied in direction of loading in the stage from A to B. When the column specimen was yield and 

its displacement directed toward loading, force-displacement relationship were analogous to the theory 

of plasticity (for example, Chen 1994), because plastic displacement increment vector of calculation 

roughly lied in normal direction of yield surface, as shown in Figure 11. The plastic displacement 

increment was given by subtracting elastic displacement increment from total displacement increment 

Figure 10  Hysterisis Loops

Figure 7    CBS-3D-2

Figure 8    CBS-3D-3

Figure 9    CBS-3D-4

(a)  First Cycle (b)  Second Cycle 
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of the test result, where elastic displacement increment was calculated by multiplying force increment 

of the test result and inverse of elastic rigidity together. Elastic rigidity was decided on inclination of 

line that was regarded as linear relationship on initial force-displacement curve of the test result. 
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4. CONCLUSIONS 

Four reinforced concrete column specimens were prepared for tri-axial loading test. The 

specimens had 150x150mm square section and 600mm clear span. A new experimental apparatus that 

allow tri-axial translation and restrict tri-axial rotation of head of specimens was developed. The 

specimens were subjected to three-directional cyclic loading in the range of 0.1 to 0.4 axial force ratio. 

As a result, the following conclusions were found. 

[1] Rotation of head of specimens could be restricted, and experimental data for understanding and 

modeling restoring force characteristics of the R/C columns subjected to anti-symmetric bending 

and varying axial force were obtained. 

[2] Surface, which was calculated with the additional theorem, perfectly rigid-plastic assumption on 

stress-strain relationships of concrete and reinforcement, and anti-symmetric bending moment 

distribution of a column, could estimate strength of the R/C columns, where compressive strength 

of concrete and yield strength of reinforcement obtained through test of material were used. 

[3] One-axial restoring force characteristics under a constant axial force weren’t influenced by loading 

history in the direction lied at right angle. 

[4] When the R/C columns were yielding and those displacements directed toward loading, force 

-displacement relationships were analogous to the theory of plasticity. 
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Abstract: To predict the behavior of a concrete structure under seismic loading, the stress-strain curve of 
concrete in compression is important material characteristic. Current models are including the influence of 
compressive strength. By the way, the localization of failure of concrete in compression is also influential 
on the stress-strain curve; hence, the stress-strain curve is strongly changing with the aspect ratio of a 
concrete specimen. The objective of this study is to establish the hysteresis model of concrete in 
compression considering the localization and compressive strength of concrete. To overcome the 
localization of failure, it is assumed that the zone of strain softening (failure zone) of a specimen is 
coupling in series to “transition zone” and “unloading zone”, such that the stresses carried by these 3 zones 
are equal and their strains are superimposed with considering the extent of each zone. In this paper, the 
hysteresis loop model for a failure zone, which governs the overall behavior of concrete structures, was 
presented in comparison with the experimental loop. 

1. INTRODUCTION 

To predict the behavior of a concrete structure under seismic loading, the model for the 
stress-strain relationship of concrete under cyclic loading (hysteresis loop) is important material 
characteristic. Current models (i.e., Karsan and Jirsa 1969) are including various influential factors 
and experimental conditions on the hysteresis loop. Especially, the influence of compressive 
strength has been discussed. By the way, Figure 1 shows the failed concrete specimen and 
stress-strain relationship with diameter D of 100 mm and varied height H; height to diameter ratio 
H/D is changing (Watanabe et al. 2003). The localization of failure in compression is clearly 
observed. And the localization is also influential on the stress-strain relationship; hence, the 
stress-strain relationship is strongly changing with the aspect ratio of a concrete specimen (Figure 1 
(a)). However, the model involving an influence of the localization has not been formulated.  

The objective of this study is to establish the hysteresis model of concrete in compression 
considering the localization and compressive strength of concrete. A series of uniaxial 
one-directional repeated load test (specimens have been loaded up to the maximum load, then 
turned to be unloaded) has been conducted with measuring stress-strain relationships (hysteresis 
loop) at each local portion of the specimen by the acrylic-rod method (the experiment was detailed 
in section 2). To overcome the localization of failure, it is assumed that the zone of strain softening 
(failure zone) of a specimen is coupling in series to “transition zone” and “unloading zone”, such 
that the stresses carried by these 3 zones are equal and their strains are superimposed with 
considering the extent of each zone (Watanabe et al. 2003). Similar concepts are proposed 
previously (i.e., a series coupling model, Bazant (1989)). The length of a failure zone was 
calculated from the cross-sectional area of a concrete specimen (Lertsrisakulrat et al. 2001). Then, 
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the model for an envelope curve involving a characteristic of compressive strength of concrete was 
formulated for each zone (Watanabe et al. 2003). By combining 3 models considering the extent of 
each zone, a new model to express an experimental value of envelope curve of the specimen can be 
obtained regardless the aspect ratio. 
Finally, a hysteresis loop model for overall behavior of a concrete specimen with any aspect ratio 
was established. Each hysteresis loop model for failure, transition and unloading zones was 
formulated. In this paper, the hysteresis loop model for a failure zone, which governs the overall 
behavior of concrete structures, was presented in comparison with the experimental loop. 

2. OUTLINE OF UNIAXIAL COMPRESSIVE TEST 

2.1 Specimen 
Tested specimens are listed in Table 1. Two specimens were used for each case. Cylindrical 

specimens were made with diameter (D) of 100 mm. To investigate the effect of concrete strength 
on the hysteresis loop, water-to-cement ratios of concrete are set to 0.4, 0.5, 0.6 and 0.7. Coarse 
aggregate with the maximum size (Gmax) of 13 mm and 20 mm were used in these specimens. 
Height of specimens was 400 mm (H/D=4), which indicates the localized failure clearly 
(Lertsrisakulrat et al. 2001). The compressive strength of concrete (fc

’) ranged from 26.2 to 48.4 
MPa at the time of test. The value of fc

’ was determined from the standard cylindrical specimen of 
200 mm in height and 100 mm in diameter.  

(a) Stress-strain relationship with varied H/D 
(W/C = 0.6; fc

’ = 30MPa)

Designation Length Strain 
Failure zone Lp F
Transition 

zone LT T

Unloading 
zone LU U

Lp

LT

Lp

LT

Lp

LT

LU
Lp

LT

LU

Lp

LT

(c) H/D = 2 
D = 100 mm 

(b) Cross-section 

Figure 1 Failed specimen and stress-strain relationship with varied H/D (Watanabe et al. 2003).
(black lines indicate crack observed clearly)

(d) H/D = 3 (e) H/D = 4 (f) H/D = 6 (g) H/D = 8 

/ max

0.0

0.5

1.0

0 1 2 3 4
/ peak

H/D=2
H/D=3
H/D=4
H/D=6
H/D=8
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2.2 Loading Test and Measurement 
The loading set up is shown in Figure 2. To decrease a friction, friction reducing pads, i.e., two 

Teflon sheets (0.05 mm thickness) sandwiching silicon grease were inserted between the specimen 
and loading plates. The specimen was loaded up to the maximum load, then unloaded until 0 kN. 
With controlled displacement rate of 0.002 mm per second, the load was applied until decreasing to 
10% of the maximum load after the peak. 

In the loading test, the load (P) is measured by a load-cell. The value P divided by the 
cross-section area Ac denotes the stress ( ). Deformations (d) in the specimen were externally 
measured by deflection gauges, and internal strains were measured by strain gauges (3 mm long) 
pasted on the acrylic rod with 40 mm interval embedded in the specimen (AC-rod method). The 
acrylic rod was embedded vertically into a specimen. The strain measured by each gauge denotes a 
local strain ( ), which was assumed to be uniform within 40 mm region of each strain gauge. 
Average strain ( ave) for the whole of the specimen is obtained by averaging all the value  or by 
dividing the measured value d with the initial specimen height (H). 

2.3 Experimental Results 
The failure mode, a stress-local strain loop ( ) and a stress-average strain loop ( ave) of 

the specimen A13-0.5-4 are shown in Figure 3. Figure 3(c) suggested that the value ave measured 
by AC-rod method shows the similar behavior to the strain measured by deflection gauges; hence, a 
concrete bonded to the acrylic rod and the value  can express the strain at the local portion of a 

Table 1 Tested Specimen. 
H/D Gmax fc

'
max Lp Designation

(mm)
Water to Cement 

ratio (MPa) (MPa) (mm)
0.4 47.3 41.9 120 A13-0.4-4
0.5 42.0 39.3 120 A13-0.5-4
0.6 32.2 27.7 120 A13-0.6-413

0.7 26.2 22.0 160 A13-0.7-4
0.4 48.4 47.5 120 A20-0.4-4
0.5 39.0 34.9 120 A20-0.5-4
0.6 36.7 30.7 120 A20-0.6-4

4

20

0.7 28.4 22.5 120 A20-0.7-4
max: maximum stress, Lp: the failure zone length. 

A friction
reducing pad

Specime

Loading
plate

Deflection 
gauge 

A friction 
reducing pad

Figure 2 Loading set up.

Lp

Lt

Secondary crack 

40

40

30

10

20

0
ave

( 10-6)

 (MPa)

(c) ave curve obtained by 2 methods(b)  curve (a) Failed specimen 
Figure 3 Experimental results (A13-0.5-4). 

2000 4000 08000 
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concrete specimen accurately. Based on the existing criterion (Lertsrisakulrat et al. 2001), failed 
specimens with H/D of 4 are divided into 2 parts; namely a failure zone (length, Lp) of the strain 
softening, and a transition zone (length, LT) where decreasing strain turns to increase in the 
post-peak region.  

3. HYSTERESIS LOOP FOR THE FAILURE ZONE 

3.1 Definition 
Averaging the local strain  measured in the failure zone gives the strain in the failure zone ( F). 

An experimental curve and the proposed model for hysteresis loop in the failure zone ( - F) are 
shown in Figure 4. The characteristics of the loop are denoted by the following symbol and 
schematically shown in Figure 4(b). If the value F in the post-peak region decreases with the stress 
( ), the traced curve is called an unloading curve ( Fu): between the unloading point ( c Fc) (a 
deviation from the envelope curve) and the residual point (0 Fp) (the stress reached 0 kN). After 
completely unloaded, the strain and stress increased again from the residual point, then, approaches 
to the maximum point ( m, Fm). The curve is called a reloading curve ( Fr). The locus joining 
the end of the reloading curve and the start of the unloading curve will be called the envelope curve.  

3.2 Envelope Curve 
By referring the existing model (Popovics 1973), Watanabe et al. (2003) reported the 

numerical expression for the envelope curve for the failure zone as follows:  

Fn

0F

F
F

0F

F
F

max )(1-n

)(n
        (1) 

where, F0 =(1.72 102
max

2/3) 10 6, nF=3.00 10 4
max

2+3.47 10 2
max+1.86.

3.3 Unloading Curve 
Figure 5 shows the experimental value and the prediction of the unloading curve; those of the 

stress and strain are expressed as a ratio between the unloading point and the residual point. At the 

0

10

20

30

40

0 2000 4000 6000
F ( 10-6)

 (MPa) 

Envelope curve

Hysteresis loop

Maximum point

(a) Experimental curve 

Figure 4 Experimental curve and proposed model of hysteresis loop for the failure zone.

Residual point 0, Fp)

Peak ( max, F0)

Unloading point 
( c, Fc)

Close to envelope, 
Fm F Fm

F

Envelope curve 

Reloading
curve

Unloading curve 

( m, Fm)

Maximum
point ( m, Fm)

(b) Proposed model 
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beginning of unloading, all unloading curves show that the strain ( Fc) is constant during the stress 
decreasing from c to 0.90 c. On the other hand, after the point (0.9 c, Fc), a shape of the convex 
curve is not unique. As shown in Figure 5(a), a curvature increased with the decrease in the stress at 
the unloading point ( c). In addition, Figure 5(b) shows that the value max also affected the 
unloading curve, even if the value c/ max of each unloading point is the same. 

In traditional empirical equations (Karsan and Jirsa 1969), the convex curve was expressed by 
using a power function. However, the convex curve near the horizontal axis became flat as the value 

c/ max decreased. Therefore, it would be difficult to express the experimental results by a single 
expression. Here, a polynomial expression was adopted as follows: 

0.1Fu      (0.9 c c)  (2) 

1.0
Fu

max

c
Fu

u
Fu

c
111.09.0 F ))(()(  (0 Fu 1.0) (3) 

where, Fu =( F Fp)/( Fc Fp), uF=1.73 ( c/ max)( 21/ max).

To predict the strain at the residual point, the relationship of the strain between the unloading 
point ( c, Fc) and the residual point (0, Fp) is plotted in Figure 6. Both strains are divided by the 
peak strain ( F0). There are slight differences caused by max. However, the identical equation could 
be applied to express the experimental curve. Previous studies (Karsan and Jirsa 1969) argued that 
the relationship could be predicted by an exponential function or a quadratic function. According to 
the JSCE (2002), the relationship in Figure 6 is formulated as follows: 

0F

Fc
0FFcFp 35.0exp17.2     (4) 

3.4 Reloading Curve 
Figure 7 shows the experimental value and the prediction of the reloading curve; those of the 

stress and strain are expressed as a ratio between the residual point and the maximum point. Figure 
7(a), obtained by the specimen A13-0.5-4, indicates that the shape of the unloading curve changes 
with the strain ratio between the residual point and the peak point ( Fp/ F0). In addition, Figure 7(b) 
shows the curve of 3 specimens reloaded from the residual point with the identical Fp/ F0. It is 

0.0
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1.0
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0.0

0.5

1.0

0.0 0.5 1.0
0.0

0.5

1.0

0.0 0.5 1.0
(a) A13-0.5-4 

Figure 6 ( Fc/ F0) ( Fp/ F0) relationship. 
(b) c max=0.36

Figure 5 Experimental value and prediction of the
unloading curve.

: A13-0.5-4
: A13-0.6-4
: A13-0.7-4

0.90.9

/ c / c

Fu Fu

Fp/ F0

Fc/ F0

Eq.(4)

: c/ max=0.87 
: c/ max=0.35 
: c/ max=0.13 

    : Eq.(2)(3)

: A13-0.5-4 
: A13-0.6-4 
: A13-0.7-4 

    : Eq.(2)(3)
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clarified that the influence of the value max exists on a shape of the reloading curve. Therefore, the 
reloading model involving max and Fp/ F0 should be formulated. Based on Eq. (1), a new value 
(nFb) is added as the power, which is corresponding to the bending degree of the reloading curve. 
The value nFb is captured as fitting the calculation by the equation with the experimental curve for 
each case, and approximated with relation to max and Fp/ F0.

By the way, Figure 4(a) implies that the maximum point ( m, Fm) does not exist on the 
envelope curve. A stress of the maximum point is slightly lower than the value m: the stress of the 
point on the envelope curve and corresponding to the identical strain ( Fm). When cracked concrete 
is subjected to loading and unloading, the strength of concrete may decrease with closing and 
opening of cracks. Experimental results indicated that the value  might depend on max and Fp/ F0.

By summarizing these discussions, the reloading curve from the residual point to the 
maximum point is formulated as follows:  

FbF

Fb

nn
FrF

n
FrF

m 1-n

n
    (5) 

where, Fr =( F Fp)/( Fm Fp), nFb=exp(0.025 max( Fp/ F0)), =1-0.2( max/50)( Fp/ F0). 

To predict the strain at the maximum point Fm), the relationship between the value Fp and Fm

is plotted in Figure 8. By comparing 3 results, there is just a difference depending on max. An 
approximation without the difference is not adequate to express a common point (Karsan and Jirsa 
1969). Therefore, each relationship is predicted by the function of max as follows: 

8.1cbexp8.0ab2expa
0F

Fp

0F

Fp

0F

Fp

0F

Fm   (6) 

where, a = 6.7 10-3
max +9.7 10-1, b = 2.0 10-2

max+3.2, c = 4.0 10-3
max+1.2. 

After the maximum point of the reloading curve, the hysteresis loop is gradually getting close 
to the envelope curve (Figure 4(a)). To consider the behavior after the reloading curve, the value 
is added to Eq.(1) while the strain is Fm to (1+ ) Fm. In this rage, the value  gradually increases 
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(a) A13-0.5-4 

Figure 8 ( Fp/ F0) ( Fm/ F0) relationship.

(b) Fp F0=0.90

Figure 7 Experimental value and prediction of
the reloading curve.
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from  to 1. Based on the experimental data, the value  is decided by the value  and Fm/ F0: a 
strain at the maximum point divided by F0. The equation to express the curve getting close to the 
envelope curve is formulated as follows: 

Fn
FF

FF

m 1-n
n   ( Fm F  (1+ ) Fm) (7) 

where, = +( F Fm)(1- )/ F0, =1.4(1- )( Fm/ F0)

3.5 Comparison of Proposed Model with Experimental Curve 
Hysteresis loop in the failure zone ( F) is predicted by substituting max into Eqs. (1) to (7). 

In Figure 9, the proposed model and experimental results in the failure zone are compared based on 
max. The calculation by the proposed model has a good relation with the experimental curve 

regardless of max.

4. CONCLUSION 

This paper discusses the hysteresis loop in the localized compressive failure zone of concrete, 
which governs the behavior for a whole of concrete structure. Then, it is confirmed that the 
proposed model in this paper can simulate the experimental loop in the failure zone accurately. 
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Abstract:   The authors originated new reinforcing methods for reinforced concrete beams with web 

opening. Those new methods consist of using unbonded prestress tendons, which are arranged near web 

opening. Prestressed force is introduced to each tendon. The authors made two arranging ways of unbonded 

tendons near web opening. The authors aim that both new methods will be suitable not only for seismic 

retrofit of existing reinforced concrete buildings having beam with web opening, but also new buildings. 

In this study the authors performed shear-bending experiments of reinforced concrete beams with those new 

reinforcing methods for web opening, and tried to confirm effectives of those methods and make clear shear 

characteristics of those beams.  

From specimens the following facts were taken; 

1.   Shear strength of specimens could be calculated by well-known formula by regarding prestress tendons 

near web opening as reinforcing bars for web opening. 

2.   When sufficient prestressed force was introduced to each tendons, crack width under allowable shear 

force for sustained loading could be controlled to lower than 0.2mm. 

 

 

1.  INTRODUCTION 

 

Reinforced concrete (R/C) beams with web opening have some loss in their section caused by 

web opening, so their section loss may cause large crack width around web opening. Sometimes their 

large crack width may exceed beyond design assumption. To improve that situation the authors has 

proposed new reinforcing method, named “the IC reinforcing method; the IC reinforcing method is 

made up of unbonded-type prestress tendons arranged around web opening and introducing 

prestressed tensile force to prestress tendons. The authors intend that the IC reinforcing method may 

be adopted for new construction buildings for restraint of crack width being small. 

In this research the authors intended to investigate effects of amount of prestressed tensile force to 

prestress tendons, ratio of web opening reinforcement by prestress tendons and compressive strength 

of concrete, for ability of restraint of crack width and shear ultimate strength of reinforced concrete 

beams having the IC reinforcing method. 

The authors, furthermore, have proposed new reinforcing method, named “the OC reinforcing 

method”, for beams with web openings in existing building; the OC reinforcing method is made up of 

prestress tendons placed on the surface of beam roundly, and introducing prestressed tensile force to 

the tendons. In this study the authors also intended to investigate effect of the OC reinforcing method. 
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2.  EXPERIMENTAL PROGRAM 

 

 

2.1  Specimens 

    Specimen’s details are shown in Fig. 1, 

and Table 1. Twelve specimens were tested in 

this study. Eleven of specimens were made as 

specimens of the IC reinforcing method, and 

one of specimen was as the OC reinforcing 

method. All specimens had 300mm in width b 

and 450mm in depth D of section, 150mm in 

diameter of web opening (equal to D/3) and 

1.54 of shear span ratio M/Qd. 

Three pieces of D22 high strength bar 

having screw-type knot were used as 

longitudinal reinforcement. Three pieces of U8, 

which were arranged as stirrup and 

unbonded-type prestress tendons of φ7.1, φ9.2 

and φ11 were all approved in JIS (Japan Industrial 

Standard) as “C-1 class”. 

On the IC reinforcing method, four 

pieces of unbonded-type prestress tendons 

were arranged symmetrically having 40 

degree of inclined angle against longitudinal 

direction. On specimen of the OC 

reinforcing method (No.3), a pair of 

prestress tendons was placed round on the 

surface of specimen near web opening. 

Those round tendons were connected each other 

by steel corner blocks, and same amount of 

prestressed tensile force was loaded to those 

tendons, not only tendons placed to beam-depth 

direction but also beam-width direction. On all specimens, prestressed tensile force for tendons, not 

only the IC reinforcing method but also the OC reinforcing method, were loaded by the post 

tension-style loading. To normalize the effects of prestressed tensile force, which may be varied by 

reinforcing method, the authors defined σD as an average prestress suffer to crack occurred near web 

opening which were assumed that crack angle against longitudinal direction was equal to 45 degree, 

which is shown in Fig. 2. 

On the specimens of the IC reinforcing method, specimens had 0.23%, 0.38% and 0.54% of ratio 

of reinforcement for web opening pp calculated by diameter of prestress tendons arranged near web 

opening. 

 

 

2.2  Shear-Bending Loading System 

    Fig. 3 shows loading setup. Specimens were suffered from multi-cyclic shear-bending force. 

So-called “Kenken-style shear-bending loading system” was adopted. By using that loading system, 

specimens were suffered from reversal bending moment against mid-point of specimens on 

longitudinal axis. Peak point of each loading cycle were decided by deformed angle of specimen R; R 

were decided to ±1/500rad., ±1/200rad., ±1/100rad., ±1/67rad. and ±1/50rad.. 

 

40°

90°

Undonded-type PS tendon 

Steel corner block Unbonded-type PS tendon

Elevation of IC method specimens 

Elevation of OC method specimen

  

Section of IC 

method specimens

Fig. 1: Details of specimens 

Section of OC 

method specimen 
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Table 1: List of specimens 
Spec. No. Tendons’ 

diameter, mm 

Reinf. 

method 

Fc, 

MPa 

pp, 

% 

P1, 

kN 

P1/Py σD, 

N/mm2 

No.1 --- --- --- 

No.2 

7.1 IC 0.23 

31 0.7 

No.3 OC 0.27 40 0.5 

0.8 

No.4 15 0.2 0.4 

No.5 31 0.4 0.8 

No.6 

9.2 

 0.38 

61 0.8 1.7 

No.7 --- --- --- 

No.8 31 0.3 0.8 

No.9 

30 

61 0.6 1.7 

No.10 --- --- --- 

No.11 31 0.3 0.8 

No.12 

11 

IC 

60 

0.54 

61 0.6 1.7 

IC: IC reinforcing method    OC: OC reinforcing method 

Fc: Specified concrete strength 

pp: Ratio of reinforcement for web opening by prestress tendons arranged near web opening; 

 pp = ( )( )∑ ⋅+⋅ cba
pps

θθ cossin  

P1: Prestressed tensile force per one piece of prestress tendon 

Py: Yield tesile force of prestress tendon (=σy/A) 

σD: average prestress suffer to crack occurred near web opening which are assumed that crack angle against longitudinal direction is 

equal to 45°;    σD ))2(/()
4

cos(
1

HDbPn
p

−⋅⋅−⋅⋅⋅=
πθ  

n: Number of prestress tendons which cross section having 45 degree of inclined angle 

θp: Inclined angle of prestress tendons against longitudinal axis of specimens 

 

2.3  Crack Observation 

    To observe crack near 

web opening, the authors 

decided the area of 330mm

× 330mm near web 

opening, shown in Fig. 3, 

and width of crack 

occurred in that area were 

measured frequently. Crack 

width W was defined as 

width perpendicular to longitudinal direction of crack which occurred diagonally. 

 

 

3.  RESULT AND DISCUSSION 

 

3.1  General Behavior 

    Experimental results are shown in Table 3, and relations between shear force Q and deformation 

angle R and crack pattern are shown in Fig. 4. On specimens of the IC reinforcing method width of 

 D

45°

Fig. 2: Definition of σD 

 

Table 2: Mechanical properties of steel bars and concrete 
Steel bar sσy, pσy, 

(N/mm2) 
sσt 

(N/mm2) 

Es 

(GPa) 

A 

(mm2) 

Longitudinal, D22 1152 1279 190 387 

Stirrup, U8 874 943 195 50 

PS Tendon for the IC 

method, 7.1φ 

1182 1192 185 40 

PS Tendon for the IC 

method, 9.2φ 

1244 1282 193 66 

PS Tendon for the OC 

method, 9.2φ 

1273 1312 196 66 

PS Tendon for the IC 

method, 11φ 

1220 1292 195 95 

Concrete Fc 

(MPa) 

σB 

(MPa) 
cσt 

(MPa) 

Ec 

(GPa) 

Spec. No.1-3 42 3.0 25 

Spec. No.4-6 39 2.8 24 

Spec. No.7-9 

 

30 

35 2.6 24 

Spec. No.10-12 60 66 3.8 29 

sσy, pσy: Yield strength    sσt, cσt: Tensile strength 

Es, Ec: Elastic modulus   A: Section area 

Fc: Designed strength    σB: Compressive strength 
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crack occurred near web opening became wide 

and specimens became failure. 

On spec. No.1 and No.2, unbonded-type 

tendons yielded and reached to maximum shear 

force just before R was equal to +1/67 rad.. But 

on other specimens of the IC reinforcing method, 

shear force became the maximum at the point that 

R was equal to +1/67 rad.. On spec. No.3 of the 

OC reinforcing method, shear failure were 

occurred on upper and lower area of web opening 

when R was equal to -1/50 rad., then Q had 

fallen. 

Relations between shear crack strength near 

web opening τsco and average prestressσD are 

shown in Fig. 5. As figure shows, generally τsco 

increased according to growth of σD, that is 

growth of prestressed tensile force. And figure shows that τsco may not be influenced by pp and 

concrete compressive strength σB. 

After shear crack occurred, number of shear crack near web opening became smaller according to 

growth of σD, and other shear cracks were occurred outside of web opening area. 

 

Table 3: Experimental result 
Spec. No. cQbu (kN) cQAL (kN) cQAS (kN) cQsuo (kN) eQsco (kN) eQmax (kN) eQmax/cQsuo 

No.1 66 343 1.17 

No.2 

294 

101 356 1.21 

No.3 

 

179 

 

346 

308 122 475 1.54 

No.4 55 387 1.19 

No.5 106 401 1.23 

No.6 

 

175 

 

339 

 

325 

129 449 1.38 

No.7 58 408 1.18 

No.8 113 422 1.22 

No.9 

 

168 

 

329 

 

347 

141 424 1.22 

No.10 63 478 1.21 

No.11 98 515 1.31 

No.12 

 

 

 

 

 

 

783 

 

218 

 

403 

 

395 

138 507 1.29 

cQbu: Calculated maximum bending strength    cQAL: Allowable shear strength for sustained loading by AIJ 

approved formula for reinforced concrete beam not having web opening    cQAS: Allowable shear strength for 

temporary loading by AIJ approved formula for reinforced concrete beam not having web opening    cQsuo: Shear 

strength calculated by the Hirosawa’s formula1): 
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as: Sectional area of prestress tendons    θp: Inclined angle of prestress tendons against longitudinal axis of 

specimens    pσy: Yield strength of prestress tendon    eQsco: Shear cracking load near web opening taken in 

experiments    eQmax: Maximum shear strength taken in experiments 

 

3.2  Crack Width near Web Opening 

    Relations between average shear stress τ and maximum crack width Wmax are shown in Fig. 6, 

7, and 8. On those figures range of τ were positive. As figure shows, crack width, both width when 

shear loading and unloading, became small according to growth of σD and pp. For example, if σD is 

equal to 1.7MPa, that is to say that σD is a small value, crack width became about 1/20 as small as 

that if σD is equal to zero, when specimen is under situation of allowable shear stress for long 

sustained loading. As compared between spec. No.2 and No.3, strength when shear crack occurred 

were approximately equal, but crack width of spec. No.3 was smaller than that of spec. No.2. Reason 

why that may be that stiffness for axial direction of prestress tendon used for spec. No.3 was larger 

 

Specimen

+Q

Fig. 3: Loading setup 

(Hatched area shows crack-observing area)
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△: No.1,2 (pp=0.23%, σB=42MPa, IC method) 

□: No.3 (pp=0.27%, σB=42MPa, OC method) 

◇: No.4-6 (pp=0.38%, σB=39MPa, IC method) 

○: No.7-9 (pp=0.54%, σB=35MPa, IC method) 

●: No.10-12 (pp=0.54%, σB=66MPa, IC method) 

τsco=eQsco/(b･j) 

 

Fig. 5: τsco -σD relation 

than that of spec. No.2, because tendon for spec. No.3 had larger area of section and shorter length 

than those of spec. No.2. 

Relations between σD and crack width when 

specimens were under situation of allowable shear 

stress for long sustained loading ALWmax are shown in 

Fig. 9. Generally in Japan, maximum crack width 

when prestressed concrete structures are under 

situation of allowable shear stress for long sustained 

loading may be recommended to 0.2mm or below. But 

as shown in figure, crack width ALWmax of specimens 

which had no prestressed tensile force for prestress 

tendons reached between 1.10mm and 1.31mm. Those 

values are approximately six times as largeas 0.2mm. 

So those facts show that it is estimated that maximum 

crack width of normal reinforced concrete beam with 

web opening, not having the IC or OC reinforcing 

method, may be exceed to 0.2mm, when beam is under 

situation of allowable shear stress for long sustained 

loading. 
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3.3  Behavior of Reinforcing 

Bar near Web Opening 

    Relations between shear force Q and vertical 

shear force loaded by prestress tendons Vp, vertical 

shear force loaded by stirrup arranged near web 

opening Vs, which are defined 

on Fig. 10, are shown in 

between Fig. 11 to 14. As figure 

shows, point that shear force 

loaded by stirrup arranged near 

web opening became to grow 

may appear later according to 

growth of prestressed tensile 

force. That is because large 

prestressed tensile force 

prevents to become width of 

shear crack near web opening 

wide. 

Among specimens not 

having prestressed tensile force, 

characteristics between σD and Vp, Vs are similar to each other even if concrete compressive strength 

may vary. But on specimen having σB is equal to 66MPa and having prestressed tensile force, shear 

force not only loaded by prestress tendon but also loaded by stirrup arranged near web opening tend to 

Fig. 6: τ-Wmax relation 

(Spec. selected by the scope of variable of σD)

 

Fig. 7: τ-Wmax relation 

(Spec. selected by the scope of variable of pp)

 

Fig. 8: τ-Wmax relation 

(Spec. selected by the scope of reinforcing 

method) 

No.3  OC 

No.2  IC 

In Fig. 6-8; 

    τ=Q/(b･j) 

    AL: Allowable shear stress for long sustained loading; 

AL=cQAL/(b･j) 

    AS: Allowable shear stress for temporary loading; 

        AS=cQAS/(b･j) 

     j: Distance between centers of tension and compression;

j=341.25mm

Controlled crack 

width, 0.2mm 

△: No.1,2 (pp=0.23%,

σB=42MPa, IC) 

□ : No.3 (pp=0.27%,

σB=42MPa, OC) 

◇ : No.4-6 (pp=0.38%,

σB=39MPa, IC) 

○ : No.7-9 (pp=0.54%,

σB=35MPa, IC) 

●: No.10-12 (pp=0.54%,

σB=66MPa, IC) 

Fig. 9: σD-ALWmax relation 
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grow. So it became clear that prestressed 

tensile force makes prestress tendon and 

stirrup arranged near web opening act 

effectively. 

 

3.4  Shear Strength between Experi- 

ment and Calculation 

    In Japan the formula suggested by Dr. 

Hirosawa (eq.1)
1)

 is well-known for 

calculation of shear strength of reinforced 

concrete beam with web opening. Exactly 

that formula is not following to beam with 

the OC and IC reinforcing method, but in this section the authors tried to apply that formula to each 

specimen. Relation between shear strength calculated by the Hirosawa’s formula cQsuo and that taken 

in experiments eQmax are shown in Fig. 15. In this figure, it is assumed that prestress tendons were 

considered as reinforcement for web opening like stirrup. As figure shows, eQmax exceeded cQsuo. 

Value of eQmax/cQsuo, that is safety factor, became between 1.14 and 1.38 on specimens with the IC 

reinforcing method, and became 1.54 on specimen with the OC reinforcing method. Safety factor for 

 

45° 45°

Q Q 

IC Method OC Method 

Vs 
Vp Vs

Vp

Fig. 10: Shear force at PS tendons and stirrup 

 

Fig. 11: Vp-R relation 

(Spec. selected by the scope of variable 

of pp and σD) 
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specimen with the OC reinforcing method 

was larger than that for specimens with the 

IC reinforcing method. It may be thought 

that the reason above is that prestress tendon 

for the OC reinforcing method has larger 

effects for shear strength than that of the IC 

reinforcing method. 

 

 

4.  CONCLUSION 

    This study examined the effects of new 

reinforcing method of reinforced concrete 

beam with web opening. The following 

conclusion can be made: 

1. Shear crack strength near web opening 

increases according to growth of 

prestressed tensile force for prestress tendons arranged or placed near web opening. 

2. Crack width become small according to growth of prestressed tensile force for prestress tendons 

arranged or placed near web opening. Moderate prestressed tensile force for prestress tendons 

and amount of reinforcement for web opening may lead crack width under controlled width 

value. 

3. If specimens are made of high strength concrete, prestressed tensile force may make prestress 

tendon and stirrup arranged near web opening act effectively. 

4. The Hirosawa’ s formula, which is famous in Japan to estimate shear strength of reinforced 

concrete beam with web opening, is applicable to specimens having the IC and OC reinforcing 

methods. 
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Abstract:  This paper describes the investigation of the influence of lateral prestress on the crack opening 

within reinforced concrete column by experiments.  From the experiments, it is found that either shear crack 

strength and allowable shear force which makes residual shear crack opening into target value increased with 

lateral prestressing.   

 

 

1.  INTRODUCTION 

 

According to building design based on structural performance, damage on reinforced concrete 

building such as crack must be controlled to implement required performance.  On the reinforced 

concrete column, from views of durability, waterproof and appearance, shear crack should be prevent 

or its residual opening should be controlled.  Shear crack opening also should be controlled to keep 

residual strength of the column, since its transverse reinforcements stresses and residual deformation 

become larger due to increasing of the crack width. 

When design was performed to control residual shear crack opening within reinforced concrete 

column, it is seem that allowable shear force for temporary loading formula in Architectural Institute 

of Japan Standard of Reinforced Concrete Structures (1999) might be available.  However, AIJ 

Standard does not describe clearly on residual crack width control.  Based on experimental results in 

beam, residual shear crack width was predicted by using allowable shear force formula above as index 

of damage by Fukuyama et al. (2000).  Crack widths could not be controlled in some member, and 

verification based on other index was required.  An axial load could not be neglect, although the 

effect of the axial load was not considered in the formula, when shear crack strength was examined.  

Thus, it might be needed: 

(a) Method of restricting residual shear crack opening. 

(b) To control residual crack opening, evaluation index at design. 

This paper develops effect of lateral prestressing into column (Watanabe et al. 2002 and 2003) on 

shear design for minor earthquake, as preventing method on shear crack occur, or as control method 

on the residual shear crack width, based on experimental results.  An evaluation method of allowable 

shear force which makes residual shear crack width within the column as control target value, as 

control index, was also considered. 
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2. TEST PROGRAM 

 

2.1  Test Specimens 

Table 1 lists test specimen, and Fig. 1 shows details of the specimens.  The test specimens were 

total five specimens which have square shaped section 340mm×340mm, height 900mm.  Five 

specimens were designed as which occur shear failure in ultimate condition, before longitudinal 

reinforcement had been yielded, without bond splitting failure, based on AIJ Guidelines for Reinforced 

Concrete Buildings (1999).  Principal variables were effective tensile stress into a piece of transverse 

Table 1  List of Test Specimens 

No. 
b, D 

(mm) 

dw 

(mm) 

σ0 

/fc 

s 

(mm) 

pw 

(%) 

pwp* 

(%) 

Longitudinal 

bars 

fc 

(N/mm2) 

fct 

(N/mm2) 

fwp 

(N/mm2) 

σL  

(N/mm2)

1 40.1 2.09 859 2.5 

2 45.0 2.21 528 1.6 

3 

6.4*, and 

D16** 
2.54 

48.0 2.29 0 0.0 

4 35.4 1.96 876 2.6 

5 

340 

6.4*, and 

D13** 

0.30 60 

0.29 

0.29* 8-D22 

35.3 1.96 0 0.0 

*pretensioned hoop, **sub hoop, b is breadth of column, D is depth of column, dw is nominal diameter of transverse hoop, σ0 is axial 

stress of column, fc is compressive strength of concrete, s is spacing of transverse hoops in longitudinal direction, pw is ratio of transverse 

hoop(=(Awn+Awp)/(b・s)), pwp is ratio of transverse hoop used in prestressing(=(Awp)/(b・s)), fct is tensile strength of concrete, Awn is cross 

area of one pair of transverse reinforcement without prestressing, Awp is cross area of one pair of transverse reinforcement with 

prestressing and σL is lateral prestress（=pwp・fwp） 

CyclesR
(r
a
d
)

crack width measuring

＋1/400

－1/400

＋1/200

－1/200

＋1/100

－1/100

＋1/67

－1/67

＋1/50

－1/50

＋1/33

Fig. 1  Details of Test Specimens: (a) No.1-3, and (b) No.4 and Fig.2  Sketch of Loading Apparatus
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reinforcement fwp (60, 37 and 0％ of its yield).  Two types of sub reinforcements were used (see Figs. 

1(a) and (b)).  In this experiment, the transverse hoop used for prestressing was only outer one.  

Cover to transverse reinforcements was 12mm.  Maximum particle size of coarse aggregate was 

25mm.  Cement was high early strength Portland cement.  Mechanical properties of steel used in the 

experiments were shown in Table 2. 

 

2.2   Loading and Measuring Method 

The loading apparatus is shown as Fig. 2.  Vertical force on the test specimen was supplied by 

one hydraulic jack capacity 2MN, and axial load ratio (on assumption that this axial load equal to dead 

load without consideration of steel) was kept constant as 0.30 controlled in the load during test.  To 

comparison among shear crack strength of columns with different prestress, so that absolute value of 

difference among specimens become larger, higher axial force ratio was adopted.  Horizontal forces 

on test specimen was supplied by two hydraulic jacks capacity 500kN, and controlled in displacement 

during test.  Horizontal forces were applied in cyclic, and made an unsymmetrical moment.  Tests 

repeated, once at deformation angle of member R=±400, two times, at R=±1/200, ±1/100, ±1/67 

and ±1/50, once at R=±1/33, and finished at ＋1/25.  R is horizontal relative displacement 

between top and bottom of the column divided by its height.  Shear crack openings were measured 

by using digital micro scope (which had minimum divisions of a scale, 0.01mm) at deformation peak 

and horizontal force unloaded (added shear force due to dead load was still residual) of each cycle 

until ±1/50, after cracks occurring.  Shear cracks upon transverse reinforcement and the middle 

point between two transverse reinforcements were measured. 

 

2.3 Lateral Prestressing Method   

Lateral prestress is applied into the concrete with high strength transverse hoops pretensioned 

mechanically.  Reacting forces of pretension is taken with steel cast, and the cast is removed after 

concrete hardening.  Lateral prestress is introduced just before axial force due to dead load of 

assumed upper structure loaded into the column, such as Precast column.  Lateral prestress σL was 

defined as value which was product of ratio of transverse reinforcement used in prestressing and 

transverse reinforcement stress before column had been loaded axially. 

 

 

3. EXPERIMENTAL RESULTS 

 

3.1 V－R Curves 

Each hysteresis of specimens were shown in Fig. 3.  For typical damage process observed on 

the specimens, after flexural crack, flexural shear crack, and shear crack occurred, reached maximum 

strength with increasing of the input shear force. 

Table 2  Mechanical Properties of Steel used in the Experiments 

Type Material fsy, fwy (N/mm2) fst (N/mm2) Es (kN/mm2) 

D22 ― 1016* 1162 206 

U6.4 ― 1441 1465 197 

D13 SD345 378 535 198 

D16 SD295A 344 513 202 

*0.2% offset, fsy and fwy are yield strength of steel, fst is tensile strength of steel, and Es is steel Young’s modulus
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3.2 Failure Mode 

Observed crack patterns at R=1/50 were shown in Fig. 4.  Here, an angle of crack which reached 

severe opening was indicated in a broken line.  According to increase of lateral prestress, these angles 

at crack relative to axis of the column approximated 45 degrees from axial direction of the column.  

Finally, all specimen represented shear compression failure without flexural yield. 

 

3.3 Effects of Lateral Prestress on Shear Crack Strength 

Relations between shear crack strength expVsc and lateral prestress was considered.  Relations 

between shear crack stress expτsc (=expVsc/bD) and lateral prestress were plotted in Fig. 5, together with 

data from literature (Watanabe et al. 2002).  Shear crack strength improved with increasing of 

prestress. 

 

3.4 Evaluation of Shear Crack Strength 

Verification of precision was estimated by evaluation equation of shear crack strength based on 

   

 

 

Fig. 3  V-R Curves (at –1/50≦R≦＋1/50) 

Fig. 4  Observed Crack Patterns at R=1/50 
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maximum principal stress theory which proposed in literature (Watanabe et al. 2003).  Equation was 

not derived empirically from statistics of experimental results, based on the hypothesis which could be 

explained theoretically.  Eq. (1) adopted in AIJ Design Guidelines for Reinforced Concrete Buildings 

(1999) and AIJ Standard of Prestressed Concrete Structures (1998).  Actually, lateral prestressed 

reinforced concrete column was seated under three dimensional stresses condition with combination of 

lateral prestress and axial load added column, but here, projected into two dimensions like Fig. 6.  

Comparison estimated precisions of calculated values between usual evaluation Eq. (1) of shear crack 

strength without consideration of lateral prestress and evaluation Eq. (2) with consideration of 

prestress, was examined, adding 10 columns from literature (Watanabe et al. 2002). 

( )( ) κστ
ctctsc
ff +=

0  (1)

( )( ) κσστ
ctctLsc
ff ++=

0          (2)

where fct is concrete tensile strength, σ0 is axial stress of the column and κ is constant (κ＝

1.5).  fct was calculated by Eq. (3) which was adopted from literature (Collins and Mitchell 1991) 

same as AIJ Design Guidelines (1999).  Unit of fc is in N/mm
2
. 

cct
ff 33.0=  (3)

Fig.7 shows estimated precision on shear crack stress both calculated by original Eq. (1) and 

proposal Eq. (2).  Proposed Eq. (2) takes accounts of lateral prestress, which had coefficient of 

variation 21％, estimate in safely with smaller dispersion than original Eq. (1), which had coefficient 

of variation 27％.  Thus, prediction accuracy was given by using Eq. (2), more than using present 

design formula. 

 

3.5 Effect on Damage 

Fig. 8 shows envelopes of hysteresis of shear force V - shear crack width W.  Here crack width 

W is maximum shear crack width, which had been measured on surface of the specimens.  Starting 

from shear crack strength, and W at shear force reaching almost zero (added shearing force due to dead 

load was still residual) represents residual shear crack width Wr.  For lateral prestressed reinforced 

concrete column, Wr is prevented in smaller value, even if the column had experienced larger shear 

force or crack opening than usual reinforced concrete column had experienced. 

Relations between residual shear crack widths and shear stresses which apply the widths are 

shown in Fig. 9.  The shear stress applied residual shear crack width as 0.2mm, which increased with 
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lateral prestress.  For column with larger quantity of transverse reinforcements, shear stress increased 

with prestress from occurring of shear crack to residual shear crack width reaching 0.2mm, for column 

with smaller quantity of transverse reinforcements, shear stress at residual shear crack width reaching 

0.2mm within lateral prestressed reinforced column was equal to shear cracking stress of 

non-prestressed column.  For columns had smaller quantity of transverse reinforcement, when shear 

crack occurred, then residual crack opening reached 0.2mm. 

 

3.6 Definition of Shear Damage Strength 

The shear stress is defined as “shear damage stress” τsd which applies control target value on 

residual shear crack width.  Here, control target value on crack width was indicated by AIJ 

Recommendations for Design of Partially Prestressed Concrete (2003), as 0.2mm.  From a viewpoint 

of durability, the absolute value of crack width is adopted as 0.2mm without its reduction in 

scale-downed specimen used in this experiment.  However, when total depth of a member becomes 

two times, also residual crack width becomes about two times, even if the member had been 

experienced coordinate shear stress, experimental results were reported (Honjou et al. 2001).  The 

control target value of crack width should be given attention in actual design.  Relations between 

shear crack stress τsc and lateral prestress σL, and relations between shear damage stress τsd and 

lateral prestress σL were shown in Fig. 10.  Both shear crack strength and shear damage strength 

increased with lateral prestress.  Residual crack width is defined under the following condition, as 

inputted horizontal load into column is unloaded and added shear force due to dead load is still 

residual. 

In particular, for specimen with large quantity of transverse reinforcement, under same shear 

stress, residual shear crack width on reinforced concrete column with no prestress reached 0.2mm, 

while lateral prestressed reinforced concrete column (σL=2.5N/mm
2
) had no shear crack.  Shear 

damage stress increased in lateral prestressed column one and a half times than reinforced concrete 

column. 

 

3.7 Evaluation of Shear Damage Strength 

To control damage on reinforced concrete column, estimate method of shear damage strength Vsd 

which makes residual shear crack width into control target value, is expressed in this paper.  It is 

always after cracking that residual shear crack occurs.  Since the tensile force due to horizontal load 

becomes impossible to be subjected by concrete after cracking occur, therefore, be supported by 

transverse reinforcements instead.  Transverse reinforcement subjected tensile force was required 

tensile strain.  When transverse reinforcement is in elastic condition, tensile stress in a single piece of 

the reinforcement is taken as 
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( )αsin⋅⋅= jEWf
srw

 (4)

where, j is distance between corner longitudinal reinforcement bars, and α is an angle at 

diagonal crack plane relative to horizontal plane.  The crack width used in Eq. (4) is crack width at 

shear damage strength.  Correctly, residual crack width differs from crack width in Eq. (4).  Here, 

crack width in Eq. (4) is assumed that equal to residual crack width, since crack width in Eq. (4) equal 

to sum total of crack width and strain distribution in transverse reinforcements is un-uniform. 

By assuming shear damage strength equals to total subjected load by all transverse reinforcement 

across shear crack surface, shear damage strength calVsd1 given by 
( ) nAfnAffV wnwwpwpwsdcal ⋅⋅+⋅+=

1  (5)

where, Awp is cross area of one pair of transverse reinforcement with prestressing, Awn is cross 

area of one pair of transverse reinforcement without prestressing, and n is the number of pieces of 

transverse reinforcement which crossing shear crack surface.  Eq. (5) takes account of lateral 

prestress by including transverse reinforcement effective tensile stress fwp. 

Eq. (5) required number of transverse reinforcement crossing crack surface.  Judging from crack 

patterns, the number of transverse reinforcement was defined.  Since residual crack width do not 

Fig.10 Relations Between Shear Damage Strength and 

Lateral Prestress: (a) p
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=2.54%, and (b) p

w
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Table 3  Calculated Results of Shear Damage Strength

No. n
calVsd1

(kN)

calVsc 

(kN) 

expVsc 

(kN) 

calVsd 

(kN) 

expVsd 

(kN) 

expVsd 

/calVsd 

1 6 850 622 612 850 886 1.04 

2 7 819 595 652 819 827 1.01 

3 9 738 476 389 738 738 1.00 

4 6 384 582 605 582* 629 1.08 

5 10 106 382 399 382* 407 1.07 

Bold number shows the bigger value. (*calVsd1＜calVsc) 

Fig.11 Comparisons of Shear Damage Strength Between 

Experimental Results and Calculations 
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occur before crack occur, Vsd is calculated as the larger one, calVsd1 or calVsc (which calculated by Eq. 

(2)). 

Calculating shear damage strength of specimens of this experiment, Fig. 11 and Table 3 were 

obtained.  Both axes are normalized by calVfu, the shear force when the bending moment at column 

end section reaches the theoretical flexural capacity.  Vsd was defined as calVsd1 for No.1-3, while Vsd 

was defined as calVsc for No.4 and 5.  This phenomenon corresponded to results of Fig. 9. 

Average of experimental value/calculated value was 1.04 and coefficient of variation was 3％.  

Above is evaluated with sufficient accuracy and safely. 

 

 

4. CONCLUSIONS 

 

From the behavior observed during the flexure-shear experiment on lateral prestressed reinforced 

concrete column and results presented above, the following conclusions can be drawn: 

Shear crack strength on column able to be improved by introduction of lateral prestress.  

Moreover, based on a consistent theory, evaluation method of shear crack strength of usual Reinforced 

Concrete column and Lateral Prestressed Reinforced Concrete column was shown. 

By introducing of lateral prestress, improvement of the shear damage strength could be 

recognized, which makes residual shear crack width to control target value is newly defined.  By 

taking account of lateral prestress as transverse reinforcements stresses which crossing shear crack 

surface, shear damage strength was evaluated.  The design could allow larger shear force into the 

columns by lateral prestressing, when occurrence of shear crack is prevented or residual shear crack 

width is controlled. 

By using evaluation method of shear damage strength which takes accounts of only load 

subjected by transverse reinforcements, input shear force into column makes residual crack width to 

control target value was calculated safely with sufficient accuracy. 
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Abstract:  One of the major collapse modes of RC structures during the 1999 Taiwan Chi-Chi earthquake is 
the failure of columns due to lap-splicing at the plastic hinge zone. It has been shown that directly apply the 
CFRP or steel jacket to large rectangular RC column is ineffective in providing confinement to concrete except 
at the corners of the cross-section. This paper summarizes experimental results of two effective methods using 
steel jacketing and FRP wrapping to retrofit the existing RC columns with the above mentioned problems. For 
steel jacketing methods, the octagonal steel jacketing scheme for seismic retrofitting the rectangular RC bridge 
columns is presented in this paper. For applying the CFRP, a new retrofit method -“CS retrofit method” is 
proposed. Experimental results show that both the octagonal steel jacketing and the CS retrofit methods can 
great improve the lateral strength, displacement ductility, and energy dissipation of the columns lap spliced at 
the plastic hinge zone.  

Key word：Rectangular RC column, Lap-spliced, Octagonal steel jacketing, CS Retrofit 

1. INTRODUCTION

Significant amount of retrofit research and actual implementations to enhance the seismic 
performance of existing bridges have been made in the United States (Gates 1988), Japan (Kawashima 
1990) and New Zealand (Priestley and Park 1987). Recent studies indicate that under a severe 
earthquake some existing bridges in Taiwan can be severely damaged in bridge columns due to a 
number of factors (Chang et al. 1999). Among many others, (1) inadequate design strength, (2) 
inadequate confinement at potential plastic hinge region, and (3) inadequate shear strength due to the 
change of lateral steel spacing, have been identified as the most possible sources for seismic hazard.  
Therefore, a coordinated research effort on seismic retrofit of reinforced concrete bridge columns has 
been lunched in the National Center for Research on Earthquake Engineering (NCREE). This 
coordinated research program aims at reviewing and developing effective measures in seismic retrofit 
of the existing rectangular and circular RC bridge piers. The joint research effort has applied several 
retrofit techniques in the tests, including the steel jacketing, reinforced concrete jacketing, and the 
advanced composite material wrapping using the FRP jackets. The purposes of the program are to 
gather additional data for seismic bridge engineering applications and accelerate retrofit programs to 
be implemented for seismically deficient bridges in Taiwan. As part of the aforementioned join 
research program, this paper focuses on the flexural and shear retrofit techniques for rectangular RC 
bridge columns using steel and CFRP jackets. 

The objectives of this study, in the context of a joint research with other researchers, include: (1) 
collecting additional data on seismic retrofit of rectangular RC columns using the elliptical steel jacket, 
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and (2) seeking other cost-effective steel or FRP jacketing schemes for rectangular RC columns. In 
this paper, the experimental results of the rectangular RC columns retrofitted with the octagonal steel 
jackets and the combined CFRP wrapping and steel plates (CS) are critically compared with other 
schemes. 

2. STEEL JACKETING RETROFIT 
2.1  Experimental Program 

A total of eleven 0.4 scale specimens were tested. All the test specimens were subjected to constant 
axial load and cyclic lateral displacements. The test setup is shown in Figure 1 and Photo 1. All test 
specimens were loaded in the strong bending direction and subjected to the same displacement pattern 
of increasing magnitude as shown in Figure 2. Displacement control method was used in the test. The 
vertical stress was kept approximately at 0.15f ´c during the tests. 

In order to gain insight into the three most possible seismic failure modes of RC bridge column in 
Taiwan, three as-built specimens were tested. All the test specimens have the same cross-sectional 
dimensions. The rectangular cross section of the specimens is 600 by 750 mm, a 2/5 scale of the 
prototype column using the pre-1987 details. A double U-shaped, alternation arrangement of the 
transverse reinforcements was adopted in all specimens. This type of transverse reinforcing details is 
rather common in the construction of bridge columns in Taiwan, therefore, is one of the key items 
studied in this research. Table 1 shows the details and design parameters of the specimens. The steel 
jacketing details for the retrofitted specimens were shown in Table 2. To ensure that the jacket does not 
bear against the footing when in compression, a nominal gap of 30 mm is provided between the toe of 
the jacket and the footing. 
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Photo 1. Test setup        Figure 1. Test setup           Figure 2. Lateral loading history 
Table 1. Design parameters of test specimen 

Parameter BMR3 BMRL100 BMRS 

Dimensions (mm) 600x750 600x750 600x750

Column Height (mm) 3250 3250 1750 

Concrete Stress (MPa) 21 21 21 

Longitudinal Steel 32#5 32#6 32#6 

Longitudinal Stress (MPa) 280 420 420 

Transverse Steel 
#3@130mm
#3@240mm

#3@130mm
#3@240mm

#3@300mm 

Transverse Stress (MPa) 420 280 280 

Table 2. Steel jacketing details and experimental results 

Steel Jacketing Details (A36 Steel) Ductility
Specimen 

Scheme Thickness Height Push Pull

Failure 
Mode 

BMR3 NA NA NA 4 4 Confinement 

SR1 Octagonal 3 mm 2800 mm 10.7 11 Low Cycle Fatigue 

SR2 Elliptical 3 2800 13.1 9.4 Low Cycle Fatigue 
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SR3 Octagonal 6 2800 11.8 10.1 Low Cycle Fatigue 

SR4 Elliptical 3 2800 11.7 13.9 Low Cycle Fatigue 

BMRL100 NA NA NA NA NA Lap-Splice 

SRL1 Octagonal 6 2800 6.6 6.7 Low Cycle Fatigue 

SRL2 Elliptical 3 2800 10.6 7.3 Low Cycle Fatigue 

BMRS NA NA NA 1.3 1.9 Shear 

SRS1 Octagonal 3 1400 8.2 6.9 Low Cycle Fatigue 

SRS2 Rectangular 3 1400 6.6 5.5 Low Cycle Fatigue 

2.2  Test Results of Lap-Spliced Deficient Specimens 

According to a rather common reinforcing detail found in Taiwan, as-built Specimen BMRL100 
shown in Fig. 3 adopted a 76cm (equal to 40 times of the longitudinal bar diameter) lap-splice length 
for the longitudinal reinforcing bars in the plastic hinge region. For the retrofitted specimens (Fig. 4), 
SRL1 was retrofitted with a 6mm thick octagonal steel jacket while SR2 was retrofitted with a 3mm 
thick elliptical steel jacket. 
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Figure 3. Details of Lap-splice specimen   Figure 4. Details of the steel jackets for Lap-splice specimens 
All specimens were subjected to the same cyclically increasing lateral displacement history until 

significant strength degradation was observed. The cyclic lateral load-deformation relationships for all 
specimens are shown in Figure 5. The energy dissipation histories are given in Figure 6. For the 
BMRL100, this lap-splice deficient bridge column can not develop full flexural strength to the 
nominal design level, and the strength degradation resulted from bond slip occurred prematurely and 
severely in the small displacement range. 

Test results given in Figures 5 and 6 confirm that the seismic performance of rectangular RC 
bridge columns can be significantly and equally enhanced by properly designed elliptical or octagonal 
steel jacket following the procedures noted above. Bridge columns retrofitted with the octagonal or the 
elliptical steel jacket exhibit stable lateral force-displacement hysteretic response, possess excellent 
displacement ductility and energy dissipation capacities.  
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Figure 5. Cyclic lateral load vs. deflection relationships    Figure 6. Energy dissipation curves 

2.3 Full Scale Testing 

One full-scale specimen with lap splice retrofit using the octagonal steel jacket was testing in order 
to verify the seismic performance of the octagonal steel jacketing. The details and design parameters 
of the full-scale specimen was shown in Fig. 7. The rectangular cross section of the columns is 1500 
by 1875 mm, a full scale of the prototype column using the pre-1987 details. The column height is 
8500 mm from the top of footing to the center of horizontal actuator. The footing is 1500-mm thick. A 
1270-mm (equal to 40 times of the longitudinal bar diameter) lap splice length for all longitudinal 
reinforcement bars right above the top of the footing in the potential plastic hinge region was detailed 
and constructed. Ready mixed concrete providing a target compressive strength of 17.5 MPa at 28 
days was adopted. This was to consider the effects of possible insufficient strength of concrete 
commonly observed in the existing old bridge columns constructed with a design strength of 21 MPa. 
Octagonal steel jacket (9 mm thick) was applied as shown in Fig. 8. The lap splice failure was 
completely prevented in LSRL-R. Fig. 9 shows the hysteretic responses.  
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Figure 8 Retrofit design Figure 9 Hysteretic response 

3. THE “CS” RETROFIT 

The reinforce concrete is composed of steel and concrete material. While using lap-spliced design, 
it’s very important that the interface strength between concrete and the lap splicing reinforcements is 
sufficient. Because the lap-spiced steels strongly affect the column ductility, the ACI 318-95 (1995) 
specifies the construction detail in section 21.4.3.2 that no lap-spliced should be used in the joint and 
probable places of plastic hinge zone. However, it has been a common practice for the existing RC 
columns in Taiwan to lap-spliced the main steel bars at the plastic hinge zone. Fig.10 and 11 show the 
failure mode lap-spliced column in two collapsed buildings during the 1999 Chi-Chi earthquake. 
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Fig.10 Lap splices failure of rectangular Column        Fig.11 Lap splices failure in a collapsed building 

In 1977, Orangun et. al (1997) proposed the well known O.J.B model based on 254 development 
length tests. This model considers concrete strength, clear cover, reinforcement spacing, reinforcement 
dimension, and confinement effect of lateral reinforcement. Besides, Orangun found that the O.J.B 
model can be applied to estimate the lap splices strength based on 286 test specimens. Another model 
was proposed by Paulay (1982) in 1982. The best way to improve columns ductility is to increase 
confinement stress by lateral reinforcements. Both the peak stress and ultimate strain of concrete will 
increase. This paper provides a new retrofit method, named “CS method” to improve the behavior of 
rectangular RC columns lap spliced at the plastic hinge zone.  

The CS method combines the advantages of steel plates and CFRP jackets to provide more 
efficient confinement effect. The procedure of CS method is described as follows. First, clean the 
column surface; then, apply suitable steel plates on the surface; finally, wrap the CFRP jacket around 
the column. Fig.12 shows the drawing of the proposed CS method. 

Fig12. Design drawing of CS method 

3.1  Experimental Program 
Table 2 shows the details and design parameters of the test specimens. These specimens represent 

the as-built, CFRP wrapped, and combined steel plate and CFRP.  
For all the specimens, the lap spliced length is 40 times of the longitudinal bar diameter in the 

plastic hinge zone. This type of longitudinal reinforcing details was common in the construction of 
buildings in Taiwan. In addition to the lap splice steel, the double U-shaped, transverse reinforcement 
was used as the ties in each specimen. For retrofitted specimens, the design parameters are 
summarized in Table 3. 

- 259 -







6. Further analytical studies are necessary to better understand the mechanisms and critical parameters 
for the combined steel plate and CFRT retrofit method.  
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Fig.16 Load-Displacement hysteretic curve 

- 263 -



 

 

 

 

SEISMIC HAZARD MAPPING PROJECTS IN JAPAN 

 

 

S. Midorikawa
1)

 
 

 

1) Professor, Department of Built Environment, Tokyo Institute of Technology, Japan 

smidorik@enveng.titech.ac.jp 

 

 
Abstract:  The national seismic hazard mapping project of Japan started in 1999.  In the project, two types 

of the maps such as the deterministic and probabilistic maps will be produced by March, 2005.  The maps 

provide the general view of seismic hazard in the whole of Japan, and are considered as the basic map.  The 

project by a local government is also going on in order to produce the advanced regional map for 

improvement of disaster consciousness and preparedness of citizens.  Applications of the maps should be 

further discussed not only in the engineering community but also in the general public. 

 

 

1.  INTRODUCTION 

 

Following on the lessons learned from the Great Hanshin-Awaji Earthquake disaster, the Special 

Measure Law on Earthquake Disaster Prevention sponsored by legislators was enacted in July 1995 to 

promote a comprehensive national policy on earthquake disaster prevention.  The Headquarters for 

Earthquake Research Promotion, a special governmental organization attached to the Prime Minister's 

office (now belongs to the Ministry of Education, Culture, Sports, Science and Technology), was 

established in accordance with this law.  In April 1999, the Headquarters established its fundamental 

mission statement on research over the next ten years, where initiatives for development of national 

seismic hazard maps were proposed.  Following the proposal, the Earthquake Research Committee, 

which is one of the committees in the Headquarters, started the national seismic hazard mapping 

project of Japan in order to produce seismic hazard maps covering the whole of Japan by March, 2005 

(Fujiwara et al., 2003).  This paper introduces the national seismic hazard mapping project and the 

related projects in Japan. 

 

 

2. NATIONAL SEISMIC HAZARD MAPS 

 

2.1 Outline of the Project 

The Headquarters for Earthquake Research Promotion have promoted surveys of major active 

faults, long-term evaluations of the possibility of occurrence of large earthquakes, and surveys of deep 

sedimentary basin structures.  In order to utilize the results for disaster mitigation, the Headquarters 

decided to start the project for producing the national seismic hazard maps based on most recent 

knowledge and techniques on strong motion prediction. 

For this project, the subcommittee for evaluation of strong ground motion was established in the 

Earthquake Research Committee.  To examine the strong motion prediction techniques to be used, 

the working group was also established under the subcommittee.  The National Research Institute for 

Earth Science and Disaster Prevention (NIED) was selected to be the responsible institution for the 
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project.  To support their work, the technical committee for probabilistic seismic hazard map was 

established in the NIED. 

In the project, to understand the general view of seismic hazard in the whole of Japan, two types 

of the maps will be produced.  One is a deterministic ground shaking map with specified seismic 

source fault.  This type of the map is also called a scenario earthquake ground shaking map.  

Another is a probabilistic ground shaking map that shows possibility with which a certain area is 

attacked by strong shaking in a certain period by means of probability.  The reason for adopting two 

types of the maps is that these two maps have different merits and should be selected according to the 

objectives.  The deterministic maps will be produced for ten to twenty scenario earthquakes which 

have high potential of occurrence or may give high impact to urban areas.  The probabilistic maps 

with different probabilities of occurrence will be produced for the whole of Japan. 

 

2.2   Deterministic Ground Shaking Map 

For the deterministic map, the hybrid simulation method (eg. Irikura and Kamae, 1999) is mainly 

employed.  The empirical method (eg. Si and Midorikawa, 2000) is also used as supplementary one.  

In the hybrid simulation method, the shorter period ground motion is computed by the stochastic 

Green’s function method, and the longer period motion is computed by the theoretical finite difference 

method considering the three-dimensional deep underground structure.  The heterogeneous source 

model is adopted, considering asperities with larger slip and higher stress drop on the fault plane.  

The source parameters are determined following the standardized recipe (Irikura, 2002).  The deep 

underground structure is modeled based on the available data including the results from surveys of 

deep sedimentary basin structures initiated by the Headquarters. 

By this procedure, the time history of the ground motion at engineering bedrock where 

shear-wave velocity is about 400 m/s is computed for each element of the 1km-mesh system.  Since 

surface soils vary strongly site by site, it is difficult to prepare the surface soil models with adequate 

spacing.  Therefore, the peak ground velocity on surface is simply computed by multiplying the peak 

velocity at engineering bedrock and the amplification factor estimated from the site geomorphological 

condition (eg. Matsuoka and Midorikawa, 1995).  The peak ground velocity is converted to the JMA 

seismic intensity using the empirical relationship. 

As of Febrary, 2004, the deterministic maps have been published for five active fault earthquakes 

such as the Yamagata Basin, Miura Peninsula, Futagawa-Hinata, Morimoto-Togashi, and Itoigawa- 

Shizuoka fault earthquakes and for three subduction earthquakes such as the Miyagi-ken-oki, Nankai, 

and Tonankai earthquakes.  As example, the deterministic seismic intensity maps for the Yamagata 

Basin fault earthquake are shown in Figs. 1.  In this earthquake, the results for four cases with 

different locations of the asperities on the fault are shown in order to indicate variability of the 

prediction. 

 

2.3   Probabilistic Ground Shaking Map 

A probabilistic ground shaking map is presented by three parameters such as intensity, time 

period and probability of strong shaking.  On the map reflected are long-term evaluations of the 

possibility of occurrence of large active fault and subduction earthquakes which have been published 

by the Headquarters.  In the calculation, the earthquakes are classified into seven different types (Ishi 

et al., 2003):  

1)  characteristic earthquakes along the major 98 active fault zones in Japan;  

2)  earthquakes along the other active faults, 

3)  earthquakes in the major 98 active fault zones except the characteristic earthquakes, 

4)  characteristic inter-plate earthquakes along the subduction zones, 

5)  inter-plate earthquakes along the subduction zones except the characteristic earthquakes, 

6)  intra-plate earthquakes along the subduction zones, 

7)  crustal earthquakes whose fault planes could not be identified in advance. 
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The time-dependent model of earthquake occurrence is used for earthquakes whose occurrence 

patterns have been investigated, but the Poisson model is used for most earthquakes.  The logic tree 

is not used for simplicity.  With the probabilistic models of earthquake occurrence for these 

earthquake types, seismic hazard curves are computed in terms of ground motion intensity and 

probability of exceedance at each element of the 1km-mesh system.  The empirical attenuation 

relationships of ground motion and the amplification factor based on the site geomorphological 

condition are used in the calculation.  At several principal sites, the contribution factors of major 

earthquakes on the hazard curves at each probability level are presented in order to show the impact of 

each earthquake.  The preliminary probabilistic maps have been published for the northern part of 

Japan.  Figures 2 show the seismic intensity maps with 5%, 10% and 39% probabilities of 

exceedance in 30 years, respectively. 

 

 

3. ADVANCED REGIONAL MAPS 

 

3.1  Detailed Seismic Hazard Map 

The seismic hazard maps will provide basic information for;  

1)  improvement of earthquake awareness of citizens, 

2)  seismic design of structures, 

3)  strategies of disaster mitigation planning, 

4)  seismic risk evaluation of facilities, and so on. 

When a citizen look the seismic hazard map, he thinks that a) Is my house in the red zone ? and 

b) If my house is in the red zone, what should I do ? (Olshansky, 2000).  To reply his questions, the 

map should be the micro-scale one.  The national seismic hazard maps are basic ones and too large in 

scale to catch citizen’s strong interest.  As an advanced map for citizens, the detailed hazard map for 

the region will be necessary. 

For this purpose, the city of Yokohama (2001) published “Yokohama City Shake Map” in June, 

2001.  More than 15,000 borehole data in the city were compiled.  The soil profile sections were 

drawn from the borehole data and the geomorphological information, and the soil condition of the city 

is classified into 268 types.  The data from borings or measurements of S-wave velocity are used to 

build up the generalized underground model for each soil type.  For the mapping, the 50m mesh 

system is adopted because of strong spatial variation of the geomorphological conditions in the city. 

Using the detailed subsoil data, the deterministic ground shaking maps are computed for several 

scenario earthquakes including the recurrence of the1923 Kanto earthquake.  Figures 3 are the map 

for the Kanto earthquake and its close-up, respectively.  About 100,000 copies were printed and 

distributed to citizens.  As the results, the numbers of applicants for seismic performance appraisal of 

wooden house and for seismic retrofitting subsidies by the city increased to about 2000 and 150 in 

2001, respectively.  These numbers are twice of those in the previous year.  This is an evidence of 

improvement of earthquake awareness of citizens by the map. 

 

3.2  Information Map for Earthquake Emergency Preparedness 

As mentioned above, the detailed seismic hazard map is useful for easy understanding the regional 

seismic risk.  However, if we focus our objectives on improvement of citizen’s emergency preparedness, 

the detailed hazard map does not provide sufficient information.  An Information map for earthquake 

emergency preparedness should be developed.  The information map may consist of three kinds of maps, 

such as a risk map, evacuation aid map, and fire fighting and rescue aid map (Ishizawa and Midorikawa, 

2002).  Figures 4 shows preliminary evacuation aid and fire fighting and rescue aid maps.  In the maps, 

the items which are related to evacuation actions, such as evacuation place, road width, slope failure 

potential and building damage.  Now the city of Yokohama is being developed this kind of the map.  
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The maps will be provided on the web GIS system. 

 

 

4.  CONCLUDING REMARKS 

 

The national project on seismic hazard mapping of Japan started in 1999.  In the project, two 

types of the maps such as the deterministic and probabilistic maps will be provided by March, 2005.  

The maps are to understand the general view of seismic hazard in the whole of Japan, and to be 

considered as the basic map.  The project by a local government is also going on in order to produce 

the advanced regional map for improvement of disaster consciousness and preparedness of citizens.  

Applications of the maps should be further discussed not only in the engineering community but also 

in the general public. 
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Figures 1  Deterministic Seismic Hazard Maps for the Yamagata Basin Fault Earthquake 
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(c)  seismic intensity with 39% probability             Figures 2  Probabilistic Ground Shaking Maps 

of exceedance in 30 years 
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                                                                  (a)  evacuation aid map 

 

 

 

 

 

 

(a)  whole area map 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

(b)  close-up map                          (b)  fire fighting and rescue aid map 

 

 

Figures 3  Yokohama City Shake Map               Figures 4  Information Map for Earthquake 

 Emergency Preparedness 
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Abstract:  The 1995 Kobe earthquake brought serious problems from the earthquake disaster mitigation
point of view. In this paper, several important subjects will be discussed after reviewing what happened 
during and after the earthquake. Most of all, the following subjects will be discussed in this paper. 
1) Source model of the earthquake could be understood in detail using observed strong motions and damage 
direction of distributed structures. There is a possibility that one of asperities near Kobe city contributed to 
have brought heavy damage in Kobe city. 
2) Significant later phase could be seen in the seismic record obtained in the coastal region of Kobe city. It 
can be explained as a surface wave that could be reflected at the southern boundary of Osaka basin.  This 
later phase with long period component has the possibility to trigger the failure of Hanshin highway. 
3) Two residential buildings, one was constructed with the older Japanese seismic code and the other one was 
constructed with the new seismic code that had been issued in 1981, showed different behavior during the 
earthquake. The former one suffered serious damage and the latter one did not suffer damage so much.  
After all, such experiences should be taken into account in the future strategy about earthquake disaster 
mitigation. 

1.  INTRODUCTION 

The Kobe ( Hyogoken-Nanbu) earthquake of January 17, 1995, brought a serious disaster in Kobe 
and Hanshin districts including northern Awaji island. It was the worst that none of governors, 
reporters in mass communication, and even researchers, could estimate total amount of victims just 
after the earthquake. For this reason, we lost very important several hours in confusion not knowing 
what to do. Even after several days or several weeks from the earthquake, we were not sure that the 
most adequate countermeasures had been taken for the damaged area or not.  

We have visited Kobe city many times, mainly in 1995 for field works to observe aftershocks, 
measuring microtremors and to perform refraction survey of deep underground structures using 
explosions. After that, we have also visited the area almost twice a year just to watch around the 
condition of restoration and reconstruction. In such occasion, we often found some of new subjects 
those were still remained without solving. Therefore we would like to report the following subjects 
because they could be very serious and important experiences when we consider earthquake disaster 
mitigation strategies in the future. 
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2. WHAT HAPPENED DURING AND AFTER THE EARTHQUAKE? 

We have examined to draw a temporal flowchart as Table 1, to confirm what happened in and 
around Kobe city just after the earthquake. In this table, an item showing reported human victims was 
the most impressive one for us. The number of victims counted only a few at the beginning stage, and 
it showed rapid increase up to 5,000 within a week. Another very sad story was that additional 1,000 
people had to die in sick and mental problem until seven years after the earthquake. 

Most of residential people were in bed during the earthquake, and crashed in such condition as 
shown in Photos.1-3. Urgent rescue activity might be very hard because of the condition like Photos.2 
and 4. Every transportation system was quit including JR Super Express (Shinkansen) as Photo.5 and 
Hanshin Highways as Photo.6. Therefore the only way was just to walk or to take bicycles or 
motorbikes as shown in Photo.7. Fortunately there were no big aftershocks, but local governors and 
polis men did not control the people passing through very dangerous areas like Photo.8. Residential 
people made temporal evacuation mainly into neighboring school buildings (Photo.9). But the term of 
temporal evacuation continued for a few months or several months. After they moved to temporal 
houses those were prepared by local governments, they had to live there for five years in maximum. 
Residential people living around the foot of Rokko Mountains had to repeat quick evacuation when 
the weather forecast predicted heavy rainfall. As Photo.10 shows such condition, it took almost two 
years to have completed Sabo-protection. 

From earthquake engineering point of view, JR-Shinkansen exposed its vulnerable circumstances, 
in some case because of exceedingly heavy structure (Photo.11) and in another most of cases because 
of lack of binding hoops at the top of columns (Photo.12). It took four months to start working by 
repairing those columns like Photo.13. The other ordinary JR and private railways also suffered heavy 
damage mainly in embankment parts. Take Photo.14 for instance, it shows a very clear contrast 
between the enforcement of collapsed Hankyu railway (left) and remaining old houses without 
damage (right). Hanshin Highways were very quick to have reconstruction. It took only 20 months to 
have the condition as Photo.15. We remember that there was a very serious discussion about 
Embarcadero Freeway in San Francisco after the 1989 Loma Prieta earthquake, whether it should be 
reconstructed or not. Unfortunately there was no time for discussion in Kobe, although there was 
another opinion to abolish it. 

Reinforced concrete buildings also suffered various kinds of structural damage. As shown in Fig.1, 
the discussion was made using statistical analyses to point out the fact that most of damaged buildings 
were constructed following to the older building code, and that others based on the 1981 newer code 
did not have serious damage. Then there is no reason to improve the existing building code. The only 
problem is how to maintain such remaining buildings with the older code. Here we have just two 
typical examples to show shear failures in columns (Photo.16) and a failure of middle floor (Photo.17). 
The upper floors of the latter building, Bldg. No.2 of Kobe municipality office, has demolished after a 
couple of years as shown in Photo.18, although it could be an educational monument to keep this 
earthquake disaster without forgetting. 

From seismological point of view, we have also learned many things. Strong motions were 
observed in and around the damaging area as shown in Fig.2, and moreover a tendency was very clear 
that very large amplitudes were observed in the normal direction against the fault. At the beginning 
stage, strong motion in Kobe was regarded exceptionally large, but good understanding appeared very 
soon that the attenuation characteristics looked quite reasonable compared with past experiences like 
Fig.3. Inversion analyses with neighboring strong motions have been examined by many researchers 
to show the source mechanism in detail as shown in Fig.4. Some geologist doubted the existence of 
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submerged fault just beneath the heavily damaged belt zone, but the general understanding after a 
while was to imagine two-dimensional or three-dimensional underground topography like Fig.5. 
Measured microtremors across this heavily damaged belt zone also showed very systematic change of 
characteristics as shown in Fig.6. 

Photo.1  Typical example of collapsed
wooden houses (Nishinomiya) 

Photo.2 Collapsed houses disturbed
rescue activities (Uozaki, Kobe) 

Photo.3 Soft first story suffered heavy
damage in many places (Motoyama,Kobe)

Photo.4  Such condition even after
a couple of months (Uozaki, Kobe) 

Photo.5 Failure of JR-Super Express
called Shinkansen (Nishinomiya) 

Photo.6  Overturning failure of Hanshin 
Highway (Fukae, Higashinada, Kobe) 
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Photo.7  Side-walks filled with
bicycles and motorbikes (Root-43) 

Photo.8  Walking people did not care about
collapsed buildings (Motomachi, Kobe) 

Photo.9  Evacuation to school
buildings (Motomachi, Kobe)

Photo.10  Land failures protected after
two years (Sumiyoshi-Yamate, Kobe) 

Photo.11  JR-Shinkansen with heavy
Beams and columns (Nishinomiya) 

Photo.12  Failures of the top of
columns in JR (Nishinomiya) 

Photo.13  JR-Shinkansen after 
temporary repairs (Nishinomiya) 

Photo.14  Restored railway (left) and
old houses alive (right) (Okamoto,Kobe)

Photo.15  Restored Hanshin Highway
after 20 months (Fukae, Kobe) 

Fig.1  Statistics of damaged RC-buildings. (a) old structures before 1971, and
(b) recent structures after 1982. (after Tohdo in AIJ, 1998) 

Photo.16  One directional shear failure
of a school building (Okamoto, Kobe) 

Photo.17  Kobe municipal office
just after the earthquake 

Photo.18  The same building with
Photo.17 after a couple of years Fig.2 Observed strong motions (after Wakamatsu in AIJ, 1995)

- 273 -



3. SOURCE MODEL ESTIMATED BY OBSERVED STRONG MOTIONS AND DAMAGE 
DIRECTION OF DISTRIBUTED STRUCTURES 

While we walked around Kobe and Hanshin districts many times, we noticed that the direction of 
failures for individual collapsed buildings, other structures including Hanshin Highways and 
overturned trains, looked very systematic as showing Fig.7. The direction was always towards the 
normal axis against the fault, to the northwest in the eastern side from Hyogo ward of Kobe city, on 
the contrary to the southeast in the western side. There was no exception in this tendency as if there 
were a node in Hyogo ward. Such direction of failures can be explained using neighboring strong 
motions like Fig.8 by assuming 1DOF response analyses. And to explain the polarity characteristics of 
strong motions, a source model for the 1995 seismic fault could be presented like Fig.9. The most 
important point is that the observed strong motion at JR-Takatori (TKT) will not accept the current 
rupture from the hypocenter. We need an effective asperity just beneath Hyogo ward in Kobe city to 
collapse structures distributed in Nagata and Takatori wards. Of course we need more careful 
consideration about this subject, but it is required in deed to prepare a synthetic interpretation   
throughout the source mechanism, underground structures, observed strong motions, and the behavior 
or damage of buildings and houses. 

Fig.3  Attenuation of PGA during the 1995 
Kobe earthquake (after Kataoka in AIJ, 1997)

Fig.4  Source model and slip
distribution for the 1995 Kobe 
earthquake (after Koketsu et
al. in AIJ, 1997) 

Fig.6  Measured microtremors across
heavily damaged belt zone (after Seo
et al. in AIJ, 1995) 

Fig.5  Concept to explain damaged zone with under-
ground topography (after Koketsu et al. in AIJ, 1996)

Fig.7  Direction of collapsed buildings and other
structures including Photos.6, 16 and 17. 

Fig.8  Velocity strong motions with effective 
phases contributed to the failure of structures

Fig.9  Reviced source model to
explain the polarity characteristics
of strong motions in Fig.8 
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4. EXISTENCE OF LONG-PERIOD LATER PHASE AS A BASIN EFFECT 

When we were thinking about the failure direction of damaged structures mentioned above, Kobe 
No.3 of Hanshin Highways (Photo.6), overturned toward the north direction with more than 600m in 
length, was one of targets to be taken into account. At first we believed that it must have collapsed 
quite soon during the strong shaking, and we estimated that the failure had been triggered at the west 
end and transmitted toward the east following to the seismic wave propagation from the source. Then 
we wanted to find people just watching the failure because no other information was expected. But we 
hesitated to ask neighboring people about this matter, as they did not like remembering the 
catastrophic condition anymore.  

After all we started the survey in 2001, after 6 years from the earthquake. We found two persons 
who were watching the failure by checking reliabilities very carefully. One person was working in 
front of gas station located just on the northern side from the highway (Photo.19). According to his 
explanation in our interview, he fell and landed during the strong shaking, and was watching the 
behavior of the highway. At that time the highway was shaking without falling down. After a couple of 
minutes from the strong shaking, the highway started falling down against his side (north) from the 
west toward the east grading up the speed. He also found an empty truck had landed from the highway 
to the ground level and run away.  

According to Kawashima(2003 and 2004), he does not believe this person because he talked 
inconsistent experiences for different newspapers just after the earthquake. But we have a quite 
different understanding that the person was in an abnormal state of mind just after the earthquake, and 
he was able to make any kinds of replies against the different questions made by newspaper reporters. 
On the contrary our interview was made in his stable psychological condition after 7 years and we 
found nothing strange at all from his talking. Another person, a young guy, was watching the highway 
from the opposite side (south). He met the earthquake on the tenth floor of a residential building 
(Photo.19). He opened the entrance steel door during the strong shaking to keep the evacuation route, 
and got back inside of his home to recommend the evacuation for his family. When they went out to 
the passage, the highway was still standing. And then they found the failure of the highway after they 
arrived to the ground level. 

Therefore we tried to find the possibility meeting with such experiences. We checked the nearest 
observed strong motion as shown in Fig.10 very carefully. There were no effective aftershocks in the 
record, but we found a later phase with about 6 seconds in period that was very clear in velocity 
seismogram. We could assume a possibility that the later phase might be Love wave as a result of 
two-way reflection across the Osaka bay like Fig.11. An examination has been tried with 
2-dimensional finite differential method as shown in Fig.12. 

On the other hand, the highway structure could be evaluated with Fig.13(top) at the original stage 
before the earthquake. The fundamental natural period in rectangular direction of the highway could 
be about 0.6 second. During the strong shaking, the dynamic characteristics would change the 
condition as shown in Fig.13(bottom) because of bending failure at the foot of the highway. In this 
case, the fundamental period could be around 6 seconds. Such drastic shifting of the natural period 
may be possible if the floor panels on the top of the highway are jointed each other without missing 
the connection. And it becomes possible to consider the resonance between a very soft highway and a 
later phase with very long period. Needless to say we are just proposing a hypothesis to explain the 
failure of Hanshin Highways. If the hypothesis is acceptable, it will be so good for related responsible 
people, because the highway might keep standing in the case such later phase did not appear.  
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5. DAMAGE EVALUATION OF SIMILAR RC-STRUCTURES BUILT WITH DIFFERENT 
SEISMIC CODES 

As we mentioned before, we have full of statistical data about damaged building structures such 
like Fig.1. But we do not have any practical case studies to compare building structures between the 
older and the newer building codes. When we were visiting the highway mentioned above, we met 
with a set of similar RC-structures in the same field, one was already repaired with steel frames 
(Photo.20) and the other without repairs (Photo.21). They were residential buildings constructed by 
Hyogo prefecture, the local government. It was quite interesting for us because the former one was 
built just before the revision of Japanese Building Code in 1981 and the latter one was built just after 
the revision. Therefore they were constructed following to the different building codes in spite of the 
similarity in plan, number of stories and even the appearance. 

According to the results of our questionnaire to living people, the older building suffered much 
heavier damage than the newer one. For example, the people in the older building felt much harder 
shaking, suffered heavier damage on furniture, heavier cracks including seismic walls and around 
entrance steel doors. Therefore they could not open the doors for evacuation. Such people had to stay 
much longer duration in other evacuation places because it looked very dangerous to live there 
(Fig.14). The local government repaired these buildings without moving the living people using 
additional seismic walls on the ground level. The steel frames mentioned above were put only for the 
older building, because the government judged the damage of the older one looked much harder 
although they were not sure such countermeasures were good enough or not.  

Then we made a comparison of these two buildings using measured ambient motions on the top of 
both buildings. Some of measured dataset was quite interesting to explain their dynamic behaviors. 
The natural period of longitudinal direction was about 0.60s for both buildings. It meant that the steel 
frames of the older building worked well to have similar characteristics with the newer one, and such 
natural period looked quite reasonable for general RC-building with 11 floors. In the rectangular 
direction, the older building showed much longer natural period as 0.54s, while the newer one showed 

Photo.19  Overturning failure of Hanshin 
Highway and the location of watchers 

Fig.10 The nearest strong motion in velocity.
A later phase appeared after two minutes with
6 seconds in period. 

Fig.11  Concept to explain a possibility
of long-period later phase in Fig.10 with
surface waves across the Osaka bay. 

Fig.12  A trial of 2-DFDM analysis for  
Fig.11 by assuming basin structure. Fig.13 Structure model for Hanshin Highway
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0.48s. It was also reasonable that the older building might be softer than the newer one, maybe due to 
the different building code. After the enforcement with steel frames for the older building, it became 
much easier to have torsions. As we have just examined such features with only ambient motions, we 
recommended the local governors to make more careful surveys for both buildings. They should have 
made such surveys just after the earthquake or at least before the repairs. 

6.  CONCLUSIONS 

The 1995 Kobe earthquake brought really serious problems in the damaged districts. In this paper, 
after we reviewed what happened during and after the earthquake very quickly, we pointed out several 
important subjects. Most of all, the following subjects were discussed. 
1) A source model for the 1995 earthquake was presented using damage direction of distributed 
structures and observed strong motions. There is a possibility, we are sure, that one of asperities just 
beneath the central Kobe city contributed to have brought heavy damage in some part of Kobe city. 
2) Significant later phase could be seen in the seismic record obtained in the coastal region of Kobe 
city. It can be explained as a surface wave that might be reflected at the southern boundary of Osaka 
basin.  This later phase with long period component as 6 seconds has the possibility to trigger the 
overturning failure of Hanshin highway. 
3) Two residential buildings, one was constructed with the older Japanese building code and the other 
one was constructed with the newer code that had been issued in 1981, showed different behavior 
during the earthquake. The former suffered serious damage and the latter did not suffered so much.  
After all, such experiences should be taken into account in the future earthquake disaster mitigation. 
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Photo.20 RC-building built 
with the older building code

Photo.21 Similar building built
with the newer building code

Fig.14  One of questionnaire results showing different degree of
damage between the older (left) and the newer (right) buildings.
Question was how long time you had to evacuate from your home.
1:not evacuated, 2:within one week, 3:within two weeks, 4:within
one month, 5:within two months, 6:more than two months. 
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Abstract:  The 2003 Miyagiken-Hokubu earthquake (Mj=6.2) generated heavy damage in the northern part 
of Miyagi prefecture, Japan. Because of the shallow depth of the event, the damage was so limited in small 
area. In order to know ground motion characteristics and site effects in the focal area, we conducted 
observations of aftershocks and microtremors. The aftershocks were observed at 19 sites in 4 days just after 
the main shock on the 26th, July. We also conducted array observations of microtremors to know S-wave 
profiles down to the basement at 4 sites. The site amplification factors calculated form the deduced profiles 
agree with those estimated form the aftershock observations.   

1.  INTRODUCTION 

  Three major events (M5.5, M6.2, M5.3) occurred on the 26th, July, 2003, in the north of the 
Miyagi prefecture, Japan. Although these events are not so large as compared with the past destructive 
earthquakes, shallow depths of these events generated strong shaking in the focal area. Thus, sever 
damage was experienced in local cities in the focal area. In particular, some of old reinforced-concrete 
buildings and wooden houses were totally collapsed (e.g., Sato et al., 2003). Seismic intensities 
observed with seismic intensity meters in the focal area was 5-upper to 6 on the JMA scale during the 
main shock with Mj of 6.2. It is also reported that maximum accelerations at some sites were more 
than 1G. The maximum acceleration was 2.0G at the city office of Maruse-cho. However, strong 
ground motion records are not available at most of the seismic intensity stations. This also makes it 
difficult to understand relation between the damage and strong motion characteristics.  

  In this study, we conducted aftershock observations and microtremor array explorations in the 
focal area and the Ishinomaki plain to estimate strong motion characteristics with a focus on site 
effects.   

2. GEOLOGICAL SETTING 

Map of the studies area is shown in Fig. 1. Most of the area is covered with Quaternary soft soils. 
In the east of the area, pre-Tertiary granitic rock can be seen as an outcrop. We can see sedimentary 
layers in Tertiary age in the Asahiyama hill area that corresponds to the focal area of the main shock as 
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shown by broken lines in Fig.1. The thickness of the Quaternary layers over the Tertiary rock is 
estimated in the Ishinomaki plain in the east of the fault. It forms a basin structure whose maximum 
depth is about 80 meters at the center of the plain. The layers become shallower in the eastern and 
western sides of the plain. The depth to the pre-Tertiary basement in the plain is not well-known. 
However, we can qualitatively understand the basement depth distribution in the area from Bourguer 
anomaly map as shown in Fig.2. The positive gravity anomaly in the east of the area corresponds to 
outcrop of the pre-Tertiary basement.  

   Fig.1 Map of studied area with aftershock            Fig.2 Bouguer gravity anomaly map 
       observation stations. 

3. OBSERVATIONS OF AFTERSHOCKS AND MICROTREMORS 

    Aftershock observation was continued in four days starting on 27, September, 2003 at 19 stations 
which are indicated by circles in Fig.1.These stations are deployed with the following two viewpoints. 
The 10 stations from YS01 to YS10 were served to know nature of a layer phase seen in strong motion 
records at K-NET Ishinomaki station during the main shock. The station YS01 is situated at the foot of 
the Asahiyama hill covered with Tertiary layers. The stations of YS08 and 09 are also located on 
Tertiary layers, while pre-Tertiary basement can be seen near YS10. The other stations are on 
Quaternary layers in the Ishinomaki plain. The other objective is to estimate strong motion 
characteristics in the northern part of the focal area where the damage was so heavy. The stations from 
NK01 to NK09 were prepared for this purpose. It is noted that some of the stations were installed near 
the damaged buildings as explained later. A data recorder and a three-component accelerometer were 
installed at each station. Since we prepared 10 sets of the observational equipments, observational 
periods at some of the stations were only a half day. However, high activity of the aftershock 
sequences allows us to obtain enough number of seismic records to assess local site effects. 
    Observations of vertical microtremors in arrays were conducted at four sites in the area to explore 
subsurface S-wave profiles of the sediments over the pre-Tertiary basement. Most of the sites are 
located near the aftershock observation stations as shown in Fig.3. At each sites, two arrays were 
temporarily deployed in triangular or cross shape in different array sizes as shown in Fig.4. We 
observed vertical microtremors simultaneously at 7 stations in each array in 30 to 60 minutes. 
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  Fig.3 Locations of sites of microtremor array explorations   Fig.4 Example of microtremor arrays 

4. ESTIMATION OF S-WAVE PROFILES    

S-wave velocity profiles were deduced from analysis of the observed array data of vertical 
microtremors. Fig.5 shows the flow for data processing in the microtremor array exploration. Details 
can be seen in Yamanaka et al (2000). We, first, apply a frequency-wavenumber (f-k) spectral analysis 
(Capon, 1969). Then, a wavenumber vector for the maximum peak is found in f-k spectrum to 
estimate phase velocity at each period. These processes were repeated for all the segments of the array 
data. The final frequency-dependent phase velocity was obtained from averaging phase velocities for 
all the data in an array.  

f-k spectrum analysis

velocity and propagation direction 

peak wave-number  

dispersion of Rayleigh wave phase velocity 

S-wave profile
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Fig.5 Flow for data processing in microtremor    Fig.6 Phase velocity of vertical microtremors 
     array exploration 

The obtained phase velocities are shown in Fig.6. All the phase velocities clearly indicate 
dispersive features and can be regarded as that of Rayleigh waves. The phase velocity at ISH becomes 
rapidly large at periods of more than 1 second, indicating shallow depth to the basement. On the other 
hand, phase velocity at KNN is the lowest at periods of the more than 1.3 seconds. It is noted that the 
phase velocity at periods shorter than 1 second is extremely small at NNG, indicating the existence of 
low velocity layers near the surface. 
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We, next, invert the phase velocity at each site to a 1D S-wave velocity profile using an 
inversion technique. We apply a genetic inversion technique by Yamanaka and Ishida (1996). This 
method were successfully applied in many microtremor explorations in Japan (e.g., Yamanaka et al, 
2000), because it does not require any specific initial model that must be usually prepared in least 
square methods. This method searches models with low misfit that is defined as L1-norm of 
differences between observed and synthetic phase velocities for fundamental Rayleigh wave. In the 
inversion, we assumed a 4-layers model and optimize S-wave velocity and thickness of each layer. Fig. 
7 displays the inverted S-wave models. The depth basement with an S-wave velocity of 3.5 km/s is 
well correlated with the gravity anomaly map in Fig.2. The comparisons of the observed phase 
velocities with calculated ones for the inverted models are shown in Fig.8. The observed data can be 
well explained with inverted models.  
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Fig.7 S-wave velocity profiles           Fig.8 Comparison between observed and calculated 
 phase velocities 

5. ANALYSIS OF AFTERSHOCK RECORDS 

5.1  Strong motion from large aftershock 

   In the aftershock observation, many events were recorded. However, most of them are small 
events with magnitudes of less than 2 and the maximum accelerations of less than 1 cm/s/s. The 
largest aftershock that we obtained is the event at 4:08 on 28th of July with an Mj of 5.0. The peak 
ground accelerations and velocities at YS01 to YS10 in our aftershock observations are shown in Fig.9 
together with those from the K-NET. PGA and PGV calculated from the attenuation relations by Shi 
and Midorikawa (1999) are also shown in the figure. The observed PGAs for the aftershock are 
slightly larger than the calculated ones except for those in the focal area with a distance of less than 10 
km. The observed PGVs are similar to those estimated from the attenuation equation for sites with 
surface S-wave velocities of 200 or 600 cm/s. These features of the PGA and PGV were also pointed 
out for the main shock (Motosaka, 2003). Therefore, it is indicated the PGV was normal to an event 
with similar size and only PGA in the focal area was extremely large. It is also noted that the PGVs in 
the Ishinomaki plain from our observations show a large variation by the differences of local geology. 
Such variation of the PGV must be appropriately incorporated in estimating strong motion in the area 
during the main shock. 

North-south oriented ground velocities at YS01 to YS10 from the aftershock are displayed in 
Fig.10. The stations are almost situated in a line from the west to the east as can be seen in Fig.1. The 
development of the later phases is clearly identified in the stations in the Ishinomaki plain (YS02 to 
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YS07) indicating the strong effects of the sedimentary layers. In particular, the ground motion at YS07 
is well dispersive and dominant at a period of 1 second. This later phase cannot be seen in the record at 
YS08 that is 1km apart in the east. Since YS08 is located on the hill with Tertiary layers, the later 
phases can be interpreted as effects of the Quaternary layers. In addition of the disappearance of the 
later phases, amplitude of the S-wave is much smaller at YS10 than that at YS08, because pre-Tertiary 
basement exists near the surface at YS10. These features can be also seen in the strong motion during 
the main shock. Fig. 11 shows the ground velocities during the main shock. The JMA and K-NET 
stations are located very close to YS08 and YS07 as shown in triangles in Fig.1, respectively. Since the 
ground motion features are very similar between the main shock and aftershocks, we can expect the 
existence of the later phases in Fig.10 during the main shock, too. 

Fig. 9 Attenuations of PGA and PGV                Fig.10 Observed ground velocity  

Fig.11 Strong ground motion during the main shock at JMA and K-NET 

5.2 Spectral ratios at adjacent stations 

   As explained above, we installed our instruments at two adjacent stations with and without local 
soft soils. Fig. 12a shows the spectral ratios between YS07 and YS08. Two dominate peaks were 
found at periods pf 1.0 and 0.4 seconds in the ratio. In the figure, the ratio for the strong motions from 
the main shock is also shown by a broken line. Although the ratio are not completely the same, similar 
peak can be seen at a period of about 1 second. As explained above, the spectral ratio can be 
interpreted as amplification of S-wave in shallow Quaternary soft soils. 
   Next station pair is NK03 and NK06 in the Kanan-cho in the northern part of the focal area. NK06 
is located in Kitamura Primary School where the most of columns at the first floor were heavily 
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damaged, while NK03 is 1 km apart from NK06 on the surface with no local soft soils. The spectral 
ratios of NK06 to NK03 in Fig.12b show amplification at periods of 0.1 to 0.3 seconds. Since this 
school is a three-story RC building, the amplification is one of the reasons for the heavy damage. 
   The last station pair consists of NK07 and NK08 in Kashimadai-cho. The distance between the 
two stations is just 100 meters as shown in Fig.13. NK07 is located close to 4-story RC building of 
Kashimadai Primary School that was moderately damaged. On the other hand, NK08 is located near 
the wooden school building. Although this wooden building is much older than the RC building, the 
wooden building has no damage at all. The spectral ratio between the two stations is shown in Fig.12c. 
The amplification is dominant at a period of 0.3 seconds. Probably this spectral ratio can be interpreted 
as amplification of artificial fills at NK07. Since the RC building stands between the filling and cutting 
parts of ground, this difference of site effects can be one of the reasons for its damage. 

Fig.12 Spectral ratios at adjacent stations 

Fig.13 Locations of aftershock observation station of NK07 and NK08 
in Kashimadai Primary School. 

6. SITE AMPLIFICATIONS 

   The spectral ratio in Figs.12 suggests local site effects. However, they are regarded amplification 
of shallow Quaternary layers with low velocity. We can estimate site amplification for the shallow and 
deep sedimentary layers over the pre-Tertiary basement with an S-wave velocity of 3.5 km/s by taking 
the spectral ratio to records at YS10. Fig. 14 shows the spectral ratio of YS06 and 07 to that of YS10 
for the aftershock discussed above. Although the spectral shape is similar to that in Fig.12a, absolute 
amplification is different from each other. This indicates that effects of deep sedimentary layers are 
necessary to estimate amplification factors. In the figure, theoretical amplification of S-wave in the 
S-wave profile deduced from the microtremor array exploration is also displayed. It agrees with the 
observed amplification. 
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   There exist four layers in the S-wave profiles including the basement with an S-wave velocity of 
3.5 km/s. We examine the effects of S-wave velocity of the bottom layer in calculation of theoretical 
amplification factors. The theoretical amplification factors are calculated with different S-wave 
velocity of the bottom layer in the models. Fig.15 shows the variation of the theoretical amplifications 
calculated for models at ISH from the microtremor array explorations. The thick solid line indicates 
the amplification of the model with a bottom layer velocity of 3.5 km/s. The amplification shown by 
the dotted line is calculated for the model where the 3rd layer is assumed as half space. Similarly, the 
amplification by thin line means the amplification for the model whose bottom layer has an S-wave 
velocity of 1.2 km/s. The comparisons of the amplifications clearly indicates that the importance of top 
Quaternary velocity layer in determining the amplification factors. We must pay special attention to 
model the Quaternary layer in strong motion calculation. Similar examination is conducted for the 
model at NNG shown in Fig.7. The spectral peak at 1 second can be modeled by considering the top 
Quaternary layers. However, amplification at periods of longer than 2 seconds can not be explained 
with consideration of only the top two layers. Therefore, deep sedimentary layers over the basement 
must be incorporated in synthetics of long-period motions in the area.  

Fig.15 Variation of amplification factors with different S-wave velocity for the bottom layers  
in computational models at ISH (left) and NNG (right) 

7. CONCLUSIONS 

   We conducted observation of aftershocks of the 2003 Miyagiken-Hokubu earthquake in Miyagi 
prefecture, Japan, to estimate local site effects. Strong motion instruments were temporarily deployed 
at 19 stations in the focal area of the main shock. We also conducted microtremor array observations at 
four sites in the area to know S-wave velocity profiles over the basement. The four-layer models for 
shallow and deep sediments are deduced from the microtremor array explorations. We estimate site 
amplification from spectral ratios of observed records from aftershocks. The amplification estimated is 
in agreement with the calculated one from the S-wave profiles deduced in the microtremor 
explorations.
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Abstract: The statistics for extreme values of non-stationary processes are critical to
designing structures in some engineering fields, such as earthquake engineering, coastal
engineering, wind engineering, and so on. However, it is not easy to estimate the extreme
values of non-stationary processes whose stochastic properties depend on time, because
we have to deal with the i.n.n.i.d. (independent not necessarily identically distributed)
random variables to solve problems of this type. Thus, we will discuss a probabilistic dis-
tribution for the extreme values of non-stationary Gaussian white noise as the simplest and
most primary problem for i.n.n.i.d. random variables. Firstly, the closed form solutions
are derived for the extreme values of i.n.n.i.d. Gaussian variables with two different prop-
erties and the qualitative properties are determined. Next, we propose an approximate
representation of the distribution for the extreme values of i.n.n.i.d. random variables
using these obtained properties, and confirm the appropriateness of the result through
Monte Carlo simulations.

1. INTRODUCTION

The statistics for extreme values of non-stationary processes are critical to designing structures
in some engineering fields, such as earthquake engineering, coastal engineering, and so on. Thus,
many researchers have proposed various methods for this purpose. For example, Vanmarcke
(1972) has developed a method to estimate the extreme values of a given system’s response
to random excitation using the spectral moments in a frequency domain. Furthermore, this
method was extended by Kiureghian (1980).

While we may deal with this problem in time domain, most research on this type of problem
has been limited to stationary processes. Especially, in a case where a time series is stationary
Gaussian white noise with zero mean, we can directly apply the asymptotic representation for
the extreme values of i.i.d. (independent identically distributed) Gaussian variables. Thus, the
closed form solutions are easily obtained. This asymptotic representation of extreme values
was introduced to the engineering fields by Gumbel and most classic and basic formulation as
known as Gumbel’s distribution (Gumbel 1958, Galambos 1978).

However, it is not easy to estimate the extreme values of non-stationary processes whose
stochastic properties depend on time, because we have to deal with the i.n.n.i.d. (independent
not necessarily identically distributed) random variables in a case of the simplest problem such
as white noise. Although general representations for this type of problems can be obtained
(Reise 1989, Ahsanullah and Nevzorov 2001), it is difficult to derive the closed form or asymp-
totic solutions for any specific distributions such as Gaussian distribution, etc. If such solutions
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are derived, their representations will be complicated and it is not suitable to apply them to
the problems in the engineering fields.

The asymptotic representation of extreme values for i.i.d. random variable were derived on
the basis of the ingenious ideas. As following this way, it is important to find an approximate
representation for the extreme values of i.n.n.i.d. random variables using simple formulations.
Unfortunately, nobody can propose appropriate representations for this type of problems, even
though the problem is described for i.n.n.i.d. Gaussian variables.

Therefore, we will discuss a probabilistic distribution for the extreme values of non-stationary
Gaussian white noise as the simplest and most primary problem: the extreme values of i.n.n.i.d.
Gaussian are treated. Furthermore, we will limit the property of non-stationarity to the simple
case keeping the application to the earthquake ground motion in mind: specifically, we will deal
with the discrete white noise whose mean is zero, and standard deviation depend on time. The
standard deviation has one peak and predominates the peak value over the time. Hereafter, we
call “white noise” instead of the “discrete white noise” for the simplicity.

2. PROBLEM SETTING

We will deal with the asymptotic distribution, FY (y) for maximum value of i.n.n.i.d. Gaussian
variables Xi (i = 1, 2, . . .), as the simplest non-stationary process: that is,

Xi ≡ X(ti) = η(ti) · W (ti) (1)

where, ti stands for i-th discrete time, W (ti) for Gaussian white noise with zero mean and unit
variance, and η(ti) for standard deviation which depends on time and varies smoothly with one
extreme peak and η(t; t ≤ 0) = η(∞) = 0. The variations of η(ti) will be set much smaller than
the time increments ∆t. It is noted that η(ti) will play the role of a kind of envelop function of
X(ti).

Generally speaking, the order statistics of i.n.n.i.d. random variables can be represented by
using that of i.i.d. random variables because of the Guilbaud’s theory (Reiss 1989). However,
this theory does not give any information how we can find the appropriate i.i.d. random
variable corresponding with i.n.n.i.d. random variables with a specific probability distribution
of Xi. As shown as question mark, ?© in Figure 1, although the asymptotic distribution should
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be replaced by one of i.i.d. random variables in a case where the function η(t), which is the
probabilistic characteristics of i.n.n.i.d. random variable Xi, is given, there is no way to find
parameters for the corresponding i.i.d. random variables.

To find the appropriate parameters for i.i.d. random variables are easier than to derive
directly any asymptotic representation for the extreme values of i.n.n.i.d. random variables,
because the asymptotic representation are already obtained for the extreme values for i.i.d.
random variables.

From the above discussion, we will consider the approximate representations for the maxi-
mum values of non-stationary Gaussian white noise following the thick arrows in Figure 1. In
this procedure, most significant problem is to represent the relationships between the param-
eters of i.i.d. and i.n.n.i.d. random variables. Thus, we will concentrate our concern into this
problem, that is, to find the relationships as shown as ?© in Figure 1.

Firstly, it will be confirmed that we can replace i.n.n.i.d. variables with i.i.d. variables.
Then, we will derive analytically the asymptotic representation for the maximum values of
i.n.n.i.d. Gaussian variables with two distributions: we consider a case where η(ti) takes only
two values. From this analysis, we discuss the relationships between the parameters for two
types of variables and determine the qualitative properties to examine the possibility of the
approximate representation for maximum values of i.n.n.i.d. variables. Finally, we will propose
an approximate representation for our problem using the properties obtained from the above
discussion, and confirm the appropriateness of the result through Monte Carlo simulations.

3. DISTRIBUTION FOR EXTREME VALUES OF GAUSSIAN VARIABLES
WITH TWO DIFFERENT PROPERTIES

Let us consider Xi (i = 1, 2, . . . , n1 + n2) which consists of nj independent Gaussian variables,
Xjk with zero mean and variance σ2

j (j = 1, 2, k = 1, 2, . . . , nj): that is, Xjk is N(0, σ2
j )

and Xi should be X1k or X2k. Since Xi (i = 1, 2, . . . , n1 + n2) are independent mutually,
we can renumber Xi without loss of generality. Thus, let us set X1k (k = 1, . . . , n1) for Xi

(i = 1, . . . , n1) and X2k (k = 1, . . . , n2) for Xi (i = n1 + 1, . . . , n2).
Then, the probability distributions for maximum value Yj of Xjk (j = 1, 2) can be approx-

imately written for large nj as follows (Ahsanullah and Nevzorov 2001):

FYj
(y) = P (Xjk < y) ≈ exp [− exp[−αj(y − uj)]] , (2)

where P (A) denotes the probability of A, and

αj =
√

2 lnnj/σj (3a)

uj =

{√
2 lnnj − ln(ln nj) + ln(4π)

2
√

2 ln nj

}
σj . (3b)

Thus, the probability distribution for maximum values of Xi is represented as

FY (y) = P (Xi < y) =

2∏
j=1

P (Xjk < y) =

2∏
j=1

FYj
(y) ≈ exp

[
−

2∑
j=1

exp[−αj(y − uj)]

]
. (4)

Eq.(4) gives an approximate representation from the meaning of the asymptotic distribution
for a special case of i.n.n.i.d. random variable with large nj.
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Figure 2 An example of distribution for extreme
values of Gaussian white noise (n1 = n2 = 500,
σ1 = 1.0, σ2 = 1.05).
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Figure 3 An example of distribution for extreme
values of Gaussian white noise (n1 = n2 = 500,
σ1 = 1.0, σ2 = 1.25).

According to Guilbaud’s theory, Eq.(4) can be represented by the asymptotic distribution
for the maximum values of i.i.d. random variable: namely, Eq.(4) can be replaced by

FY (y) ≈ exp[− exp[−α(y − u)]]. (5)

As pointed out above, this theory does not give any information about the relationships between
α and u of Eq.(5), and αj and uj (j = 1, 2) of Eq.(2). Thus, we will discuss how α and u can
be represented by αj and uj (j = 1, 2) in this section.

Calculating the Eq.(4) with various values of the parameters nj and σj (j = 1, 2) of Eqs.(3a)
and (3b), we obtained the following relationships as σ1 ≈ σ2 and n1 ≈ n2 by trial and error:

α ≈
√

2 ln n/σ (6a)

u ≈
{√

2 lnn − ln(ln n) + ln(4π)

2
√

2 lnn

}
σ, (6b)

where

n =
2∑

j=1

nj (7a)

σ =

2∑
j=1

njσj

n
. (7b)

Although this is not the mathematical consequence, these results may be expected instinctively
under the above condition of σj and nj . σ of Eq.(7b) is given by the weighted mean of σj with
respect to nj. Considering the general characteristics of the standard deviation, σ2 should be
represented by the weighted mean of σ2

j (j = 1, 2) with respect to n2
j , though Eq.(7b) gives

good approximation as σ1 ≈ σ2 as n1 ≈ n2.
In other cases such as σ� � σj (�, j = 1, 2, � �= j) and n1 ≈ n2, α ≈ αj and u ≈ uj can be

applied. This means that the distribution function, FY (y) for the maximum values of i.n.n.i.d.
Gaussian variables, Xi is approximately rewritten by the distribution for the maximum values
of i.i.d. Gaussian variables with larger values of σj . Furthermore, in a case where σj is more
than only 1.1 to 1.2 times of σ�, the effect from the maximum values of Xi with σ� is negligible.
Thus, it is enough to treat the two cases of σ1 ≈ σ2 and σ� � σj as n1 ≈ n2.

Figures 2 and 3 show the numerical examples of the approximation of probability distri-
bution for maximum value, Y , of Xi as n1 = n2. In this figures, the histogram of Y , which
are obtained from the Monte Carlo simulation of 10000 times, is also shown. Figure 2 gives
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the result as σ1 ≈ σ2 and it is observed that the shapes of Eq.(4) and Eq.(5) obtained by
using Eqs.(6a) and (6b) coincide. On the other hand, Figure 3 shows the case for σ1 � σ2. In
this case, Eq.(4) coincides with the distribution for the maximum value of Xi with σ2: FY2(y).
However, the distribution estimated by the weighted mean of σj (j = 1, 2) fails to represent the
histogram.

From the above numerical calculations, we can confirm the Guilbaud’s theory: the prob-
ability distribution for maximum values of i.n.n.i.d Gaussian variables are replaced by one of
i.i.d. Gaussian distribution. Furthermore, the results give an instructions how to determine
the values of α and u of Eq.(5).

As a result, we can conclude the method to determine the parameters for substitute i.i.d.
distribution as follows. In a case of σ1 ≈ σ2, we can choose the value of σ to satisfy the equation

σ

(
2∑

j=1

nj

)
=

2∑
j=1

(njσj) . (8)

This means that the area obtained by σ and n =
∑2

j=1 nj should be same as the total area from

nj and σj (j = 1, 2) as shown in Figure 4. On the other hand, in a case of σ� � σj (�, j = 1, 2;
� �= j), we can use the probability distribution for the maximum value, Yj, of i.i.d. Gaussian
variable with N(0, σ2

j ).

4. APPROXIMATE DISTRIBUTION FOR EXTREME VALUES OF
NON-STATIONARY GAUSSIAN WHITE NOISE

We discussed the relationships between the parameters of i.n.n.i.d. and i.i.d. Gaussian vari-
able for a special case in the previous section. Then, we will apply the obtained properties to
approximate the probabilistic characteristics for maximum values of Eq.(1). Since we assume
the standard deviation, η(t) varies smoothly over the time as shown in Figure 5, we can ap-
proximate η(ti) ≈ η(ti+1) at tiと ti+1 = ti + ∆t, respectively, where ∆t stands for the small
increment of the discrete time. This suggests the possibility that the probability distribution
for the maximum value, FY (y), of Xi of Eq.(1) will be replaced with the asymptotic distribution
for an i.i.d. Gaussian variable of Eq.(5) with parameters given by Eqs.(6a) and (6b).

On the basis of this daring (and mathematically baseless) assumption, we will determine
the parameters for an i.i.d. Gaussian variable substituting the i.n.n.i.d. Gaussian variable. The
parameters to determine are σ and n of Eqs.(6a) and (6b). Since we considered the area formed
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by the number of variables and standard deviation to determine σ as shown in Figure 4, the
same concept will be introduced as shown in Figure 5. The remaining part of this section is
devoted to explain the procedure to obtain the probability distribution approximately using
the Figure 5.

Let us consider η(t) takes maximum value η(c) at t = c. Then, introducing a real number
r (0 < r < 1), we will determine parameters a and b which satisfy r · η(c) = η(a) = η(b),
where a < c < b. The area of η(t), Sr, are obtained as a function of r at [a, b]. To replace
the probability distribution for the maximum value of i.n.n.i.d. Gaussian variable with one of
i.i.d. Gaussian variable, we will consider a Gaussian variable with constant standard deviation
at [a, b]. For the standard deviation of this i.i.d. Gaussian variable, we adopt the height σ
of the rectangle whose area and length of the base are Sr and b − a, respectively. Applying
the obtained σ and n = (b − a)/∆t to Eqs.(6a) and (6b) and using Eq.(5), we can obtain the
approximate probability distribution for the maximum values of i.n.n.i.d. Gaussian variable
Xi.

The above procedure is rewritten mathematically as follows: the parameters a and b are
determined by

a = sup
t<c

{t; η(t) = rη(c)} (9a)

b = inf
t>c

{t; η(t) = rη(c)}, (9b)

where η(a) = η(b). Then, the area surrounded by η(t) at [a, b] is

Sr =

∫ b

a

η(t)dt. (10)

n is obtained from n = (b − a)/∆t, and σ is determined by

σ =
Sr

n
. (11)

Substituting n and σ for Eq.(5) derives the approximate probability distribution for the maxi-
mum value of Xi.

In this procedure, we did not mention the value of r. Generally speaking, since any function
can be used for η(t), we cannot examine the sensitivity of Eq.(5) with respect to r, exhaustively.
We can say, in our calculations, Eq.(5) is not sensitive toward r. However, in a case where
r is too small, the approximation of η(ti) ≈ η(ti+1) is not assured. Thus, we can use the
value of 0.8 to 0.9 as r. Since this suggests that the optimal value of r may depend on the
time increment, ∆t, ∆t should be small with respect to the variance of η(t) to satisfy the
approximation η(ti) ≈ η(ti+1).

5. A NUMERICAL EXAMPLE

To confirm the availability of the proposed method, we carried out a simple numerical calcu-
lation using the Monte Carlo simulation. The pseudo-random numbers are generated by the
Mersenne Twister (Matsumoto and Nishimura 1998) and the Fortran code based on this method
(Matsumoto 2002) are used. Since the generated random values follow the uniform distribu-
tion, they are transformed to Gaussian distribution (Evans et al. 1993). In this calculation,
∆t = 0.01 are used as small value regarding to the variance of η(t).
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Table 1 Comparison of the parameters for Gumbel’s distribution for Eq.(5)

Numerical r = 0.95 r = 0.9 r = 0.8
u 0.02733 0.02699 0.027270 0.02678
α 530.74 512.65 532.90 569.92

Figure 6 shows an example of the probability distribution for maximum value of Xi with
η(t) which is Gaussian type function. The upper panel of this figure compares a realization with
the shape of η(t). In the lower panel, the estimated distribution are shown with the histogram
obtained from Monte Carlo simulation of 10000 times. The lines show the results from the
different value of r of Eqs.(9a) and (9b): 0.8, 0.9, 0.95. It is noted that these lines approxi-
mate the histogram well. This means that the proposed method gives good approximation to
represent the probability distribution for maximum value of i.n.n.i.d. Gaussian value.

Furthermore, to examine the accuracy of the approximation, the values of parameters α
and u of Eq.(5) are listed in Table 1. From this, it is observed that the statistical parameters
are consistent values with the results from Monte Carlo simulation. This means that the we
can set the value of r roughly, because the approximation is not so sensitive to r.

6. CONCLUSIONS

We have analytically derived the asymptotic representation for maximum values of Gaussian
variable with two different properties and found qualitative properties. Using these properties,
an approximate representation were proposed for maximum values of non-stationary Gaussian
white noise and the appropriateness was also confirmed through the numerical simulation.
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Abstract:  The SMASCH array for the observation of strong ground motion has been operating in the 

Santiago area since 1989.  One of the objectives of this instrumentation project is to study the influence of 

local site conditions on observed earthquake ground motions.  The array consists of seven free-field sites 

located on different soil conditions ranging from a reference rock outcrop site to a site located on soft silty 

ground. 

    Using data from low to medium intensity events which occurred between 1989 and 2001, an evaluation 

of site amplification effects has been carried out. Fourier Amplitude spectra of the accelerograms for each site, 

for several different events, were computed.  For this purpose only a limited portion of the record was used: 

that containing predominantly S waves.  The spectral shapes were smoothed and amplitude ratios with 

respect to the rock site were calculated. 

    For each site the averages of the amplification ratios were computed after grouping the events in three 

different sets: all events, events in two different magnitude ranges (4 to 5 and 5 to 6), and events having 

different epicenter location (NW azimuth and NE azimuth relative to the array location).  From the results 

obtained it is apparent that there is a noticeable influence of the site soil conditions on the amplification value 

and also that this amplification can be quite different depending on the period range considered.  The 

influence of magnitude in not very large, but is noticeable for several sites.  The influence of azimuth is 

clear at some sites and not noticeable at others. 

 

 

1.  CONFIGURATION OF THE SMASCH ARRAY 

 

The overall purpose of the instrumentation program is the study of earthquake motion in Santiago 

as a basis for improving the specification of earthquake design requirements for buildings and other 

structures.  A specific objective towards this general goal is to obtain a thorough knowledge of 

ground motion in sites with various soil conditions. 

The SMASCH array consists of seven stations as listed in Table 1.  The location of the sites in the 

Valley of Santiago is shown in Figure 1.  The sites are located on a range of soils and cover most of 

the city of Santiago, with spacing of 5 to 10 km. SMAC-MD digital accelerographs, manufactured by 

Akashi Seisakusho Inc., Japan, are installed at five sites; since this instrument has an A/D converter 

with resolution of 16 bits, it can record not only strong motion but also weak motion with high 

accuracy. At one site there is an SSA-1 instrument, manufactured by Kinemetrics Inc., USA, with 

characteristics similar to the SMAC-MD, although with only 12 bits resolution in the A/D converter. 

The instrument at site No.8 was originally an analog type instrument, that has been removed and is 

presently being replaced by a new instrument, that is not yet fully operational. 

To record free-field earthquake ground motions, small instrument shelters were constructed at all 
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sites except CSL.  The CSL site is a rock cave in the Santa Lucía hill in downtown Santiago; where 

the instrument is installed directly on a concrete floor in the cave.  A detailed description of the 

instruments and of the shelters characteristics can be found in (Midorikawa et al., 1990).   

 

 

2.  GEOLOGICAL CONDITIONS IN SANTIAGO AND AT INSTRUMENT SITES 

 

Santiago is situated in a narrow valley between the Andes and the coastal mountains.  The 

altitude of the city is about 600 m above sea level.  The valley originated from the depression of an 

area between two major faults, which are parallel to the two mountain chains.  The depression was 

caused by tectonic movements in the Tertiary. 

Most of the sediments which cover the valley were transported from the Andes mountains, mainly 

by streams. Some deposits are believed to be the result of volcanic mud flows or glaciers.  The 

formation of the sediments is different in each area of the city.  The surface geology of the city can be 

divided into several types, as shown in Figure 1 (Valenzuela, 1978).  In the central and southern parts 

of the city, sediments consist of very dense coarse gravel with cobbles. In the northwest part of the city, 

recent alluvial deposits, consisting of loose silty soils, cover the area. Between these two areas a 

transition zone exists. At the foot of the mountains, in the eastern part of the city, the ground surface is 

covered by colluvial deposits from the mountains. Stiff pumice of volcanic origin, which is called 

Pomacite, is found in the western part of the city. Outcrops of basement rock are found in the 

mountains and outliers form the hills which exist in the plain. 

To investigate soil conditions at the sites, bore hole tests were carried out at PTP, PCQ, and AES 

and small pits were excavated at UC1 and UC2. Below is a brief description of the soil conditions at 

the sites based on these explorations and on previous investigations compiled in (Valenzuela, 1978). 

Site 1, CSL (Cerro Santa Lucía): Igneous rock surrounded by the alluvial deposits of the Mapocho 

river. The Santa Lucía hill rises about 60 m above the surrounding alluvial plain. The cave housing the 

instrument is about 20 m above the plain. Significant topographic effects from the hill are not expected 

in records at this site.  

Site 2, UC1 (U. Católica, Campus Casa Central): Alluvial deposits of the Mapocho river. Dense to 

very dense gravel is found at a depth of 2.4 m. An S wave velocity for the gravel deposits of 

approximately 700 m/s was measured. The superficial layers consist of artificial fills, silts and clay 

deposits. The depth to water table is approximately 50 m and the depth to base rock is approximately 

100 m. This site is about 300 m away from CSL. 

Site 3, UC2 (U. Católica, Campus San Joaquín): Alluvial deposits. The soil conditions are similar 

to those of site 2, but dense gravel is found at a depth of 0.9 m. A thin clayey layer overlies the gravel 

deposits. The depth to water table is 80 m and the depth to base rock is approximately 400 m.  

Site 4, PTP (Planta Toyota, Rotonda Pudahuel): "Pomacite" deposits formed of volcanic pumice 

and ash. Standard penetration test (SPT) N value is 50-75. The fine content is between 6 and 32%. 

Pomacite overlies the gravel layer which is the typical soil in the city. The thickness of the layer of 

Pomacite is 40m or less. S wave velocities of 300 m/s in the upper 6 m and 550 m/s at depths of 6 to 

16 m were measured. The water table is deeper than 20 m, the depth to rock is approximately 300 m.  

Site 5, PCQ (Planta Cervecera Santiago, Quilicura): Alternating layers of low to medium plasticity 

silts and clays, interbedded with gravel layers. From the surface to about 9 m depth the deposits have a 

soft consistency, low relative density and SPT N value of 2 to 4. The S wave velocity is around 200 

m/s from the surface to a depth of 10 m. Below about 9 m the strata have a firm to hard consistency 

and medium to very high relative density and the SPT N value is 35. The depth to water table is about 

2 m, the depth to base rock is about 100 m.  

Site 6, ESM (Escuela Militar): Alluvial deposits of the Mapocho river. Dense to very dense gravel 

and unsaturated soil. The depth to water table is 25 m and the depth to base rock is 100 to 200 m. 
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Site 7, AES (Aeródromo Eulogio Sánchez, Tobalaba): Colluvial deposits. Inorganic silt of medium 

plasticity, firm, interbedded with 5 to 10 cm layers of dense silty gravel. Unsaturated soil. Estimated 

thickness of the stratum is more than 20 m. The depth to water table is about 90 m and the depth to 

rock is about 100 m. The S wave velocity profile was obtained using seismic refraction.  It varies 

from 300 m/s at the top layer (considered to be 4m thick), to 480 m/s for the next layer (considered to 

be 6 m thick) with a final value of 1000 m/s for the infinite layer below that depth. 

 

 

3.  LOCAL SITE EFFECTS ON OBSERVED GROUND MOTIONS 

 

Only events that have triggered three or more stations have been considered for this study.  

Detailed information regarding each event can be obtained from the report that is published every year 

with the corresponding data (see for example Cruz et al, 2001).  Alternatively, the data can be 

obtained from the web page www.ing.puc.cl/~wwwice/sismologia, of the Strong Motion Seismology 

Laboratory. A summary of the events considered is presented in Table 2. 

Three components are recorded at each site: two horizontal components aligned with the 

East-West (X) and North-South (Y) directions and a vertical component (Z).  The epicenter locations 

for the events considered are shown in Figure 2, and in Figure 3 the focii locations are shown in terms 

of Longitude and Depth, where the inclination (dip angle) of the subduction zone, the predominant 

source of earthquake events in the area is clearly observed.  Each event is identified with a label that 

includes the year in which it occurred and the sequence number of the event in the SMASCH Report 

of that year (Cruz et al., 2001). 

It is clear that the observed ground motion is a consequence of source, path, and site effects.  

Only the amplitude ratio of the motion on soil ground to that on rock is representative of site effects, 

because the site effects can be ignored for a base rock site.  A section of S waves in the record is used 

to calculate the spectral amplitude ratio, because the main portion of strong ground motion is mainly 

due to S waves. On each of the records and sites considered this is done for all the recorded 

components. 

For each event the Fourier Amplitude Spectrum was computed for the selected portion of each 

record and the spectrum was smoothed using a simple average of the amplitudes over overlapping 

windows of 0.78 Hz.  Then the ratio of the spectrum for each soil site to that of the reference rock site 

(CSL) was calculated. 

Amplitude-ratio spectra for the various records available for each site were obtained.  The ratios 

from different records are similar at each site, indicating that each site has particular properties 

regarding spectral amplification of ground motions.  Simple statistics were performed for each site 

considering the full set of records available for the site, and plotted as shown in Figures 4 and 5 for 

sites 3 and 5. 

These figures show that the soil conditions at the different sites have a significant influence in the 

amplifications ratios.  Some trends can be observed, and even though the difference between the 

average curves (solid lines) and the average plus one standard deviation curves (dashed lines) are 

rather large at some period ranges, the results are considered adequate for identifying the major trends 

in the behavior of the amplitude ratios over the period range considered. 

Some of the trends observed can be summarized as follows: 

1. At UC1 (Site 2) and UC2 (Site 3) on gravel, the amplification of ground motion was generally 

small. At UC1, however, a large amplification was found in the period range 0.05 to 0.1 seconds.  

This effect is probably due to the artificial fill which exists locally at the site just below the 

instrument location. When the effects of the artificial fill are ignored, the amplification is found 

to be around 2.5 in the period range 0.1 to 2 seconds for UC1, and 1.5 between 0.05 and 2 

seconds for UC2.  A measure of the rather large scatter of the data is given by the difference of 

the two curves shown (solid and dashed) over the period range (Figure 4). 
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2. At PTP (Site 4) on the Pomacite deposits site, the amplification was small for periods shorter 

than 0.2 s and became larger in the longer period range.  At a period of around 0.8 seconds, the 

ratio shows its maximum.  The amplification on this site is about 2 for periods shorter than 0.2 

seconds, and between 3 and 4 for periods larger than 0.4 seconds. 

3. At PCQ (Site 5) on the silty soil site, a large amplification was obtained over a wide period range. 

The amplification tends to increase more or less linearly from 0.05 to about 0.1 seconds and then 

it remains fairly constant with an average value of about 6 (Figure 5). 

4. At AES (Site 7) on the colluvial deposits site, limited amplification was found for periods in the 

range 0.10 to 0.25 seconds with an average value of about 3.5. For shorter periods the went up to 

about 7 at 0.05 seconds, and for longer periods it increased (more or less linearly) to about 9 or 

10 at about 2 seconds, and then remains constant. 

 

 

4.  EFFECT OF MAGNITUDE AND OF EPICENTER LOCATION 

 

The second part of this investigation deals with the identification of the effects on the amplitude 

ratios of two parameters: the magnitude of the event, and the epicenter location relative to the site 

(azimuth).  For this purpose the events at each site were divided into two sets: magnitude between 4 

and 5, and between 5 and 6 for the study of the effect of magnitude; and North-West azimuth and 

North-East azimuth for the study of the effect of epicenter location.  The statistics for the results 

(amplitude ratios) for these groups were then computed and typical results are shown in Figures 6 

through 9 for site 5.  Although the number of events considered in these groups is smaller than in the 

previous results they still provide some significant insight in the effect of the parameters considered. 

The results need to be analyzed further, but preliminary analysis of them shows that the effect of 

azimuth can be significant, especially for Sites 4 and 7.  The effect of magnitude is not very 

significant in most of the sites, except may be in Site 7, but this may change if the magnitude ranges 

increase as larger magnitude events are likely to induce nonlinear effects in the soil, especially at the 

softer soil sites. More definitive conclusions will be obtained only when several strong earthquake 

records with higher acceleration levels are available. 

 

 

5.  RESULTS OBTAINED FROM MICROTREMOR MEASUREMENTS 

 

In order to have a procedure that can be extended to other sites, and thus allowing to establish a 

micro-zoning of the region based on actual measurements of ground motions, the ratios of the 

amplitude spectra computed in a similar fashion as those for the earthquake records, were obtained for 

several different sites where micro-tremor measurements were performed.  Several campaigns of 

micro-tremor observation have been carried out, especially in the softer soils areas.  The results from 

these observations are expressed in terms of horizontal to vertical velocity amplitude spectral ratios 

and sample results are shown in Figures 10 and 11 for micro-tremor measurements performed at site 3 

and site 5 respectively. 

The results obtained show rather large dispersion, but in general it is observed that the magnitudes 

of the amplitude ratios have some correlation to the thickness of the deposits at the different sites, and 

also to the existence of soft soil layers. 

 

 

6.  SUMMARY AND CONCLUSIONS 

 

Data from a strong ground motion monitoring array in Santiago, Chile (SMASCH array) has 

been used to study local site effects on ground motion.  The spectral amplitude ratios of the observed 
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earthquake motions at soil sites with respect to a reference rock site were calculated to examine the 

local site effects. The spectral amplitude ratios from different records are similar at each site, and the 

spectral amplification of ground motion is unique at each site. The amplification values observed can 

be quite large reaching values as high as 9 or 10 for some period ranges in the softer soil sites.  The 

effects of event magnitude and event epicenter location with respect to site location on the amplitude 

ratios are studied and are found to have some influence on the shape and the value of the amplification 

ratios observed. 

The results are complemented with others obtained from micro-tremor measurements that have 

shown that the magnitude of the amplitude ratios have some correlation to the thickness of the deposits, 

and also to the existence of soft soil layers. 
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TABLE 1.  List of Strong Motion Sites of the SMASCH Array 
 

Site Name 
Site 

Code 

Site 

No. 
Soil Condition Coordinates 

Instrument 

Type 

Installation 

Date 

Cerro Santa Lucía CSL 1 Rock 
33°26'25''S 

70°38'32''W 
SMAC-MD 13/07/1989 

U. Católica, Campus 

Casa Central 
UC1 2 Dense Gravel 

33°26'29''S 

70°38'19''W 
SMAC-MD 12/07/1989 

U. Católica, Campus 

San Joaquín 
UC2 3 Dense Gravel 

33°29'59''S 

70°36'49''W 
SMAC-MD 11/07/1989 

Planta Toyota, 

Rotonda Pudahuel 
PTP 4 

Stiff Fine Volcanic 

Sediment 

33°27'01''S 

70°46'34''W 
SMAC-MD 14/07/1989 

Planta Cervecera 

Santiago, Quilicura 
PCQ 5 

Alluvial 

Sediments 

33°21'52''S 

70°42'08''W 
SMAC-MD 14/07/1989 

Aeródromo Eulogio 

Sánchez, Tobalaba 
AES 7 Colluvial Deposits

33°27'31''S 

70°32'54''W 
SSA-1 31/01/1990 

Escuela Militar ESM 8 Dense Gravel 
33°24'43''S 

70°34'55''W 
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Table 2.  Summary of Earthquake Events 

Considered. 

 

Site 

No. 
M ≤ 5 M > 5 

Azimuth 

N-W 

Azimuth 

N-E 
Total

1 - - - - 80

2 50 16 16 20 66

3 43 14 15 14 57

4 54 17 17 18 71

5 53 17 16 19 70

7 24 9 5 8 33

 
 
 

 
Figure 1.  Geological map of Santiago and location 

of the stations of the SMASCH Array. 

 

 

Figure 2.  Epicenter Location for Events Used 

(Coast line and Chile-Argentina border are shown). 

 

Figure 3.  Hypocenter Locations for Events Used. 
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Figure 4.  Amplitude Ratio Spectra for Site 3. 

 

 

Figure 5.  Amplitude Ratio Spectra for Site 5. 

 

Figure 6.  Amplitude Ratio Spectra for Site 5, 

4 ≤ Magnitude ≤ 5. 

 

Figure 7.  Amplitude Ratio Spectra for Site 5, 

5 ≤ Magnitude ≤ 6. 
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Figure 8.  Amplitude Ratio Spectra for Site 5, 

NW Azimuth. 

 

Figure 9.  Amplitude Ratio Spectra for Site 5, 

NE Azimuth 

 
Figure 10.  Amplitude Ratio Spectra for Site 3, 

Micro-tremors. 

 

 

 
Figure 11.  Amplitude Ratio Spectra for Site 5, 

Micro-tremors. 
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1.   INTRODUCTION

The big earthquakes occurred continually in the Tohoku and the Hokkaido districts last year. The
occurrence of the Tokai, Tonankai, or Nankai Earthquake is a matter of anxiety in near future. Under
the circumstances, there are a lot of things to do before such big earthquakes attack Japan.

Disaster Prevention by Realtime Earthquake Information
- Study on Practical Use in Private Enterprise -

 I.Takahashi1) and S. Nambu2)

1) Senior Research Engineer, Innovation Center, Institute of Technology, Shimizu Corporation, Japan
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Abstract: The system of the “Nowcast Earthquake Information” is being developed, which will
send us the realtime information about the hypocenters or the seismic intensity of big earth-
quakes before the main shocks reach. The development for practical use of the information has
started. The information is expected to mitigate the disasters to human lives and structures when
big earthquakes occur. In this paper, the practical use of the information is discussed mainly from
the viewpoint of private enterprises through the concrete examples and tests. The points and the
subjects of the use are also investigated.

Figure 1  Disaster Prevension by Realtime Earthquake Information
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The Japan Meteorological Agency (JMA) has been developing the ìNowcast Earthquake Informa-
tionî system, which offers the realtime earthquake information about the epicenters or the seismic
intensity before the main shocks reach. The study on the practical use of the information has been in
progress simultaneously. It will be possible to make measures according to the information just before
the main shocks reach or just after they calm down as shown in Figure 1.

In this paper, the practical use of the information is discussed mainly from the viewpoint of private
enterprises through the concrete examples and tests. The points and the subjects of the practical use of
the information are also investigated.

2.   OUTLINE OF REAL TIME INFORMATION

The UrEDAS (Urgent Earthquake Detection and Alert System) of Japan Railway Company and the
SUPREME (Super-dens Realtime Monitoring of Earthquake) of Tokyo Gas Company are known as the
application system using the realtime earthquake information in Japan. The former is applied for the safe
operation of the Shinkansen Lines as shown in the work by Nakamura (2000). The latter is the control
system of city gas supply as shown in the work by Shimizu et al. (2001). The both are developed
according to the needs of the business and utilize their own earthquake observation networks.

The realtime earthquake information system using the public earthquake observation networks has
been studying mainly by JMA, The National Research Institute for Earth Science and Disaster Preven-
tion (NIED) as shown in the work by Kamigaichi et al. (2004), Uhira (2004). The information will be
offered to the world from JMA in near future. Sending tests have already started between JMA and
several universities or companies. The system started using data from the five observatories around the
Tokai district in 2003. The regular sending tests will start in 2004 because the eighty seismographs
have been provided for the system from the Kanto to the Kyusyu districts as shown in Figure 2. The
observation network is expected to expand to the Hokkaido, the Tohoku districts before long. NIED has
been developing the technology of the information system as shown in the work of Horiuchi (2004) in
combination of JMA and practical systems in the cooperation with the Real Earthquake Information
Consortium (nonprofit organization) as shown in the work of Fujiwara (2004).

The system of the Nowcast Earthquake Information estimates the epicenters and the magnitudes
according to the data obtained from the nearest observatories, and sends the information quickly. The

Figure 2  Distrubution of Seismographs
for Nowcast Earthquake Information

Figure 3  Wave Propagation and Nowcast Earthquake
Information
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information reaches before S-wave propagates because the estimation is made based on the observed
P-waves. The several seconds before the main shocks can be used for the preparedness of the earth-
quakes. The forecasts of the seismic intensity and the arrival time of the main shocks are included in the
information. The accuracy of the information can be improved as the data from the observatories in-
creases as shown in Figure 3.

3.   APPLICATION OF INFORMATION

3.1   Characteristics of Nowcast Realtime Earthquake Information
Taking all things into consideration, the Nowcast Earthquake Information has the characteristic as

follows:
1) Certainty of Earthquake Occurrence: The information that earthquakes have occurred somewhere

can be reliable unless noise is mixed in the data, because it is based on the observation, which is
much different from the prediction.

2) Accuracy and Rapidity: The first information is based on the P-wave observed first at the nearest
observatory to the epicenter. The rapidity of the first information is much valuable. On the other
hand, the degree of the accuracy of the first information canít be very high. More accurate informa-
tion can be given based on the data from several observatories in a few seconds. At that time, the S-
waves have propagated to some extent. The accuracy of the realtime earthquake information is not
compatible with the rapidity.

3) Time Margin: If a big earthquake occurs near or under cities, the main shock attacks the cities as
soon as the realtime earthquake information reaches or before it does. In those cases, time is not
left in preparing for the earthquake.

4) Information Before and After: The accuracy and the rapidity of the information are variable ac-
cording to the epicenters of every earthquake. On the other hand, the information of observed
seismic intensity sent after the shocks calm down is effective to prevent cities and citizens from the
secondary damage in every big earthquake.

3.2   Capability in Past Earthquakes
It is very interesting to estimate how effective the realtime earthquake information should be to the

disaster prevention if the information system existed when the past big earthquakes occurred.
Figure 4 shows the ratios of cause of death in the 1978 Miyagi-Ken-Oki Earthquake, the 1993

South-West off Hokkaido Earthquake and the 1995 Hyogo-Ken-Nambu Earthquake as shown in the

Figure 4  Cause of Death in Past Earthquakes: (a) 1978 Miyagi-Ken-Oki Earthquake, (b) 1993 South-
West off Hokkaido Earthquake, and (c)1995 Hyogo-Ken-Nambu Earthquake
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work of A.I.J. (1980), A.I.J. (1995) and A.I.J. et al. (2000). In case of the Hyogo-Ken-Nambu Earth-
quake, the dead in Kobe is shown in the figure. In the Miyagi-Ken-Oki Earthquake, the fact is remark-
able that many people died by fall down of walls or fences etc. This earthquake occurred in the evening
when the most of people were in active. If they caught the realtime earthquake information somehow
several seconds before, the dead should be decreased. Many people were killed by the tsunami in the
South-West off Hokkaido Earthquake. It is conjectured that the most of the dead persons were not able
to escape or fail. If they knew the possibility of tsunami occurrence, the scale or the arrival time, the
victims of the tsunami should be decreased. In the Hyogo-ken Nambu Earthquake about two thirds of
dead persons were pressed by houses or furniture. It can be thought that the sharp main shocks col-
lapsed the houses or fell down furniture in a moment. If the realtime earthquake information was sent,
the main shocks should attack Kobe before the information reached there because the epicenter was
very close to Kobe. If the information was sent a few seconds before, it should not be possible to save
their lives because the most of people were sleeping.

Those tell us that while the information is not almighty, it can save human lives if the information is
utilized cleverly. The efficiency of the information would depend on usual training or consciousness of
disaster prevention.

3.3   Disaster Prevention in Private Enterprises and Realtime Information
In the national anti-disaster plan, the roles of private enterprises are:
- securing the employees and  the customers,
- maintaining the business activity and the economic stabilization,
- making contribution to the disaster mitigation in the local community.
Figure 5 shows the relation in the disaster between the companies and the local community. It is

difficult for the companies to rescue the community if they are suffered from the disaster. Maintaining
the business activity leads to the disaster mitigation in the local community and securing the community
leads to the stability of the business.

3.3.1   Practical Use of Realtime Information
Some Examples of the practical use of the realtime information in private enterprises are shown in

this section.

Figure 5  Relation between Private enterprise
and Local Community in Disaster Mitigation

Figure 6  Example of Practical Use of Realtime
Earthquake Information in Company
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1) Securing Factories or Workplaces
Employees sometimes work at dangerous places or operate dangerous tools or machines in facto-

ries or workplaces. There may be toxic substances such as chemicals or combustible oil etc. It is
necessary to secure the employees and the facilities by their escaping from heights, interrupting the
dangerous works or stopping the dangerous operation of machines as shown in Figure 6. If the realtime
information is sent to the employees before the arrival of the main shocks, preparing for the earthquakes
is easy. It would be better to take action without being nervous of the scales of earthquakes if safety is
prior to all, because there is little economic loss if the information is false. It is important to use the
information considering the balance of safety and economic loss, the accuracy, or the contents if eco-
nomic loss can be caused once a manufacturing process is stopped. In this case, employees may meet
the emergency through the judgment according to the information.
2) Safety Confirmation of Employees

It is easy to confirm the safety of the employees within an office building, while it is difficult to
confirm the safety of the employees in the disaster when they work here and there in factories or
workplaces. If the disaster prevention center established in the company that can take the realtime
earthquake information, and the employees have portable terminals such as cellular phones or PHS that
can be used for both on business and in emergency, they can obtain the information from the center.
When the center sends the earthquake information, it transmits the message at the same time instructing
the employees to send the information about their safety after the earthquake. The employees can pre-
pare for the earthquake by the information before it comes. It becomes easy for the center to grasp the
safety of the employees in the sites after the earthquake. The point is the instruction of safety confirma-
tion is included in the information and the escape from concentration and confusion of communication
lines.

3.3.2 Test of Practical Use
The tests of control of machines and tools or confirmation of the employeeís whereabouts using the

realtime earthquake information are in progress in the Institute of Technology in Shimizu Corporation.
1) Record of Base Isolation Device Movement

The new office building of the institute has the base-isolation system that is supported by isolation
devices on six columns at the first floor as shown in Picture 1. There is a video camera beside one of
the devices for monitoring the movement when the earthquake occurs. Picture 2 is the image from the

Picture 2  Image by Video Camera Biside
Isolation Device

Picture 1  Appearance of Office Building
(Instutute of Technology in Shimizu Cor.)

Figure 7  Result of  Whereabouts Confirmation
of Employees in Office Building
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camera. Recording by the camera based on the realtime earthquake information is in the experimental stage.
If the information is sent from JMA to the institute, the signal is made to start recording before the main shocks
come. Originally the recording system is traceable by connection with the seismograph established in the
institute. The control system by the realtime earthquake information works as a backup.
2) Confirmation of Employees’ Whereabouts

All the employees have personal handyphones usable within the institute. There is a rule in the institute that
they always take the handyphones with them during working, turns off when they go home. Those handyphones
are used not only for communication on business but also for monitoring their whereabouts regularly for the
purpose of effective air condition control etc. The plan will be considered on a trial basis that the realtime
earthquake information is used for starting the monitoring system before the earthquakes come. It makes sure
of the monitoring by avoidance of electrical or mechanical troubles. Figure 7 shows the employees’ where-
abouts on one occasion by the monitoring system. The monitoring system can be effective to the safety
confirmation of the employees because there are a few buildings and a lot of facilities in the site.

3.3.3 Point of Practical Use
The points of the practical use of the information as it stands may be as shown bellow:

1) The measures based on the information of an earthquake occurrence or rough estimation of the
epicenter are the first step of the practical use because the accuracy of the epicenter or the magni-
tude estimated varies according to the earthquakes.

2) It is difficult to apply the information if great economic loss is generated by the practical use, e.g.
the control system of production processes by the information, when the estimated errors are
included in it. The practical use that does not much depend on the accuracy of the information
would be better.

3) When an epicenter is close to relevant cities, e.g. an epicentral earthquake, the preparedness by the
information is limited because the time margin is small or none. On the other hand, the measures
using the information for tall buildings or towers can be effective to the earthquakes which occur in
the far, because the ground motion includes long periods components and they take long time to
come in such cases.

4) After big earthquakes, the communication concentration or the network confusion is easy to gener-
ate as the Hyogo-Ken-Nambu Earthquake. The information is useful for the application with the
aim of avoidance of such communication troubles because in many cases the information is sent
before earthquakes come.

5) Preparing the application using the information leads to the multiplicity of the disaster prevention
measures, as shown in the previous section, because the applications using the information sent
before earthquakes come have not been existed up to now.

4.   SUBJECTS FOR FUTURE STUDY
In order for the realtime earthquake information to be widespread and useful for disaster mitiga-

tion, the subjects as shown bellow should be investigated.
1) Finding Needs: Where or when the realtime earthquake information can be used has not been

investigated enough. Finding needs in various scenes considering the characteristics of the infor-
mation is one of the most important problems.

2) Ascertainment of Accuracy: Verification of the accuracy and improvement of the information are
the problems of the sender. The users of the information should understand the system and ascertain
the accuracy from the viewpoint of the practice.

3) Means of Communication: Economical, rapid and reliable communication is needed for populariza-
tion. Communication using private lines or satellites is not popular at present because of expensive-
ness.
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4) Contents of Information: When the earthquake information is given directly to ordinal people such as
employees or customers, the contents should be examined considering the states of human mind to avoid
confusion or panic.

5) Usual Use and Training: It is easy for the users to receive the information by the experienced ways.
The means of communication which can be used both in usual and in emergency is expected. The
practical measures by the information should be incorporated into the disaster manuals and be
used repeatedly in the disaster prevention training. The efforts of bringing emergency close to
usual are needed.

6) Avoidance of Communication Concentration: Communication concentration is generated frequently
just after earthquakes and it leads the situations to the worse. It is difficult to evaluate or simulate
such situations. Various means of communication should be prepared for emergency to use the
information certainly.

5.   CONCLUSIONS
While the improvement of earthquake-resistance performance of buildings or house is one of the

most important problems in regard to safety of human lives or minimization of economical loss, it is
possible to save many human lives or prevent the damage to spread by using the real time earthquake
information. Realization of the practical use of the information is expected before big earthquakes occur
in near future.
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Abstract: The 2000 Western Tottori earthquake (MJ 7.3), Japan, was caused by a hidden seismic fault
underlying Kasho Dam, a 46 m-high concrete gravity dam.  Strong-motion accelerometers registered
peak accelerations of 2051 and 531 gal at the top of the dam and in the lower inspection gallery,
respectively. Integration of the acceleration records in the gallery gives a permanent displacement of 28
cm to the north, 7 cm to the west, and uplift of 5 cm. The dam survived the earthquake without serious
damage, but the reservoir water level dropped suddenly by 6 cm, followed by damped free vibration that
continued for several hours. Based on numerical simulation and field observation, the water level 
change is attributed to ground displacement in the near field followed by seiching of the reservoir. The
vibration period in the upstream-downstream direction of the dam changed noticeably during the main
shock, probably due to hydrodynamic pressure variations.

1.  INTRODUCTION 

    The 2000 Western Tottori earthquake (MJ 7.3), 
Japan, occurred at 13:30 (local time) on October 6, 
2000. Kasho Dam which lies in the near field of this
earthquake, is a concrete gravity dam with height of 
46.4 m and crest length of 174 m, constructed in 
1989. The full water level of the reservoir is EL 118
m; at the time of the main shock the water level was 
EL 112 m.
    Strong motion accelerometers at the dam
registered peak accelerations of 2051 and 531 gal at 
the top of the dam and in the lower inspection
gallery, respectively (Japan Commission on Large
Dams, 2002). Despite such high acceleration, the 
dam body escaped serious damage. Although no 
increase in water leakage was observed, the 
reservoir water level of the dam recorded a sudden
drop of 6 cm immediately after the main shock, followed by damped free vibration that continued 
for several hours. The drop in reservoir water level was not only a mystery but also raised concern 
among dam engineers. 

Fig. 1  Map showing locations of the 
main shock, aftershocks, and Kasho Dam

The location of the dam is shown in Fig. 1, along with the locations of hypocenters of the main
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shock and aftershocks. The seismic fault appears to run through the Kasho Dam site. No clear trace 
of fault rupturing was observed on the ground surface in the epicentral area (Inoue et al., 2002). The
earthquake therefore appears to have been caused by seismic rupturing of a hidden fault underlying 
the dam site. This paper is reproduction of the authors’ publication (Ohmachi et. al., 2003). 

2.  NEAR-FIELD GROUND DISPLACEMENT

2.1 Ground displacement inferred from strong-motion records
    Three-component strong-motion accelerometers
(seismometers) are installed firmly with bolts on the
concrete floor of the upper elevator room at EL 124.4 
m, and on the concrete floor of the lower inspection
gallery at EL 87.0 m, as shown in Fig. 2. The 
horizontal components of both accelerometers are set 
N-S and E-W (the dam axis is oriented N110ºE). A
floating reservoir water-level meter is also installed in 
a concrete well 0.8 m in diameter.

Reservoir water level meter
Strong-motion accelerometer at the top
(EL124.4m, Upper elevator room）

Strong motion accelerometer near the bottom
（EL87.0m, Lower inspection gallery）

0 20 40 60ｍ

Acceleration records of the main shock captured
at the two seismometer installations are shown in Fig.
3. The earthquake acceleration was sampled at 100 Hz
with 24-bit resolution, with a reliable frequency range 
of DC to 41 Hz. Seismic ground displacement was
estimated by integrating the acceleration histories at 
the lower inspection gallery twice with respect to time.

Fig. 2  Locations of strong-motion
accelerometers and water level meter
at Kasho Dam
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The result in Fig. 4 shows that the dam
underwent different modes of displacement in the 
three directions. In the N-S direction, the dam
displaced linearly to the north with a final permanent
displacement of 27.6 cm. In the E-W direction, the 
displacement varied sinusoidally, with a final 
permanent displacement of 6.5 cm to the west. In the 
vertical direction, the displacement exhibited a sharp
upward peak, with a final permanent uplift of 4.7 cm.
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Fig. 3  Strong-motion acceleration of
the main shock recorded at Kasho Dam

Fig. 4 Displacement histories obtained
by integration of acceleration records
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2.2 Ground displacement from numerical simulation 
Using the fault parameters shown in Table 1 (Geographical 

Survey Institute, 2000), the ground displacement associated with 
the seismic faulting event was simulated using the 3D boundary 
element method (BEM). The seismic fault of the main shock was 
a left lateral strike slip fault with strike of N152ºE. 

Table 1  Fault parameters
used for simulation

 Strike (deg.) 152
 Dip (deg.) 86
 Rake (deg.) -7
 Dislocation (m) 1.4
 Depth of fault (m) 1
 Fault length (km) 20
 Fault width (km) 10

The simulation was conducted for a rectangular area of 23 
km long (N-S) by 17 km wide (E-W), encompassing Kasho Dam
and its reservoir. The ground was simplified as a half-space of 
homogenous elasticity with shear wave velocity of 4 km/s. In the 
first step of the simulation, seismic ground 
displacement was calculated at every node 
of a 500 m  500 m mesh. The result is 
shown in Fig. 5, where thick broken lines 
indicate the projection of the fault plane,
thick solid lines denote the reservoir, and 
thin solid lines are the lines of equal 
displacement. The iso-displacement lines are 
almost parallel to the fault projection in the 
vicinity of the reservoir, indicating uplift to
the northeast of the reservoir and settlement
to the southwest. 

(a) (b)The displacement in the area indicated 
by the solid lines in Fig. 5(a) was 
interpolated, with the result as shown in Fig. 
5(b). The profile of the reservoir is drawn 
along the altitude of the design flood water 
level (EL123.2 m). Kasho Dam is located at 
the north end of the reservoir.

Fig. 5  Vertical ground displacement
evaluated from simulation by (a) BEM
and (b) its interpolation
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The histories of ground displacement
around the dam obtained from the 
interpolation of the simulated displacement
are plotted in Fig. 6. The histories appear 
very similar to the recorded displacement
histories in Fig. 4, although the amplitudes
are slightly smaller. The simulated 
permanent ground displacement at the dam
is 10.9 cm to the north and 0.1 cm to the 
west, with uplift of 2.5 cm. The horizontal 
displacements shown in Figs. 4 and 6 are 
plotted in Fig. 7 in terms of motion
trajectories. It is interesting to note that both
trajectories in Fig. 7 have common features, 
such as the direction of initial motion,
elliptic motion in the final stage, and a large
transient shift to the NE or NNE. 

Fig.6  Ground displacement at
Kasho Dam simulated by BEM 
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2.3 Comparison of vertical displacements from simulation and ground survey 
Following the main shock, a ground survey was conducted at 65 points along the reservoir as

shown in Fig. 8, in which straight lines A to D are parallel to the fault projection shown in Fig. 5. 
Taking the distance from line A as a reference, the vertical displacements from the simulation and
the survey are shown in Fig. 9. The displacements from the survey are almost three times that 
indicated by the simulation, and larger particularly between lines B and C. The differences could be 
attributed to several factors such as inaccurate parameters used in the simulation and the effects of 
local site conditions, as well as the effect of the many aftershocks, which were not considered in the
simulation.
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Fig. 9 Comparison of vertical displacements
evaluated from the simulation and survey 

Fig. 8  Observation points along
the reservoir for the ground survey

2.4 Comparison with readings of a plumb line 
To detect relative displacement between the 

top and bottom of the dam, a plumb line is 
installed in a vertical shaft 30 cm in diameter.
The upper end of the steel plumb line is fixed to 
the floor of the upper elevator room, next to the 
strong motion accelerometer, and the weight on
the lower end is housed in a measurement device
located at EL 89.5 m in the lower inspection 
gallery. Automatic measurement is usually
conducted only a few times a day. Readings from 
the measurement during October 3 and October
13 are plotted in Fig. 10. The main shock 
induced a relative displacement of –2.8 mm in 
the x (right-bank) direction, and 0.7 mm in the y
(upstream) direction, with a resultant displacement of 2.9 mm.

If the relative displacement indicated by the plumb line readings is attributed to an inclination of 
the dam body caused by earthquake-induced ground displacement of the dam foundation, the
inclination will be quantitatively given by the resultant displacement divided by the length of the
plumb line; 2.9/34900 = 8.3  10-5. In the vicinity of the dam, the inclination of the 
earthquake-induced ground displacement estimated from the simulation is 6  10-5, as shown in Fig. 
9. Although this differs slightly from the inclination determined from readings of the plumb line in 
terms of magnitude and direction of inclination, it is reasonable to surmise that the dam site was 
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displaced by the seismic faulting of the main shock, as inferred from integration of the 
strong-motion acceleration. 

3. CHANGE IN RESERVOIR WATER LEVEL 

3.1 Records of reservoir water level 
The reservoir water level is continuously recorded, and the history around the time of the 

earthquake is shown in Fig. 11. The upper and lower histories in Fig. 11 are the records with low 
and high resolutions, respectively. The records indicate that the water level dropped suddenly by 
about 6 cm at the time of the main shock, followed by damped free vibration that continued for 
several hours. 

The water level record was roughly reproduced from the readings of successive peaks and 
troughs of the original record. The Fourier spectrum of the reproduced history is shown in Fig. 12, 
which shows the free-vibration period of 6.5 min and a damping ratio of 2%. 

Fig. 13  Schematic explanation of water
level change caused by ground displacement
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Fig. 12  Reproduced free-vibration
history of the corresponding spectrum

Fig. 11 Records of reservoir water level
at Kasho Dam

3.2 Cause of the sudden drop in reservoir water level 
The seismic faulting gave rise to uplift of 

the dam body and a change in the ground slope 
of the base of the reservoir as a result of 
near-field ground displacement. These factors 
are regarded to be the main cause of the sudden 
drop in reservoir water level. A schematic
explanation is shown in Fig. 13, where the dam
and ground slope before and after the main
shock are indicated by thin and thick lines, 
respectively. In the figure, H1 is the water 
level change due to the increased reservoir 
capacity estimated from the average settlement
of the reservoir area, and H2 is the water level change due to uplift of the dam. Using the simulated
displacement shown in Fig. 5, H1 and H2 are –1.5 and 2.5 cm, respectively, with a corresponding
water level change of –4.0 cm ( H = H1 + H2), in reasonable agreement with the observation of 
–6.0 cm.

ΔH2（+2.5cm）

ΔH1（-1.5cm）

3.3 Seiching of the reservoir
Free vibration of a water body such as a reservoir is referred to as seiching (Lamb, 1932). The 

fundamental period T for a rectangular reservoir is approximated by 
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where a and h are the length and depth of the reservoir, and g is acceleration due to gravity.
Introducing a ≒ 2 km and h ≒ 10 m into Eq. (1) for Kasho Dam gives a period of T ≒ 7.0 min,
which is fairly close to the observed period of free vibration (6.5 min). Accordingly, the free 
vibration is thought to be mainly due to the fundamental mode of the seiche. Based on this result, 
the seiching was simulated using a numerical technique recently developed for tsunami simulation
(Ohmachi et al., 2001). The technique basically involves solving the Navier-Stokes equation for the 
system using a 3D finite difference method (FDM). 

In the present simulation, for the sake of simplicity, the dam and ground were assumed to be
rigid. The initial water surface was supposed to have the same slope as that given from the 
simulated ground displacement, and then it was released under the force of gravity to induce free 
vibration of the reservoir. The water level history at the dam is shown in Fig. 14, from which the 
period of the simulated seiche is found to be 7.5 min (450 s). 
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Fig. 14 History of simulated seiche at Kasho Dam

4. CHANGE IN VIBRATION PERIOD OF THE DAM

The response characteristics of the dam were 
analyzed by transforming the two horizontal 
components of the strong-motion records in the 
N-S and E-W directions shown in Fig. 3 into the 
upstream-downstream and dam-axis directions. 
The transformed acceleration histories are shown
in Fig. 15. After transformation, the peak 
accelerations at the top of the dam were 2100 and 
1684 gal in the upstream-downstream and 
dam-axis directions, respectively, and the peak
accelerations in the lower inspection gallery were 
503 and 570 gal. 

The acceleration histories were divided into
four 5.12-s samples as indicated in Fig. 15. At the 
top of the dam, peak accelerations in the
upstream-downstream direction in these time
segments were 491, 2100, 531 and 227 gal. The 
amplification factors between the top and the 
lower gallery, calculated by taking the Fourier
spectral ratios between pairs of segments, are 
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shown in Fig. 16. In the upstream-downstream direction 
shown, the main peak is at around 0.1 s, which appears to 
be associated with the fundamental mode of dam vibration. 
The peak periods of these amplification factors are 0.84, 
0.96, 0.92 and 0.87 s for segments 1 through 4. Thus, 
during the main shock, the peak period was initially 
lengthened and then shortened, with a change exceeding
10%. 100
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Lengthening of the vibration period during strong 
earthquake shaking is often caused by non-linearity of 
material properties. In the present case, however, because
the lengthening is seen in the upstream-downstream
direction only, and the period shortened shortly after,
factors other than the non-linear properties seem to be 
responsible for the change in the period. One of the 
probable factors is hydrodynamic pressure acting on the 
upstream face of the dam, which would change in
proportion to the intensity of earthquake acceleration 
(Westergaard, 1933). 

At Kasho Dam, strong-motion acceleration was well 
recorded during not only the main shock but also 
aftershocks as listed in Table 2 (Japan Commission on 
Large Dams, 2002), which shows peak accelerations for 
the upstream-downstream direction. It should be noted in 
Table 2 that the reservoir water level at the time of the 
earthquakes was almost at the same, between EL 112.20 m 
and EL 110.93 m. From the acceleration records of the
aftershocks, the peak periods in the upstream-downstream
direction were similarly obtained and plotted against peak 
accelerations at the top of the dam, with the result as
shown in Fig. 17. The peak period tends to increase with 
peak acceleration, as indicated by a broken line in the 
figure, although the plotted periods are somewhat scattered. 
Further study is therefore necessary in order to identify
with certainty the factors responsible for the period
change. Fig. 16  Amplification factors

between the dam top and the
lower inspection galleryTable 2  Main shock and aftershocks

recorded at Kasho Dam in the 2000
Western Tottori earthquake
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Fig. 17 Peak periods of the dam in
the upstream-downstream direction
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5.  CONCLUSIONS 

Kasho Dam, a concrete gravity dam, was located in the near field of the 2000 Western Tottori 
earthquake (MJ 7.3), which was caused by a hidden seismic fault. The strong-motion acceleration at 
the dam exceeded 2000 gal at the top of the dam and 500 gal in the lower inspection gallery during 
the main shock. Despite such large acceleration, the dam survived the earthquake without serious 
damage. However, the reservoir water level dropped considerably immediately after the main shock, 
and the vibration period of the dam varied by more than 10% during the main shock. The causes 
and effects of these observations were investigated in the present study, with the following 
conclusions.

The seismic rupturing of the hidden fault gave rise to not only dynamic but also permanent 
displacements at the dam site. Integration of the strong-motion acceleration observed in the lower 
inspection gallery gave a permanent displacement of 28 cm to the north, 7 cm to the west, and uplift 
of about 5 cm. 

The sudden 6-cm drop in reservoir water level observed immediately after the main shock has 
been attributable to the permanent displacement of the ground in the near field of the earthquake. 
The free vibration of the reservoir water level following the sudden drop is interpreted as seiching 
of the reservoir water, characterized by a period of 6.5 min with a damping ratio of 2%. 

The plumb line installed at the dam indicated a relative displacement of 2.9 mm between the 
top of the dam and the lower inspection gallery. This relative displacement is attributable to the 
incremental inclination of the dam foundation induced by the near-field ground displacement. 

During the strong shaking of the main shock, the vibration period of the dam body exhibited a 
noticeable transient increase in the upstream-downstream direction. It is probable that the change in 
the period resulted from changes in the hydrodynamic pressure acting on the upstream face of the 
dam. Further study will be required in order to examine this effect in more detail. 
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ABSTRACT:  The major development in urban earthquake engineering in the last 10 years is 

the concept of performance based design.  A crucial feature of this new design approach is 

recognition of the impact of flexibility of foundations on the seismic demand and seismic 

response of structures.  The challenge for geotechnical engineers is to characterize the actions 

of the foundation-soil system effectively in a manner compatible with commercial software 

used in design practice. The state of practice for characterization of the actions of the 

foundations on structural response is reviewed and the effectiveness of various approximate 

approaches are evaluated. 

 

 

1.0 INTRODUCTION 

 

Traditionally the objectives of seismic design codes for structures were to protect life safety 

under the extreme events envisioned by the codes and to maintain serviceability under the 

smaller events with a greater probability of occurring during the life of the structure.   During 

the 1985 Loma Prieta earthquake in California the life protection objective was met but the 

level of damage was considered high for such a short duration, moderate earthquake.  The 

direct costs of repair or replacement of buildings and in many cases huge indirect losses due 

to business interruption motivated the progressive structural engineers of California to 

critically review the design concepts and propose the idea of performance based design. 

 

The concept underlying performance based design is to design for an acceptable damage level 

specified by the owner.   The range of performance options is illustrated in Fig.1. Note that 

along the capacity curve for the structure, potential performance options are defined in terms 

of global displacement.  The effectiveness of a performance based design is assessed by an 

appropriate nonlinear analysis that establishes the demand on capacity in terms of global 

displacement.  The location of the calculated performance point on the capacity curve relative 

to the desired performance point is a measure of how design meets the design criteria.    

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 1.  Performance levels for seismic design (modified from (1)) 
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A nonlinear pushover analysis is commonly advocated but it is recognized that in some cases 

a nonlinear dynamic analysis may be required.   For an evaluation analysis to be valid, the 

structural model must include all elements of the building-foundation-soil system that 

significantly affect the seismic demand and response of the structure.  Hitherto the seismic 

demand for code designed buildings was determined assuming that the structure rested on a 

rigid base.   The actions of the foundations were completely ignored.   The demands of 

performance based design make it imperative to include the effects of soils and foundations 

on seismic demand and structural response.  

 

The first detailed examination of how to include the actions of the soils-foundation system in 

code design provisions was presented in a report by the Applied Technology Council (2) in 

which tentative provisions for seismic regulations were advanced.   This procedure was based 

on the work of Veletsos and Wei (3).  Veletsos et al (4) presented an updated review of these 

issues in a state of the art paper to the 9th
 World Conference on Earthquake Engineering in 

Tokyo.  They noted that a proper analysis of the physical system of structure, foundation and 

foundation soils was necessary to get reliable estimates of structural demand and seismic 

response.  They evaluated the relative contributions of kinematic and inertial interactions and 

concluded that inertial interaction had the greatest influence.   These studies were based on 

analyses of a simple elastic structure on a rigid mat foundation welded to a homogeneous, 

elastic half space.  Today the technology is available to consider flexible foundation elements 

and nonlinear soil response.   

 

Investigations of structural performance during earthquake loading have confirmed the 

importance of treating the structure, foundation and foundation soils as a complete system.   

Wallace et al. (5) analyzed the seismic response of two 10-storey buildings designed and built 

in the 1970’s.   The buildings were instrumented to record strong motions.  One building, in 

Northern California, was analyzed for the motions recorded during the 1984 Morgan Hill 

earthquake (Ms=6.2). The second building, in Southern California, was analyzed for the 

motions recorded during the Whittier earthquake (Ms=5.9).   Good correlation was achieved 

between computed and recorded motions, when the flexibility of the foundation–soil system 

and cracked section properties were taken into account.   Otherwise the correlation was poor.   

 

The authors also evaluated the response of shear wall buildings in Chile that performed 

unexpectedly well during the 1985 Chilean earthquake.  On the basis of conventional rigid 

base analysis these buildings had a ductility demand of 3 and should have suffered 

appreciable damage.  However, when the effects of foundation flexibility were taken into 

account, the ductility demand dropped to 2.  The beneficial effects of foundation flexibility 

were an important factor leading to the good performance. 

 

Foundation flexibilities in the cases discussed above were all based on treating the soil 

response as elastic.  More recent developments consider the nonlinear response of the soil to 

strong shaking.  Furthermore allowing uplift during rocking and permitting yielding of the 

foundation soils is being advocated to reduce seismic demand on structures.   These new 

advances are important developments for performance based design of new buildings but are 

even more important for developing cost effective retrofit strategies.   Retrofitting to meet 

current code demand levels can be prohibitively expensive. The inclusion of foundation 

flexibility gives a more realistic picture of where retrofits are critical and can lead to lower 

seismic demand.   These benefits result in more cost effective retrofits. 

 

Clearly to evaluate a performance based design or the capacity of retrofitted building requires 

a realistic computational model of the structural system.   This, in turn, requires a way of 

characterizing the actions of foundations and supporting soils on structural response that is 

compatible with available commercial computational software for structural analysis.    

 

In this paper methods of characterizing both shallow and pile foundation will be presented.    

- 318 -



 3

2.0 CHARACTERIZATION OF SHALLOW FOUNDATIONS FOR STRUCTURAL 

MODELS   

 

 

2.1 Spring models 

 

The simplest way of modeling the force–displacement behavior of a shallow foundation to the 

seismic actions imposed on it by the structure is by means of discrete uncoupled elastic 

springs as shown in Fig. 2 (7)  The footing is assumed to be a rigid plate, welded to a semi-

infinite, homogeneous, elastic half-space.  The stiffnesses of the translational and rotational 

springs are determined from published solutions.   Surface stiffnesses for a rigid, circular plate 

on a semi-infinite homogeneous half space, published by Gazetas (6), are frequently used.   

Charts of shape and embedment factors to modify the surface stiffnesses of the circular plate 

for the effects of noncircular shape and depth of embedment are given in NEHRP (8).     

 

It is more common to use Winkler springs, shown also in Fig. 2.  These eliminate the 

rotational spring and facilitate the study of foundation uplift.  The vertical springs in the 

Winkler model must be selected to represent both the vertical and rotational stiffnesses, if 

both stiffnesses are to be included in the analysis at the same time.  One method for doing this    

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

                        Fig. 2.      Spring models for a spread footing (after (7)) 
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is shown in Fig. 3 (8).   The exterior stiffnesses in the B/6 wide end zones of the footing are 

assigned a stiffness of  

 

kend =6.83G/(1- µ)B                                                                                                                  (1) 

 

and, in the mid-section, of                                                                                                                   

 

kmid =0.73G/(1- µ)B                                                                                                                  (2) 

 

Here k represents the stiffness/unit area, G is the shear modulus, µ is the Poisson ratio and B 

is the width of the footing.  The distributed unit stiffnesses may be converted to individual 

spring stiffnesses, Ki, as shown in Fig.3, where Ki is given by 

 

Ki = Li k B                                                                                                                                 (3) 

 

Here Li is the length contributing to the stiffness of spring Ki. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 3.  Combined translation and rocking model for a footing (modified from (8)) 

 

In practice the modulus G is not constant with depth.  Selection of a single representative 

value requires experience and a good knowledge of the dynamic response of surface footings.   

Little direct guidance is provided in the literature. 

 

The response of soils to strong shaking is nonlinear, therefore the modulus used in the 

formulae to compute the translational and rotational stiffnesses should reflect the average 

effective moduli in the ground during shaking.   An approximate way of modifying the 

effective, small strain elastic modulus, Go, to the effective modulus, G, during to account for 

nonlinearity is to estimate the ratio, G/ Go, from Table 1 (adapted from (8)). 
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Table 1   Effective shear moduli G as a function of shaking intensity (8)   

-------------------------------------------------------------------------------- 

Modulus Ratio                    Effective Peak Acceleration 

--------------------------------------------------------------------- 

                                            0.10                       0.70  

------------------------------------------------------------------------  

 G/ Go 

                                 0.50                        0.20 *                                                                     

-------------------------------------------------------------------------- 

* 1. Site specific values from a geotechnical site investigation may be used  

   2. Use linear interpolation for intermediate values  

 

 

2.2 Rocking with Uplift and Yielding 

 

The effect of incorporating rocking, without uplift, into the computational model of a 

structure is to increase the fundamental period of vibration.  This leads to a reduction in 

seismic base shear for taller buildings in designs based on code response spectra because the 

fixed based periods of these structures are associated with the longer period region of the code 

spectrum where spectral amplitudes decay with increasing period. 

 

It is very expensive to prevent uplift in taller building on fully occupied city lots.    Typically 

it involves massive foundation slabs and/or soil anchors.  Structural engineers consider that 

uplift can be allowed.   Housner (9) was one of the first to study in detail the behavior of 

rocking structures with uplift.  One important conclusion of his work was that the evaluation 

of the stability of rocking structures could not be based on the static application of the 

dynamic forces causing rocking.  

 

Rocking can be evaluated using the Winkler model by allowing separation to occur between 

structure and the spring with the onset of tension.  The analysis may be conducted keeping the 

springs elastic.  Uplift response is highly geometrically nonlinear.   It results in an increase of 

period and damping.  Uplift may result in a reduction in demand but it does so at the expense 

of increased global displacements. 

 

Idealized stress distributions that may occur under a rocking foundation are shown in Fig.4 

The stress at the compressive edge is limited by the yield pressure qu of the soil.   Rocking 

with uplift and yield was investigated in detail by Bartlett (10).for a clay foundation.  He 

developed the theory for the relationships between overturning moment and foundation 

rotation.   A very detailed and lucid description of uplift with soil yielding and how it affects 

seismic demand and response is given by Martin and Lam (11).   They discuss at length how 

to incorporate uplift with soil yield into seismic design procedures.    

 

From Fig. 4 it may be seen that, when the ratio of applied pressure, q, from a concentric load, 

P, to the yield pressure, qu, is q/qu, < 0.5, uplift occurs before yielding takes place.    

Otherwise soil yielding occurs first.   The moment capacity of the footing, Mc, when full 

yielding occurs is given by 

 

Mc = PL (1-q/qu)/2                                                                                                                   (4) 

 

Martin and Lam studied the impact of uplift with soil yielding on the seismic demand and 

retrofit strategy for a 8-storey building.   They found that rocking and compressional yielding 

occurred early in the response and over two thirds of the deformation demand was absorbed  

by the foundation soils.  This reduced the demand on the capacity of a shear wall so that the 

structure met life safety requirements.  One surprising and significant finding from their study 

was that variations in stiffness and strength between 67% and 150% did not lead to a 

significant change in behavior.  They concluded from this that the response was much more 
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  Fig. 4.  Idealized stress distributions for rigid footings subjected to overturning moment    

               (after (8)) 

 

sensitive to nonlinear rocking than to exact soil properties. 

 

The benefits of rocking and uplift come at the price of increased displacement.  Most of the 

analyses of the effects of rocking have been conducted on structures with one dominant 

structural system.   For structures with combined systems such as shear walls and moment 

resisting frames, the reduction in demand in one system may transfer demand to the other 

system.    

 

 

3.0  CHARACTERIZATION OF  PILE FOUNDATIONS 

 

.  A major weakness in some models is the inadequate representation of the effects of the 

foundations on the structure, especially of pile foundations.  The actions of pile foundations 

are represented by discrete, single valued springs to model rotational and translational 

stiffnesses and any coupling between these springs is usually ignored.  The spring stiffnesses 

are frequently estimated using approximate, simplified methods of unknown reliability.  This 

is a natural consequence of the complexity of a full 3-D nonlinear dynamic analysis of pile 

foundations.  Even for the elastic case, only a limited number of 3-D parametric studies have 

been published.  These have focused mainly on providing dynamic interaction factors 

between piles in small groups or frequency dependent stiffnesses and damping for single piles. 

 

A complete picture of the effects of the foundation on the structure during strong earthquake 

shaking requires taking simultaneously into account many factors such as soil non-linearity, 

seismically induced pore water pressures, kinematic interaction between piles and soil, 

inertial interaction of the superstructure with soil and piles and dynamic interaction between 

the piles themselves.  All of these factors can be taken into account by a non-linear, effective 

stress, dynamic, continuum analysis.  Such an analysis provides time histories of direct and 

coupled foundation stiffnesses and demonstrates the effects of kinematic and inertial 

interactions, the effects of pore water pressures and soil nonlinearity.  One prime benefit of 

such analyses, in addition to their use in the context of a specific design, is that results of 

parametric studies provide the data base for evaluating the effectiveness of the various 

approximate methods in use. 

 

A comprehensive overview of the behavior of pile foundations during earthquakes using non-

linear dynamic effective stress continuum analysis is presented here.  The presentation is 
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limited to nonliquefiable soils.   It is hoped that the overview will useful in providing a 

framework for exercising judgment and an understanding of the limitations of approximate 

methods that facilitates the selection of an appropriate method for a particular application. 

 

 

4.0   METHODS OF ANALYSIS 

 

The pile foundation-structure system vibrates during earthquake shaking as a coupled system. 

Logically it should be analyzed as a coupled system.  However this type of analysis is 

generally not feasible in engineering practice.  Many of the popular structural analysis 

programs do not include the pile foundation directly into a computational model.  Therefore 

the pile head stiffnesses are typically calculated by analyzing the pile foundation without any 

mass contribution from the superstructure.  The analysis is done usually for a single pile and 

the group stiffnesses are evaluated using pile interaction factors, often static factors, or a 

group reduction factor. 

 

Seismic analysis of a pile foundation for design purposes is often conducted by applying the 

base shears and moments from a fixed base analysis of the structure to the pile head and using 

a static analysis to estimate moments, shears and displacements in the piles.  The most 

common approach to such an analysis is to use a Winkler spring computational model.  A 

general Winkler model is shown in Fig. 5 which can be used for static or dynamic analysis.  

For static analysis, only the pile and the near field springs are used. 

 

The springs may be elastic or nonlinear.  Some organizations, such as the American 

Petroleum Institute [12], gives specific guidance for the development of nonlinear load-

deflection (p-y) curves as a function of soil properties to represent nonlinear springs.  The API 

(p-y) curves, which are widely used in engineering practice, are based on data from static and 

slow cyclic loading tests in the field. Murchison and O’Neill [13] suggest that the reliability 

of the Winkler (p-y) model may not be high. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 5:  Dynamic Winkler computational model for pile analysis. 

 

The simple static analysis neglects many important factors that affect the seismic response of 

the structure-soil-foundation pile system. Inertial interaction between structure and foundation 

is neglected.  This interaction increases the nonlinear behavior of the soil and reduces pile 

head stiffnesses.  These effects increase the period of the system and change the spectral 

response and hence the base shears and moments.  The kinematic moments are also neglected.  

These moments arise from the pressures generated against the pile to ensure that the seismic 

displacements of soil and pile are compatible at points of contact along the pile.  These 

moments, which can be captured by a full dynamic analysis, can be significant in layered soils 
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with soft or liquefiable layers, especially for large diameter piles.  Finally the effects of high 

pore water pressures and liquefaction on the base moments and shears are treated very 

approximately. The effects of the neglected factors on pile design vary with the intensity of 

shaking, site conditions and the details of the pile foundation.  As will be seen later, 

sometimes these factors are important and sometimes not.  Intelligent use of such approximate 

methods requires a good understanding of how pile foundations behave during earthquakes. 

The prime objective of this paper is to provide such an understanding. 

 

A more realistic computational model that is still relatively simple to use is the dynamic 

Winkler model in Fig. 5 [14].  The free field accelerations may be computed using a 1-D 

program such as SHAKE [15] and applied to the ends of the near field springs. This ensures 

that the kinematic interaction of the vibrating ground with the pile is taken into account 

approximately.  The problem with this method is that the reliability of the p-y curves used in 

practice for dynamic analysis has not been established. 

 

Finn and Thavaraj [16] have shown that a dynamic analysis version of the Winkler model 

using cyclic p-y curves may prove quite unreliable for seismic response analysis during strong 

shaking on the basis of centrifuge tests on model piles in dry sand.  Several investigators have 

studied the applicability of the standard North American p-y curves to pile foundations in 

liquefiable soils and found them unsatisfactory also [17-20].  To take the effects of high pore 

water pressures into account, the p-y cures were degraded by multiplying the ordinates by a 

factor p, called the p-multiplier which ranged in value from 0.3 to 0.1 [17-19]. While it was 

possible to calibrate the p-y curves for a specific test [7], it was not possible to develop a 

general curve that could be used for all tests [20]. 

 

An alternative to the Winkler type computational model is to use a finite element continuum 

analysis based on the actual soil properties.  Dynamic nonlinear finite element analysis in the 

time domain using the full 3-dimensional wave equations is not feasible for engineering 

practice at present because of the time needed for the computations.  However, by relaxing 

some of the boundary conditions associated with a full 3-D analysis, Finn and Wu [21] and 

Wu and Finn (22,23) found it possible to get reliable solutions for nonlinear response of pile 

foundations with greatly reduced computational effort.  The results are accurate for excitation 

due to horizontally polarized shear waves propagating vertically. Wu and Finn [22,23] give a 

full description of this method and of numerous validation studies. The method is 

incorporated in the computer program PILE-3D. An effective stress version of this program, 

PILE-3D-EFF that can generate and incorporate seismic pore water pressures, has been 

developed by Thavaraj and Finn [24] and validated by Finn et al [25] and Finn and Thavaraj 

[16], in cooperation the geotechnical group at the University of California at Davis.   

Seismic response analysis is usually conducted assuming that the input motions are 

horizontally polarized shear waves propagating vertically. The PILE-3D model retains only 

those parameters that have been shown to be important in such analysis.  These parameters 

are the shear stresses on vertical and horizontal planes and the normal stresses in the direction 

of shaking.  The soil is modeled by 3-D finite elements as shown in Fig. 6.  The pile is 

modeled using beam or volume elements.  

The pile is assumed to remain elastic, though cracked section moduli are used for concrete 

piles, when displacements exceed specified threshold values.  This assumption is in keeping 

with the philosophy that the structural elements of the foundation should not yield.  This 

requirement cannot always be met.  If the pile shaft is projected upwards prismatically to act 

as a column, then any yielding is likely to occur in the buried portion of the shaft. 

The constitutive soil model is equivalent linear with strain dependent shear modulus and 

damping.  The strain dependence relations developed by Seed and Idriss [26] were used in the 

analyses described later.  The equations of motion are formulated in the time domain.  This 

allows the modulus and damping to be updated continually during earthquake shaking to 

maintain compatibility with shear strain level for the duration of analysis.  A yield condition  
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Fig. 6: Soil-pile model for analysis. 

 

is incorporated consistent with the shear strength of the soil and no tension is allowed to 

develop between the soil and the pile. 

 

A comprehensive picture of the behavior of pile foundations during earthquakes and how pile 

foundations affect structural response will be developed by detailed analyses of specific 

practical examples.  The behavior of pile foundations in non-liquefiable soils will be 

examined in the context of the seismic response of a bridge on pile foundations.    

 

5.0   SEISMIC RESPONSE ANALYSIS OF AASHTO (1983) CODE BRIDGE 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 7: Three span box girder bridge on pile foundations (after (27)). 
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A three span continuous box girder bridge structure, shown in Fig. 7, was chosen for the 

numerical studies of pile foundations in non-liquefiable ground.  A rigid base version of this 

bridge is used as an example in the guide to the seismic design of bridges published by the 

American Association of State and Transportation Highway Officials [27].  The sectional and 

physical properties of the superstructure and the piers were taken from [27]. 

 

Each pier is supported on a group of sixteen (4×4) concrete piles. The diameter and length of 

each pile are 0.36 m and 7.2 m respectively.  The piles are spaced at 0.90 m, center to center.  

The Young’s modulus and mass density of the piles are E = 22,000 MPa and ρ = 2.6 Mg m-3
 

respectively.   

 

The soil beneath the foundation is assumed to be a nonlinear, hysteretic continuum with unit 

weight, γ = 18 kNm-3
 and Poisson’s ratio, µ = 0.35. The low strain shear modulus of the soil 

varies as the square root of the depth with values of zero at the surface and 213 MPa at 10 m 

depth.  The variations of shear moduli and damping ratios with shear strain are those 

recommended by Seed and Idriss [26] for sand.  The surface soil layer overlies a hard stratum 

at 10 m. For the Pile-3D finite element mesh, the foundation soil was divided into 10 sub-

layers of varying thicknesses.  The thickness decreased towards the surface where soil-pile 

interaction effects are stronger.  Brick elements were used to model the soil around the piles 

and beam elements were used to model the piles. 

 

The input acceleration record used in the study was the first 20 seconds of the N-S component 

of the free field accelerations recorded at CSMIP Station No.89320 at Rio Dell, California 

during the April 25, 1992 Cape Mendocino Earthquake.  The power spectral density of this 

acceleration record shows that the predominant frequency of the record is approximately 2.2 

Hz. 

 

 

6.0   PILE CAP STIFFNESSES  

 

The pile cap stiffnesses of the pile foundation shown in Fig. 7 will be determined for two 

different ratios of the column/foundation stiffness ratio, 7% and 50%. A PILE 3-D analysis is 

conducted first and the spatially varying time histories of modulus and damping are stored.  

Then an associated program PILIMP calculates the time histories of dynamic pile head 

impedances using the stored data.  The dynamic complex impedances are calculated at any 

desired frequency by applying a harmonic force of the same frequency to the pile head and 

calculating the generalized forces for unit generalized displacements. In this paper, discussion 

will focus on the stiffnesses, the real parts of the complex impedances, as these are the 

parameters of primary interest for current practice.  The stiffnesses are calculated first without 

taking into account inertial interaction between the superstructure and the pile foundation.   

This is the usual condition in which stiffness is estimated either by elastic formulae, static 

loading tests, or static analysis. The stiffnesses are calculated also taking the inertial effects of 

the superstructure into account.  In this latter case, both kinematic and inertial interactions are 

taken into account at the same time.  Since the entire pile group is being analyzed, pile-soil-

pile interaction is automatically taken into account under both linear and non-linear conditions.  

Therefore the usual difficult problem of what interaction factors to use or what group factor to 

apply is avoided. 

 

Time histories of lateral and cross coupling stiffnesses are shown in Figure 8; rotational 

stiffness in Fig. 9. These stiffnesses, resulting from kinematic interaction only, were 

calculated for the predominant frequency of the input motions, f = 2.2 Hz.  It is clearly not an 

easy matter to select a single representative stiffness to characterize a discrete single valued 

spring to be used in structural analysis programs to represent the effects of the foundation.  In 
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the absence of a nonlinear analysis, probably a good approach to including the effects of soil 

nonlinearity on stiffness is determine the vertical distribution of effective moduli using a  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 8: Time history of lateral and cross-coupled stiffness under strong shaking. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 9: Time history of rotational stiffness under strong shaking. 

 

SHAKE [15] analysis of the free field and calculate the stiffnesses at the appropriate 

frequency using these moduli. The constant stiffnesses calculated in this way are shown also 

in Figs. [8]  and [9].  These are kinematic stiffnesses.  .   

 

 

7.0   RESPONSE OF CODE BRIDGE TO TRANSVERSE EARTHQUAKE  LOADING 

 

7.1   Finite Element Model of the Bridge Structure 

 

A three dimensional space frame model of the bridge is shown in Fig. 10. At the abutments, 

the deck is free to translate in the longitudinal direction but restrained in the transverse and 

vertical directions.  Rotation of the deck is allowed about all three axes.  The space frame 

members are modeled using 2-noded 3-D beam elements with twelve degrees of freedom, six 

degrees at each end. The bridge deck was modeled using 13 beam elements and each pier was 

modeled by 3 beam elements.  The cap beam that connects the tops of adjacent piers was 

modeled using a single beam element. The sectional and physical properties of the deck and 

the piers are those provided in the AASHTO guide [27].  The pier foundation is modeled 

Constant Stiffnesses Using
Moduli From SHAKE Analysis
           Lateral  (MN/m)
           Cross-Coupling
                (MNm/rad)

Variable Stiffesses
From Direct PILE-3D Analysis
          Lateral  (MN/m)
          Cross-Coupling

               (MNm/rad)

           From PILE-3D Analysis

           Using Moduli from SHAKE Analysis
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using a set of time-dependent nonlinear springs and dashpots that simulate exactly the time 

histories of stiffnesses and damping from the PILE-3D analyses. 

The response of the bridge structure was analyzed for different foundation conditions to study 

the influence of various approximations to foundation stiffnesses and damping using the 

computer program BRIDGE-NL [28]. 

 

The free field acceleration was used as the input acceleration and the peak acceleration was 

set to 0.5g. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 10: Stick model of the bridge with the foundation springs and dashpots. 

 

 

7.2   Foundation Conditions for Analyses 

 

The seismic response of the bridge to transverse earthquake loading was analyzed for the four 

different foundation conditions listed below. 

1. Rigid foundation and fixed base condition is assumed 

2. Flexible foundation with elastic stiffness and damping 

3. Flexible foundation with kinematic time dependent stiffness and damping 

4. Flexible foundation with stiffness and damping based on the ‘SHAKE’ effective moduli. 

 

The fundamental transverse mode frequency of the computational model of the bridge with a 

fixed base was found to be 3.18 Hz. This is the frequency quoted in the AASHTO-83 guide 

[27]. This agreement in fundamental frequencies indicates an acceptable structural model.  In 

this analysis, the lateral stiffness of the bridge pier is only 7% of the foundation stiffness. For 

this extremely low stiffness ratio, the columns control the fundamental frequency of the 

bridge and the influence of the foundation is negligible. Results from analyses in which the 

column/foundation stiffness ratio is 50% will be presented here.  The stiffness ratio was raised 

by increasing the stiffness of the piers only, with no changes to the super-structure.  Normally 

much stiffer piers would imply a heavier superstructure and therefore higher inertial forces. 

 

For a 50% stiffness ratio, the fixed base fundamental frequency of the bridge is 5.82 Hz.  

When the stiffnesses associated with low strain initial moduli are used, the fundamental 

frequency is 4.42 Hz, a 24% reduction from the fixed base frequency.  With kinematic strain 

dependent stiffnesses, the frequency reached a minimum value of 3.97 Hz during strong 

shaking, a 32% reduction from the fixed base frequency. When the foundation stiffnesses are 

based on effective shear moduli from a ‘SHAKE’ analysis of the free field, the frequency is 

4.18 Hz, a 28% change from the fixed base frequency.  Fig. 11 shows the variation with time 

in fundamental transverse modal frequency for the different foundation conditions. 
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Fig. 11: Time history of the frequency of first transverse mode. 

 

The response of the bridge deck at Bent 2 (Node No. 5 in Fig. 10) was computed for two 

cases: the fixed base case and a flexible foundation with kinematic time dependent stiffnesses. 

The effect of including the foundation flexibility is shown in Fig. 12. There is a dramatic 

change in the deck displacement during the strong shaking, when the foundation flexibility is 

included in the model. The peak displacement increased from 7mm to 17mm.   

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 12: Effects of foundation flexibility on deck displacement. 

 

 

8.0   INERTIAL INTERACTION OF STRUCTURE AND PILE 

 

The time dependent stiffnesses used in the analyses described above were computed without 

taking the inertial interaction of superstructure and foundation into account.  The primary 

effect of this interaction is to increase the lateral pile displacements and cause greater strains 

in the soil. This in turn leads to smaller moduli and increased damping.   The preferred 

method of capturing the effect of superstructure interaction is to consider the bridge structure 

and the foundation as a fully coupled system in the finite element analysis. However, such a 

fully coupled analysis is not possible with current commercial structural software.  Even if it 

were, it would be not be feasible in practice because it would require requires enormous 

amounts of computational storage and time. 

An approximate way of including the effect of superstructure interaction is to use the model 

shown in Fig. 13.  In this model, the superstructure is represented by a single degree of 

freedom (SDOF) system. The mass of the SDOF system is assumed to be the portion of the 

         Constant stiffness based on the initial shear moduli

         Constant stiffness based on shear moduli from 'SHAKE'analysis

         Variable stiffness based on shear moduli from 'PILE-3D'analysis

Fixed Base Frequency = 5.82 Hz
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Direct Non-Linear Analysis by PILE-3D

           Without  Superstructure

           With  Superstructure

superstructure mass carried by the foundation. The stiffness of the SDOF system is selected 

so that the system has the period of the fixed base bridge structure in the mode of interest. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 13: Pile foundation with structure. 

 

This approximate approach will be demonstrated by the analysis of the center pier at Bent 2. 

The fundamental transverse mode frequency of the fixed base model was found earlier to be 

5.82Hz.  The static portion of the mass carried by the center pier is 370 Mg. The 

superstructure can be represented by a SDOF system having a mass of 370 Mg at the same 

height as the pier top and frequency 5.82Hz. The corresponding stiffness of the SDOF system 

is 495 MN/m. 

 

A coupled soil-pile-structure interaction analysis can be carried out using PILE3-D by 

incorporating the SDOF model into the finite element model of the pile foundation.  The pile 

foundation stiffnesses derived from this finite element model incorporate the effects of both 

inertial and kinematic interactions and are called total stiffnesses.  The time histories of 

stiffnesses with and without the superstructure are shown in Fig. 14.  The reduction in lateral 

stiffness is greater throughout the shaking when the inertial interaction is included.  There is a 

similar reduction in the rotational and cross-coupling stiffnesses.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 14: Effects of inertial interaction on lateral pile cap stiffness. 
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When inertial interaction is included, the lateral stiffness reached a minimum of 188 MN/m 

which is 78% lower than the initial value. This minimum was 20% lower than the minimum 

that was attained, when the inertial interaction was not included.  This analysis probably 

underestimates the effects of inertial interaction because the column stiffness of the AASHTO 

code bridge was increased from 7% to 50% without any increase in superstructure mass.  

Such a stiffness ratio would normally be associated with a heavier super-structure. 

 

An eigenvalue analysis of the complete bridge structure was carried out, using the total 

foundation stiffnesses. The variation in first mode transverse frequency with time is shown in 

Fig. 15. This figure also shows the frequency variation for the case in which the inertial 

interaction was not considered. The frequency reached a minimum of 3.62Hz, when the 

inertial interaction was included and 3.97Hz, when the interaction was ignored.  Figs. 16 and 

17 show the effects of superstructure interaction on the time histories of acceleration and 

displacement respectively.   For this particular case, when the superstructure interaction effect 

is included, it leads to greater acceleration and displacement. The increase in peak 

displacement is approximately 72%, a major increase. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 15: Effects of inertial interaction on foundation frequency. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 16: Effect of superstructure interaction on deck acceleration. 
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Fig. 17: Effect of superstructure interaction on deck displacement. 

 

The results of the analyses for the four different foundation conditions are summarized in the 

acceleration and displacement spectra for transverse vibration of the bridge, shown in Figs. 18 

and 19 respectively.   The fixed base model for estimating response is clearly inadequate in 

this case. If the effects of inertial interaction are neglected, and only kinematic stiffness are 

taken into account, the seismic response obtained using effective moduli from a SHAKE 

analysis of the free field gives almost identical results to the PILE-3D response.  However 

when the inertial interaction is included, there is significant difference in response.   

 

9.0   PILE CAP STIFFNESSES AND SYSTEM FREQUENCIES 

 

This study has shown that different approximations to foundation conditions of a bridge and 

in the evaluation of pile cap stiffnesses can make large differences in the estimated pile cap 

stiffness matrix.  These differences will affect the mode frequencies of the bridge foundation 

system.  It is these system frequencies that control response.  The impact that pile cap 

stiffnesses have on system frequencies depends on the relative stiffnesses of the 

superstructure supports and the pile foundation.   This effect can be estimated by the period 

shift in the first mode frequency.   A parametric study was conducted to define the 

dependence of period shift on relative superstructure/ pile cap stiffness.   The results are 

shown in Fig. 20, where the non-dimensional period ratio, TP/TF, is plotted against the non-

dimensional stiffness ratio, K
S

P/K
F

L.  In these ratios, TP is the system period for a fixed base,  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 18.  Spectral accelerations of AASHTO bridge for four different approximations to  

             foundation conditions. 
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TF is the system period for a flexible base, K
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P is the superstructural lateral stiffness 

and K
F

L is the lateral stiffness of the pile foundation. 
 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 19.  Spectral  displacements of AASHTO bridge for four different approximations to  

             foundation conditions. 

 
 

 

 

 

 

 

 

 

 

 

 

 
Fig. 20.  Period shift for bridge-foundation system as a function of relative superstructure – 

       foundation lateral stiffness. 

 

10.0 CLOSING REMARKS 

 

 

Performance based design demands an appropriate computational model of the structure in 

order to check whether the design meets the performance criterion.  This requirement is a 

challenge for geotechnical engineers to provide effective models of the actions of foundations 
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on the structure during shaking.   A constraint on such modeling is that the models must be 

compatible with the commercial software used in structural design practice. 

 

The paper describes the modeling of shallow foundations as recommended by NEHRP (1997). 

NEHRP recommends Winkler spring models.   The stiffnesses of these models are based for 

the most part on stiffness formulations related to rigid footing.   Large mat footings may have 

flexibilities that make the rigidity assumption invalid.   

 

The new development with a major impact on the modeling of shallow foundations is the 

acceptance of footing uplift, with or without soil yielding.  To accommodate uplift and soil 

yielding, the Winkler springs must not be allowed to develop tension and must have 

compression stress limits that match the yield pressure of the soil.  Reaching the yield 

capacity moment of a foundation is not synonymous with failure because of the ductility 

capacity of soil.   The real indices of failure are the increased displacements and their effects 

on global stability and on seismic demand. 

 

The reliable modeling of pile foundations in a manner suitable for design requires simplified 

methods but there is very little hard numerical data from past earthquakes to validate current 

methods.   Also because the fully coupled analysis of pile groups is difficult and time 

consuming with commercial software not many analytical investigations of pile foundations 

have been conducted for realistic soil properties. 

 

The reliability of approximate methods for representing the rotational and translational 

stiffnesses of pile foundations in the computational structural model of a superstructure are 

investigated in the paper, using a pseudo-3-D nonlinear continuum soil model.  The study is 

focused on a 4x4 pile group supporting a bridge pier. 

 

Some of the assumptions of the approximate methods in use for evaluating foundation 

stiffnesses were incorporated into 3-D nonlinear analyses of the foundations and the 

foundations-bridge system.  Most of the approximate methods in use are based on single pile 

analysis and further assumptions must be made to establish the group response. They often 

neglect both the kinematic interaction between pile and foundation soils and inertial 

interaction between superstructure and foundations.   The problems in selecting appropriate 

single valued springs to represent the actions of pile foundations on a superstructure are 

illustrated by time histories of pile cap stiffnesses during strong earthquake shaking. The 

consequences of using various approximations to pile cap stiffnesses are investigated by 

examining their effects on the first modal frequencies of the pile foundation - bridge system 

and on the accelerations and displacements of the deck. The effects of ignoring inertial or 

kinematic interactions, as some methods do, are also evaluated. The effects of inertial 

interaction can be very significant in reducing the stiffness factors and hence the frequency of 

the pile foundation–bridge system.  

Parametric studies are continuing in order to provide a larger data base for a comprehensive 

evaluation of the many approximate methods in use for the evaluation of pile stiffnesses. 
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Abstract: Large shaking table tests are conducted to investigate the effects of dynamic soil-pile-structure
interaction on pile stresses.  A 2x2 pile group founded in either dry or liquefiable sand deposit is shaken
with or without a superstructure, whose natural period is either less or greater than that of the ground.
The test results show that, if the natural period of the superstructure is less than that of the ground, the
kinematic and inertial forces tend to be in phase, increasing the stress in the pile.  If the natural period of
the superstructure is greater than that of the ground, they tend to be out of phase, restraining the pile stress
from increasing.  Pseudo-static analysis is conducted to estimate pile stresses in the tests.  It is assumed
that the pile stress is either the sum of the two stresses caused by the inertial and kinematic effects or the
square root of the sum of the squares of the two, depending on the relationship between natural periods of
the superstructure and ground.  The estimated pile stresses are in good agreement with the observed ones
regardless of the occurrence of soil liquefaction.

1. INTRODUCTION

Field investigation and subsequent analyses after recent earthquakes confirmed that not only the
inertial effects of superstructures but also the kinematic effects arising from the ground movement
had significant impact on the damage to pile foundations, particularly in the areas where soil lique-
faction and/or lateral ground spreading occurred (BTL Committee 1998).   Little is known, however,
concerning the degree of contribution of the two effects.

The object of this paper is to examine the effects of inertial and kinematic components on pile
stresses based on the results of large shaking table tests on pile-structure models constructed in ei-
ther dry or saturated sand deposit and to discuss how these two effects are taken into account in the
pseudo-static analysis such as Beam-on-Winkler-springs method.

2. LARGE SHAKING TABLE TESTS

To investigate qualitatively the effects of inertial and kinematic forces, several series of shaking
tests were conducted on soil-pile-structure systems using the shaking table facility at the National
Research Institute for Earth Science and Disaster Prevention (NIED) (Tamura et al. 2000, 2001).
Fig. 1 summarizes the test series in which a pile-structure system was constructed in either dry or
saturated liquefiable sand in a large laminated shear box.  The dimensions of the shear box were 4.6
or 6.1 m high, 12.0 m wide and 3.5 m long.

Model series IDs starting D and S indicate dry and saturated liquefiable sands, respectively.  The
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soil used for dry sand deposit was Nikko Sand
(emax = 0.98, emin = 0.65, D50 = 0.42 mm).  The
relative densities were about 80% for the tests.
The soil profile in the liquefaction tests con-
sisted of three layers including a top dry sand
layer 0.5 m thick, a liquefiable sand layer 4 m
thick and an underlying dense gravelly layer
about 1.5 m thick.  The sand used was Kasu-
migaura Sand (emax = 0.961, emin = 0.570, D50

= 0.31 mm, Fc = 5.4 %).  The cone penetra-
tion test was made before each shaking table
test to characterize the density profile of the
deposit with depth.

A 2x2 steel pile group that supported a
foundation of 20.6 kN with a superstructure
of 139.3 kN was used.  All the piles had a
diameter of 16.52 cm with a 0.37 cm wall
thickness and their tips were connected to the
container base with pin joints.  The natural
period of the superstructure for series ID
containing S at the end was shorter than that
of the ground.  The natural period for series
ID containing L was longer than that of the
non-liquefied ground but shorter than that of
the liquefied ground.

The soil-pile-structure system was heavily
instrumented with accelerometers, displace-
ment transducers, strain gauges, and, if satu-
rated, pore pressure transducers, as shown in
Fig. 2.  In these tests, an artificial ground mo-
tion called Rinkai, produced as an earthquake in Southern Kanto district in Japan was used as an in-
put base acceleration to the shaking table.  The test results estimated in this paper are those having a
peak input acceleration of 2.4 m/s2.

3. EFFECT OF SOIL DISPLACEMENT AND INERTIAL FORCE ON PILE STRESS IN
DRY SAND

Fig. 3 shows time histories of acceleration of ground surface, foundation and superstructure, and
bending moment at the pile head in DBS and DBL, together with the input base acceleration.  In
spite of similar acceleration response of the ground and superstructure, the bending moments in two
tests are quite different.  Namely, the moment in series DBS is almost twice that in series DBL.
This suggests that the bending moment is affected not only by the inertial force from the super-
structure but also other factors such as the ground displacement of dry sand.

To investigate factors affecting stress in piles, the forces acting on the foundation are modeled
as shown in Fig. 4.   Neglecting the friction between foundation and soil, the total earth pressure
acting on the foundation is defined as:

(1)
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in which PE is total earth pressure, PEp and PEa are earth pressures on the passive and active sides, Q
is shear force at the pile heads computed from the differentiation of observed bending moment, and
F is total inertial force computed from the accelerations of superstructure and foundation.

Fig. 5 compares the relations of the inertial force with bending moment, shear force, total earth
pressure and ground surface displacement in DBS and DBL.   The shear force is almost equivalent
to the inertial force in series DBS (c), while the former is significantly smaller than the later in seri-
es DBL (d).  This indicates that most of the in-
ertial force is transmitted to the shear force in
pile in series DBS, contributing to the large
bending moment; however, this is not the case
in series DBL.  The difference in transmitted
shear stress between the two tests is probably
caused by the different actions of earth pressure
against the inertial force, as shown in (e)(f).
Namely, the earth pressure in DBS is out of
phase with the inertial force and does not con-
tribute toward reducing the shear force trans-
mitted to the pile.  In series DBL, in contrast,
the earth pressure is in phase with and acts
against the inertial force, reducing the shear
force transmitted to the pile.

It is interesting to note that the inertial force
is in phase in DBL and out of phase in DBS
with ground displacement ((g)(h)).  This indi-
cates that the effects of inertial force and
ground displacement become significant at the
same time, inducing a large bending moment, in
DBS.  In contrast, the effects of the two do not
become significant at the same time, yielding a
small bending moment, in DBL.

4. EFFECTS OF SOIL DISPLACEMENT
AND INERTIAL FORCE ON PILE
STRESS DURING LIQUEFACTION

To investigate whether the findings in dry
sands are valid in liquefiable sands, a similar
examination was made for the other test series
conducted with saturated sands.  Fig. 6 shows
the time histories of the accelerations of super-
structure and foundation, soil displacement,
bending moment at the pile head and pore pres-
sure ratio, for series SBS, and SBL.  The pore
water pressure ratios in both tests begin to rise
in 10 s and approaches 1.0 in about 20 s.  After
liquefaction, the bending moments in SBL as
well as SBS get significantly larger than those
before liquefaction.  In addition, they are larger

Fig. 3 Time histories in dry sand shaking tests

Fig. 4 Forces acting on foundation
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than the bending moments in DBS and DBL, shown in Fig. 3.  Considering that the acceleration of
superstructure decreases and the soil displacement increases with the development of liquefaction,
the contribution of inertial and kinematic forces on pile stresses might have changed during lique-
faction.

Figs. 7 and 8 compare the relations of the inertial force with bending moment, shear force, total
earth pressure and ground displacement for three time segments (0-10, 10-20, and 20-50s) in SBS
and SBL.  The circle in plates (j)-(l) corresponds to the time at which the bending moment at the
pile head is the largest within a time segment of 0.5 s.  The bending moments after liquefaction in
both cases are larger than those before liquefaction.  This is probably because the shear force, which
is less than the inertial force before liquefaction, becomes equal to or greater than the inertial force
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after liquefaction, as shown in (d)-(f).  The drastic change in shear stress transfer to the pile with the
development of liquefaction might have been induced by the change in action of earth pressure
against the inertial force, as shown in (g)-(i).  Namely, the earth pressure that acts against the iner-
tial force before liquefaction and reduces the shear force transmitted to the pile acts with the inertial
force after liquefaction, increasing the shear force to the pile.

It is interesting to note that the inertial force and ground displacement after liquefaction are in
phase in both SBS and SBL, as shown in (j)-(l).  This is because the natural period of the liquefied
soil is always grater than that of the superstructure. It is conceivable therefore under such a condi-
tion that the effects of soil displacement and inertial force are in phase, increasing the bending mo-
ment in piles.  The trend is consistent with that observed in dry sand.

5.  PSEUDO-STATIC ANALYSIS

5.1 Contribution of inertial and kinematic components
Seismic design of foundations may be made based on either dynamic response or pseudo-static

analyses.   In this study, a pseudo-static analysis based on Beam-on-Winkler-springs method is con-
ducted to examine its effectiveness in estimating pile stresses in the shaking table tests.  Simplified
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pseudo-static design methods using p-y curves for pile
foundations (Architecture Institute of Japan 2001, Ni-
shimura 1978, and Tokimatsu & Asaka 1998) are based
on the following equation:

(2)

in which E and I are Young’s modulus and moment of
inertia of pile, y and yg are horizontal displacement of
pile and ground, z is depth, kh is coefficient of horizon-
tal subgrade reaction, and Bp is pile diameter.

When the natural period of the ground is longer than
that of the superstructure, the pile stress can be estimat-
ed assuming that both soil displacement and inertial
force are in phase and act on the pile at the same time (Method 1 in Fig. 9).  When the natural pe-
riod of the ground is smaller than that of the superstructure, the pile stress can be given by square
root of the sum of the squares of the two values estimated, assuming that the soil displacement and
inertial force are out of phase and act on the pile separately (Method 2 in Fig. 9).

5.2  p-y curve
To estimate pile stresses, kh in p-y curve (Eq. (2)) is defined as (Tokimatsu et al. 2002):

(3)

in which yr is relative displacement between ground and pile (= y-yg), y1 is reference value of yr, } is
scaling factor for liquefied soil, and kh1 is reference value of kh and can be estimated by (Architec-
ture Institute of Japan 2001, and Japan Road Association 1997):

(4)
(5)

in which E0 (MN/m2) is modulus of deformation, N is SPT N-value, and B0 is pile diameter in cm.

5.3 Earth pressure acting on foundation
Based on the studies (Zhang et al. 1998 and Tokimatsu et al. 2003) on earth pressure acting on

the foundation, the total earth pressure PE defined in Fig. 4 may be given as:

(6)

in which ~ is unit weight of soil, H and B are height and width of foundation, and KEa and KEp are
the coefficients of active and passive earth pressures and may be expressed by the following equa-
tions:

(7)
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(10)

(Active Side)        (11)

(Passive Side)        (12)

(Active Side)        (13)

(Passive Side)        (14)

in which ¯ is internal friction angle of sand, i is angle of seismic coefficient in the horizontal direc-
tion (ki), R is lateral strain constraint and is smaller than or equal to 0 in active side and larger than
or equal to 0 in passive side, Sr is relative displacement between soil and foundation,   is friction
angle of the surface of the foundation,  a and  p are friction angles of sand at the active and passive
states, and Sa and Sp are reference relative displacements at active and passive states, expressed as:

     (15)
 (16)

in which a is equal to 0.001-0.005, and b is equal to 0.05-0.1.

6. ESTIMATION OF PILE STRESSES IN SHAKIG TABLE TESTS BASED ON PSUEDO-
STATIC ANALYSIS

To demonstrate the effectiveness of the pseudo-static analysis, the bending moment distributions
of the shaking table tests with dry and saturated sands are simulated by the method.  The pile
stresses in DBS, SBS, and SBL are estimated by method 1 as the natural period of the ground is
longer than that of the superstructure while those in DBL is estimated by method 2 as the natural
period of the ground is shorter than that of the superstructure.  It is assumed that the soil displace-
ment at the ground surface and the inertial force are the maximum values observed in the tests.  In
this analysis, the N-values in the deposit were estimated by CPT-values measured prior to the
shaking table test.  It is assumed that } is 0.1, y1 in Eq. (3) is 1.0 % of pile diameter (Japan Road
Association 1997), ¯ is 30 degrees,  a and  p are 15 degrees, and Sa and Sp are 0.5 % and 5 % for
the height of the foundation.

Fig. 10 compares the observed and computed moment distributions of the four tests.  The com-

Fig. 10 Distribution of observed and estimated bending moments
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puted moment distributions agree reasonably well with the observed ones, indicating that the
pseudo-static analysis together with the consideration of effects of ground displacement is promis-
ing to estimate pile stress.

7. CONCLUSIONS
   

The large shaking table tests were conducted to estimate the effects of dynamic soil-pile-
structure interaction on pile stress in both dry and saturated sands.  The results and analysis have
shown the following:
1) If the natural period of the structure is less than that of the ground, the kinematic force tends to

be in phase with the inertial force, increasing the stress in piles.  The maximum pile stress occurs
when both inertial force and ground displacement become maxima at the same time and act in the
same direction.

2) If the natural period of the structure is greater than that of the ground, the kinematic force tends
to be out of phase with the inertial force, restraining the pile stress from increasing. The maxi-
mum pile stress tends to occur when both inertial force and ground displacement do not become
maxima at the same time.

3) Above findings are valid for liquefiable sand as well as dry sand.  During liquefaction, the kine-
matic effect becomes significant due to large ground displacement, increasing pile stress.

4) The pseudo-static analysis has been proposed, in which the combination of the inertial and kine-
matic effects is taken into account.  The estimated bending moments are in good agreement with
the observed values both in dry and saturated liquefied sands.  This suggests that the pseudo-static
analysis is promising to estimate pile stress with a reasonable degree of accuracy.
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Abstract:  Recent research into the pile failure mechanism has shown that there is a fundamental omission 

in the seismic pile design in liquefiable areas. The current codes of practice for pile design such as EC 8, 

NEHRP 2000, JRA1996 and IS1893 is based on a bending mechanism where lateral loads due to inertia or 

slope movement induces bending failure in the pile. These codes omit considerations necessary to avoid 

buckling of a pile due to the axial load acting on it at all times in an event of soil liquefaction due to the 

diminishing soil support. These codes are inadequate and buckling needs to be addressed. Bending and 

buckling require different approaches in design. Bending is a stable mechanism and is dependent on strength 

whereas buckling is dependent on geometric stiffness and is almost independent of strength. Designing 

against bending would not automatically suffice the buckling requirements. For pile design, to avoid buckling 

there is a need to have minimum diameter depending on the depth of liquefiable soil. Thus there is a need to 

reconsider the safety of the existing piled foundations designed based on the current codes of practice. This 

paper discusses a way to identify the existing unsafe structures.  

 

1.  INTRODUCTION 

 

1.1  Pile-supported Structures still collapse during earthquakes! 
Collapse of pile-supported structures in liquefiable soils is still observed after strong earthquakes 

despite the fact that a large factor of safety against bending due to lateral loads is employed in their 
design. The failure of the structure is often accompanied by tilting and or settlement of the overall 
structure without any damage to the superstructure. During excavation following an earthquake, the 
piles are often observed to form plastic hinges, see for example the piles of NHK building, NFCH 
building and Showa Bridge Hamada (1992) or a three storied building, Tokimatsu (1997). It has been 
shown by Bhattacharya (2003) that using “Limit State Design Philosophy”, the factor of safety against 
plastic yielding of a typical concrete pile ranges between 4 and 8. This high factor of safety is due to 
the multiplication of the partial safety factors due to load (1.5), material stress (1.5), plastic strength 
factor (ratio of ZP/ZE which is 1.67) and practical factors like minimum percentage of reinforcements 
due to shrinkage or creep in concrete. This suggests that unless wrong foundation design concepts are 
employed, failure by plastic yielding of piles is unlikely. 

It is worth noting that study of failure of structures shows that when failure occurred in structures, 
they most often resulted due to loads that have been overlooked by the designer or regarded as 
secondary, rather than inadequate factor of safety. To cite an example is the collapse of 5km of 750mm 
diameter gas pipe line during testing from the Jamuna Bridge in Bangladesh on 11

th
 June 1998. It has 

been reported (NCE, 1998) that the main cause of the collapse was the failure to allow in design the 
weight of the water in the pipe for testing purposes. Bhattacharya (2003), Bhattacharya and Bolton 
(2004a, 2004b) has shown that there is also a fundamental omission of a load effect in seismic pile 
design that has contributed to the failure of the many pile foundations. The current method of pile 
design under earthquake loading, for example JRA 1996, Eurocode 8, NEHRP 2000 is based on a 
bending mechanism where inertia and slope movement (lateral spreading of soil) induce bending 
moments in the pile. The next section of the paper aims to show that this hypothesis of pile failure is 
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inconsistent with some of the observed mode of failure.  
 

1.2 Inconsistency in Observations of Pile Failure with the Current Understanding 

This section of the paper highlights some of the inconsistencies of observations of pile failure 

with respect to the current understanding. They are summarized below:  

After the detailed investigation of the failure of piles during 1995 Kobe earthquake, Tokimatsu 

and Asaka (1998) reports that: 

“In the liquefied level ground, most PC piles (Prestressed Concrete pile used before 1980’s) and PHC 

piles (Prestressed High Strength Concrete piles used after 1980’s) bearing on firm strata below 

liquefied layers suffered severe damage accompanied by settlement and/or tilting of their 

superstructure, …..”. 

If lateral spreading is the main cause of failure, why would most of high strength PHC piles collapse 

in level grounds i.e. in the absence of lateral spreading? 

It is a common observation in seismic bridge failure that piers collapse while abutments 

remain stable, for example Figures 1 (a&b). Figure 1 (a) shows the collapse of one the piers of the 

Million Dollar Bridge leading to bridge failure. Similar failures were also observed of the Showa 

Bridge during the 1964 Niigata earthquake; see Figure 1(b).  

  

Figure 1: Failure of bridges in earthquakes; (a): Million Dollar Bridge after the 1964 Alaska earthquake; (b): Showa Bridge 

after the 1964 Niigata earthquake. Photo courtesy NISEE. 

 

Bhattacharya and Bolton (2004a) notes that in a bridge design, the number of piles required to 

support an abutment is governed by lateral load due to the fact that the abutment, as well as carrying 

the dead load of the deck, has to retain earth and fills of the approach roads to the bridge (see Figure 

2). On the other hand, the bridge piers (intermediate supports) predominantly support the axial load 

of the deck. The lateral load acting on the pier during an earthquake is primarily the inertial force. 

The lateral capacity of a pile is typically 10 to 20% of the axial load capacity. Thus, for a 

multiple-span bridge having similar span lengths, the number of piles supporting an abutment will 

be more that that of a pier. It is worthwhile to note that in these examples only bridge piers 

collapsed while the abutments remained stable. This hints that the failure of bridge pier foundations 

may be influenced by axial load. In contrast, the current seismic design methods for pile 

foundations only concentrate on lateral loads. 

 Furthermore, the lateral loads acting on a bridge pier are only due to the drag force of the 

liquefied soil and any loads due to non-liquefied crust are unlikely to act. It is surprising that most 

often only bridge piers fail. This observation is in contradiction to the hypothesis of pile failure by 

Berrill et al (2001), Hamada (2000). Berrill (2001) analyzed the good performance of the Landing 

Bridge during the 1987 Edgecumbe earthquake and remarked that the chief threat to the piled 

foundations comes from the non-liquefied crust and not from the drag force of the liquefied soil. 
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Hamada (2000) in the 12
th

 World Congress concludes that permanent displacement of non-liquefied 

soil is a governing factor for pile damage. 

 

Figure 2: Schematic diagram of a bridge 

 

 Bhattacharya (2003), Bhattacharya et al (2004b), Bhattacharya and Bolton (2004a) studied 

in-depth the well known failure of the Showa Bridge, see Figure 1(b). This bridge was only one month 

old when the earthquake of Niigata occurred and the bridge collapsed. Details of the failure can be 

seen in Hamada (1992), Takata et al (1965), and Ishihara (1993). This bridge was studied in-depth as 

the bridge had steel tubular piles and was only one month old when it collapsed. Thus it is unlikely 

that the material of the pile corroded and it can be used as a benchmark problem for validation and 

verification of hypothesis or mechanisms. Figure 3 shows the schematic representation of the failure 

of the bridge which can be compared with Figure 1(b). As can be seen from Figure 3, piles under pier 

no. P5 deformed towards the left and the piles of pier P6 deformed towards the right, Takata et al 

(1965). Had the cause of pile failure been lateral spreading, the piers should have deformed identically 

in the direction of the slope. Furthermore, the piers close to the riverbanks did not fail, whereas the 

lateral spread is seen to be most severe at these places.   

 It must be mentioned here that this failure has been widely used as an example of piled foundations 

collapsed due to lateral spreading, Hamada (1992), Ishihara (1993). Bhattacharya (2003), 

Bhattacharya et al (2003) has shown that the piles of the Showa Bridge are safe against the JRA 

(1996) clause about the checks against lateral spreading by a factor of about 1.84. The bridge 

collapsed in 1964 which is safe against 1996 code and between these years the code was revised at 

least 3 times viz. 1972, 1980 and 1996.     

 

 It has been revealed after the excavation of the NHK building, Showa Bridge, Hamada (1992) and 

the three-storied building, Tokimatsu et al (1997) that hinges formed in piles occurred within the top 

third of the pile. Had the cause of pile failure been lateral spreading, the location of the plastic hinge 

would have been expected at the interface of liquefiable and non-liquefiable layer as this section 

would experience the highest bending moment. This observation also does not quite match with the 

current understanding of pile failure. 

 

To summarize, the limitations of the current understanding of pile failure are: 

1. The effect of axial load as soil liquefies is ignored. 

2. Some observations of pile failure cannot be explained by the current hypothesis. 

3. It has been shown, Bhattacharya (2003) that the pile foundation of Showa Bridge, which is 

considered safe by the JRA (1996) code, actually failed in 1964.  
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Figure 3: Schematic diagram of the failure of the Showa Bridge after Takata et al (1965). The diagram only shows half of 

the bridge. It must be noted that the direction of deflection of the piers P5 and P6 contradicts the current understanding. 

 

Earthquakes induce lateral loads on the pile through inertia or slope movement (lateral spreading). 

But it must also be remembered that piles are normally used to carry vertical loads. These axial 

loads act at all times on the pile. Piles are long slender members having length to diameter ratio 

between 25 and 100 or even more, Bond (1989). The piles receive support from the surrounding soil 

and thus engineers did not see any problem of buckling. But during liquefaction, the stiffness of the 

soil surrounding the pile comes to near zero value and what will be the effect on these slender 

members? This is not addressed in the current understanding or codes of practice. An axial load has 

two distinct effects to a slender member being single or in a framework of many slender columns? 

They are (1) Reduces the bending strength of the member (Plastic moment capacity); (2) Causing a 

premature failure due to instability. This effect of axial load has been studied carefully and the 

missing link in the observations of pile failure and the current understanding could be bridged. 

Details can be seen in Bhattacharya and Bolton (2004a, 2004b and 2004c), Bhattacharya (2003).       
 

2. A NEW THEORY OF PILE FAILURE 

This section will describe a new theory of pile failure. A hypothesis of pile failure was formed based 

on the analysis of 15 reported case histories of pile foundation performance during earthquakes. This 

hypothesis was verified using dynamic centrifuge modeling; see Bhattacharya et al (2004a, 2004b), 

Bhattacharya (2003). Analytical studies also support the hypothesis, Bhattacharya and Bolton (2004a). 

The hypothesis being verified independently by three different approaches is thus called a theory of 

pile failure. This theory is based on the combination of two critical phenomena, such as Euler’s elastic 

Critical Load and Critical State Soil Mechanics. The theory is described in Bhattacharya (2003), 

Bhattacharya and Bolton (2004b), Bhattacharya (2004). This section of the paper describes the basic 

ingredients of the theory.            

 2.1  Structural nature of pile 

From a structural perspective, axially loaded piles are long slender columns with lateral support 

provided by the surrounding soil. If unsupported, these columns will fail in buckling instability and 

not due to crushing of the pile material. Figure 4(a) shows the failure pattern of structures resting on 

slender columns which would represent a piled building or a bridge in the absence of soil. Thus in the 

absence of soil, we would expect a pile-supported structure to fail in a similar pattern but it remains to 

be seen if liquefied soil behaves like “absence of soil”. It must be mentioned that this failure is due to 

the effect of axial load alone. The static axial load at which a frame supported on slender columns 

(Figure 4(a)) becomes laterally unstable is commonly known as the “Elastic Critical Load” of the 

frame or the buckling load. The simplest way is to estimate the buckling load of the frame is to find 

out the Critical Load (Pcr) of one pile and multiply by the number of piles. Pcr is estimated using 

Equation 1 where Leff is the “Euler’s effective length of an equivalent pin-ended strut”. Figure 4(b) 

shows the concept of effective length of pile adopted from column stability theory to normalise the 
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different boundary conditions of pile tip and pile head. 

eff
cr

L

EI
P

2

2
π

=

         (1) 

   
Figure 4: Simple concepts; (a): Buckling of slender columns; (b): Concept of Effective length for different boundary 

conditions of pile above and below the liquefiable layer. 

 

Stability analysis of elastic columns, Timoshenko and Gere (1961) shows that the lateral deflections 

caused by lateral loads are greatly amplified in the presence of axial loads. In other words, in the 

presence of lateral loads a frame will buckle at a much lower load. Figure 5(a) shows a graph of 

buckling amplification factor plotted against the normalized axial load (P/Pcr) where P denotes the 

applied axial load. It can be observed from the graph that at 50% “Critical Load” the amplification of 

lateral deflection due to lateral loads is about 1.5 times. At these large deflections, secondary moments 

will generate which will lead to more deflections and thus more moment. It is thus advisable to keep 

the axial load within 35% of Euler’s load and in these cases there are no chances of amplification. This 

is the approach of the structural engineers. It must be mentioned here that structural engineers 

generally prefer to keep a factor of safety of about 3 against linear elastic buckling to take into account 

the eccentricity of load, deterioration of elastic stiffness due to plastic yielding and imperfections.  

   

Figure 5(b) shows a typical graph showing the allowable load of a pile and the buckling load, if 

unsupported. It may be observed that as the length of the pile increases the allowable load increases 

but the buckling load decreases by the square of the length. Thus, if unsupported for a particular length 

a buckling instability problem might occur for most piles. Dynamic centrifuge tests were carried out 

by Bhattacharya (2003) to verify the hypothesis of pile failure of buckling instability, Bhattacharya 

(2003), Bhattacharya et al (2004a, 2004b), Bhattacharya and Bolton (2004a,2004b,2004c). The tests 

were carried out in level grounds to avoid the effects of lateral spreading. Figure 6(a) shows the failure 

of piles observed in the centrifuge tests and in each case of the failure the pile head mass rotated. It is 

quite similar to the failure of the piled Kandla tower in Figure 6(b). Figure 6(c) shows the hinge 

formation in the model pile at the upper part which is similar to the observed hinge formation field 

case records, see Figure 6(d). Thus a failure mode observed in the field could be replicated in the 

centrifuge test. It shows that buckling is a feasible failure mechanism. 

 

3. IMPLICATIONS TO PRACTICE 
Buckling and bending has two different approaches in design. Current design codes are all based on 
bending. Bending is a stable mechanism as long as the pile is elastic, i.e. if the lateral load is 
withdrawn; the pile comes back to its initial configuration. This failure mode depends on the bending 
strength (moment for first yield, MY; or plastic moment capacity, MP) of the member under 
consideration. On the other hand, buckling is an unstable mechanism. It is sudden and occurs when the 
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elastic critical load is reached. It is the most destructive mode of failure and depends on the 
geometrical properties of the member, i.e. slenderness ratio, and not on the yield strength of the 
material. 

   
Figure 5: (a): Buckling amplification factor and normalized axial load; (b): Allowable load (P) and Buckling load (Pcr) of a 

pile, if unsupported.  

    

Figure 6: Model test and field case history; (a): Pile foundation after the dynamic centrifuge test; (b): Failed Kandla Port 

tower; (c): Hinge formation in the centrifuge test; (d): Hinge formation in a building, Tokimatsu et al (1997).   

 
Bending failure may be avoided by increasing the yield strength of the material, i.e. by using 
high-grade concrete or additional reinforcements, but it may not suffice to avoid buckling. To avoid 
buckling, there should be a minimum pile diameter depending on the depth of the liquefiable soil. This 
section of the paper describes a new approach. There is also a need to reconsider to safety of the 
existing piled foundations designed by current codes of practice i.e. based on bending mechanism. 
 

3.1  Need of a new design method to include buckling 

Figure 7(a) shows schematically the possible modes of pile failure. Details of the description can be 

seen in Bhattacharya (2003), Bhattacharya et al (2004a). However, it is clear that a piled foundation 

(a): has to sustain the axial load at all times without buckling; (b): should not form a collapse 

mechanism under the combined action of lateral load and axial load. Figure 7(b) shows a graph of 

minimum pile diameter required based on the depth of liquefiable soil from Bhattacharya (2003).  

 

3.2  A simple method to identify the existing unsafe structures 

This section of the paper will describe a way to identify the structures which may be unstable in an 

event of liquefaction. The examples of LPG tanks, Figure 8(a), during Kobe earthquake is taken to 

demonstrate the efficacy of the method. In the same site, tank 101 performed well while tank 106 

failed. Let P be the axial load acting on each pile beneath the piled tank shown in Figure 8(b). It will 

be assumed that each pile is equally loaded. For a pile fixed at the tip and fixed in direction but free to 

translate at the top, the effective length (Leff) is the unsupported length Figure 4(b). Considering the 

effect of lateral loads, it is reasonable to adopt a 35% of critical as safe load, following Figure 5(a) and 
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as mentioned in the text. A parameter called critical depth (Hc) is now defined to identify the 

unsupported length of the pile required for instability. For this type of structure (i.e. bottom part of the 

pile embedded firmly in non-liquefiable layer and the top part is free to translate but fixed in direction) 

HC, is given by equation 2. 

Additional storey,
stiffness due to
piles only.

Liquefiable
zone

 (L
eff

)

Dense non-liquefiable zone

After liquefactionShaking starts, before
liquefaction, 

Plastic hinges
 to be formed 
for failure

Lateral

 spreading 
starts

 

Figure 7: (a) Possible failure modes of pile foundation in a liquefiable region; (b): A proposed minimum pile diameter 

requirement to avoid buckling, details can be seen in Bhattacharya (2003).    

2

2

35.035.0

c

cr

H

EI
PP

π

== , which leads to 
P

EI
H

c

45.3
=        (2)  

It must be noted that the critical depth concept is a by-product of Leff but it is particularly fruitful from 

practical point of view to evaluate the safety of existing piled foundations prone to axial instability. A 

piled structure becomes unstable for HC<DL, where DL is the depth of liquefiable layer. Table 1 

estimates the critical depth for the tank foundations. P is estimated based on the allowable load 

concept, Bhattacharya (2003). Relevant details of the case history can be seen in Ishihara (1997). 

Analysis of the case history can be seen in Bhattacharya (2003).    

 

Table 1: Estimation of critical depth 

Case history EI of the pile P HC (Eq2) DL (Depth of 

liquefiable soil)

Remarks 

LPG Tank 101 1.79×109N.m2 

1.1m dia RCC 

4.1MN 

 

38.8m 15m Here HC>DL and thus should be 

stable. It performed well 

LPG Tank 106 11.15×106N.m2 

0.3m dia RCC hollow 

0.46MN 9.14m 15m Here HC<DL and thus should be 

unstable. It failed 

 

Front of 
zero 
effective 
stress.  

Tank 

Critical 
Depth (H

C
)

P

D
L
 (Liquefiable

layer)

Plan of the tank
foundation

Non liquefiable
 hard layer  

Figure 8: LPG tanks (a): Tanks 101 performed well while tanks 106,107 failed; (b): Schematic diagram of a piled tank. 
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The method is valid for the particular type of piled foundations mentioned in the text i.e. large pile 

caps or piled rafts with embedment of at least 6 times the diameter of the pile in the non-liquefied 

layer beneath the liquefiable layer. For other boundary conditions, the critical depth HC will change 

depending on the fixity of the file below and above the liquefiable soil. This can be easily computed 

based on the equation 1 and Figure 4(b) but will be of the same form as equation 2. After checking the 

stability against buckling, the designer needs to check against the formation of a collapse mechanism 

as shown in Figure 7(a). While checking against the collapse mechanism, the reduction of bending 

stiffness of the pile needs to be considered to take into account the effect of the axial stress.      

 

4. CONCLUSIONS 

Buckling is a feasible pile failure mechanism in areas of seismic liquefaction. To avoid buckling there 

is a requirement of a minimum diameter of pile based on the depth of liquefiable soil. In contrast, 

current understanding is based on bending mechanisms. Buckling and bending requires different 

approach in design. Designing against bending would not automatically suffice the buckling 

requirements. Thus there is a need to reexamine the safety of existing piled foundations designed 

based on bending mechanism. A simple method to evaluate such safety is proposed in this paper. 

Designers should use large diameter pile is instead of a group of small diameter pile.   
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Abstract:  This paper describes an experimental study on lateral resistance of a pile in liquefied sand. In 

order to avoid complication in interpretation of the test results and to easily observe the behavior of soil 

surrounding the pile, the pile was modeled as a buried cylinder that corresponded to a sectional model of the 

pile at a certain depth in subsoil. The deformation of the soil surrounding the cylinder was successfully 

observed by digital video camera. Loading rate effects on the lateral resistance of the cylinder was also 

investigated.   

 

 

1. INTRODUCTION 

Detailed observations on damage of pile foundations after the Hyogo-ken Nambu Earthquake of 

1995 revealed that pile cracking and structure hinging occurred at the pile cap or the interfaces 

between soil layers having different lateral stiffness (e.g. Matsui & Oda, 1996; Fujii et al., 1998). This 

kind of damage was mainly found in sites where liquefaction took place particularly when large lateral 

movements of liquefied soil overlaid non-liquefied soil occurred. 

The effects of large lateral soil movement, especially liquefaction-induced lateral spreading of soil, 

on the failure and deformation of the piles have been experimentally investigated using geotechnical 

centrifuges by many researchers (e.g. Abdoun & Dobry, 1998; Horikoshi et al., 1998; Satoh et al., 

1998; Takahashi et al., 1998). In these researches, shaking tables were used to simulate the ground 

motions during earthquakes. Information derived from the shaking table tests is seen to be of value in 

demonstrating the actual behavior of piles and soils during earthquakes. However, the actual behavior 

of piles is complicated and affected by several factors. Investigating the effect of each factor from the 

complicated behavior observed in the shaking table tests is not a straightforward process. 

In order to avoid this complication in their interpretation and to easily observe the soil surrounding 

the pile, the pile was modeled as a buried cylinder that corresponded to a sectional model of the pile at 

a certain depth in subsoil (Fig.1). Based on almost the same concept, measurement of the drag force of 

the buried cylinder embedded in sand was carried out by Towhata et al. (1999). However, as their tests 

were conducted under very low initial over burden pressure, it is very difficult to make a comparison 

between the test results and actual phenomena observed in the field. In order to create a realistic stress 

condition in the model ground, the model was prepared in a sealed container and the over burden 

pressure was applied to the ground surface by a rubber pressure bag. 

This paper focuses on observing the deformation of the liquefied soil surrounding the pile when a 

large relative displacement between the pile and the soil is induced. The loading rate effect on the 

lateral resistance of the pile in the liquefied sand is also investigated. 
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2. TEST PROCEDURES AND CONDITIONS 

 

2.1 Test procedures 

The model setup used in this study is 

schematically illustrated in Fig.2. An aluminum 

model container was used with inner sizes of 

450mm in width, 150mm in breadth, and 250mm 

in height. The front face of the box was a 

transparent window to allow observing 

deformation of the model ground. A pressure bag 

made of rubber was attached underneath the top 

lid of the container to apply an over burden 

pressure, PA, on the surface of the soil. A fluid 

tank was connected to the bottom of the box to 

supply and drain out fluid and to apply back 

pressure, PB, to the pore fluid of the soil. 

Figure 3 shows an aluminum-made-cylinder 

equipped with pore and earth pressure transducers. 

The surface of the cylinder was made smooth by 

the fabricator. Rubber sheets were put on both 

ends of the cylinder for lubrication and to prevent 

sand particles from getting into the gap between 

the cylinder and the side walls of the container. 

Two rods were connected to the center of the 

cylinder. Two load cells were inserted into the 

respective rods near the cylinder to avoid the 

influence of friction in measuring the net lateral 

force on the cylinder. The cylinder was actuated 

back and forth through the rods by an 

electro-hydraulic actuator. The actuator was 

mounted on the side wall of the model container. 

Toyoura sand, uniformly graded sub-angular 

quartz sand (D50=0.19mm) was used for the 
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model. The model was prepared by the air pluviation method to achieve the relative density of 

30~40%. It was saturated up to the ground surface with de-aired water or methyl cellulose solution 

under a negative pressure of 98kPa in a large tank by applying a vacuum. Japanese noodles `somen' 

were placed between the model ground and the transparent window as markers to observe deformation 

of the ground. After the saturation, the top lid of the box was attached and the over burden pressure 

was applied to the soil under the drained condition. 

Having prepared the model, the model container was set on the mechanical shaker and the 

electro-hydraulic actuator was attached to the container. In the tests, the horizontal shaking of the 

container started two seconds prior to the pile loading. This duration was enough to liquefy the model 

ground. A horizontal shaking was applied to the container by sinusoidal waves with a frequency of 

50Hz and a maximum acceleration of approximately 5g. A period of shaking was 10 seconds. During 

the tests, acceleration of the container, horizontal load and displacement of the cylinder and earth 

pressure and pore fluid pressure around the cylinder were measured. Movement of the cylinder and the 

ground was recorded by a digital video camera. 

 

2.2 Test Conditions 

Table 1 shows the test conditions in this study. Effects of the ground vibration and the loading rate 

of the cylinder on the lateral resistance of the cylinder were investigated. In all the cases, the applied 

over burden pressure was PA=49kPa. The loading rate of the cylinder, V, was varied from 1mm/s to 

100mm/s. In the cyclic loading tests, the symmetrical triangular waves were applied in order to 

achieve a constant loading rate. 

In cases SW1, SW10, SW100, SM1, SM10 and SM100, a horizontal sinusoidal motion was 

applied to the container to generate the excess pore fluid pressure in the model. Meanwhile, in cases 

SW1Q and SW10Q, pore pressure increase PB of 49kPa was applied to the soil after the consolidation 

of the soil at PA=49kPa without ground vibration. The effective confining stress of the model became 

almost zero by increasing the back pressure without ground vibration on the condition that the model 

was subjected to almost the same stress history that the models in the other cases experienced. This 

stress condition is defined as artificial soil “liquefaction without ground vibration” in this study. SM1N 

and SM100N were the tests in which the cylinder was moved back and forth with the initial condition 

of no liquefaction. 

At the beginning, de-aired water was used as the pore fluid. However, considering the partial 

drainage around the cylinder, the migration velocity of water was relatively large, as the diameter of 

Table 1. Test conditions. 

Case Pore fluid 

material 

Back pressure PB 

(kPA) 

Cylinder loading rate V 

(mm/s) 

Shaking

SW1Q water 49 1 (monotonic) X 

SW10Q water 49 10 (monotonic) X 

SW1 water 0 1 (monotonic) O 

SW10 water 0 10 (monotonic) O 

SW100 water 0 100 (cyclic) O 

SM1 methyl cel. sol. 0 1 (cyclic) O 

SM10 methyl cel. sol. 0 10 (cyclic) O 

SM100 methyl cel. sol. 0 100 (cyclic) O 

SM10N methyl cel. sol. 0 10 (cyclic) X 

SM100N methyl cel. sol. 0 100 (cyclic) X 
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the cylinder was very small compared with the actual pile. In order to resolve the problem, in the latter 

half of the series of the tests, the scaling laws of the centrifuge modeling were adopted, i.e. a higher 

viscosity fluid (methyl cellulose solution) was used as the pore fluid to avoid conflict with the scaling 

laws for the time of dynamic events and seepage. The viscosity of the methyl cellulose solution was 50 

times higher than that of fresh water. With this similitude rule, measured lateral resistance of the 

20mm-diameter cylinder corresponds to the lateral resistance of the 1m-diameter pile at a depth of 5m. 

Loading rate of 1mm/s corresponds to the situation of the pile in a very slow flow of liquefied soil, 

while that of 100mm/s corresponds to the vibration of the pile during an earthquake. 

 

 

3. TEST RESULTS AND DISCUSSIONS 

 

3.1 Earth Pressure and Lateral Resistance on the Cylinder with Excess Pore Pressure 

Total earth pressure is plotted against excess pore pressure ratio in Fig.4 for the cases of SM10, 

SM100, SM10N and SM100N. Pressures shown here are measured on the initially loaded side surface 

of the cylinder and the excess pore pressure is normalized by the initial over burden pressure, p0=PA. 

In case SM10, total earth pressure drastically increased in the first cycle, associated with negative 

excess pressure. Total earth pressure then converged almost 49 kPa in the following cycles in which 

excess pore pressure ratio was kept almost 1. In case SM10N also, the total earth pressure increased 

rapidly with the excess pore pressure drop caused by dilative behavior of soil with the movement of 

pile. Unlike SM10, the total earth pressure increased and decreased repeatedly in the following cycles. 

However, when the excess pore pressure ratio increased to be over 0.9, the total earth pressure kept 

almost constant value of 49 kPa without showing dilative behavior of solid ground. The ground 

behaved like liquid. Cases SM100 and SM100N showed almost the same tendency. 

Lateral resistances of cylinder against displacement in cases SW1Q, SW10Q, SW1 and SW10 are 

plotted in Fig.5. The lateral resistance is the lateral force acting on the cylinder divided by a projected 

area of the cylinder on a vertical plane. Lateral forth is the difference of forces measured by the load 

cells on the left and right rods. In the figure, lateral resistance, p, and displacement of the cylinder, δ, 

are normalized by an initial over burden pressure, p0=PA, and the diameter of the cylinder, D, 

respectively. Herein the normalized displacement, δ/D, is called the reference strain, γ. Irrespective of 

the method inducing liquefaction, the larger loading rate makes the lateral resistance larger. Further 

discussion on the loading rate effect will be made later. 
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Figure 4. Total earth pressure vs. excess pore pressure on the cylinder surface 

(SM10, SM100, SM10N & SM100N).
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Regarding the difference in the method used 

to induce liquefaction, the lateral resistances for 

the cases without vibration of the ground are 

remarkably larger than those for the cases with 

vibration. Fig.6 shows observed deformation of 

the soil surrounding the cylinder just after loading. 

The black lines are noodle markers placed 

vertically on the soil before the tests. Without 

ground vibration, the large amount of soil in front of the cylinder moved forward resulting in a 

heaving of the ground surface of the front side. On the other hand, when the shaking was applied to 

the container, deformation of the soil was quite limited in the area adjacent to the cylinder. The 

difference in the soil area influenced may directly affect the lateral resistance of the cylinder as shown 

in Fig.5. The vibration of the ground may cause instability in the contacts of the soil particles and 

reduce the resistance of the surrounding soil against the movement of the cylinder. 

 

3.2 Loading Rate Effects on Lateral Resistance 

Figure 7 shows the first loops of the relationship between the lateral resistance and displacement of 

the cylinder in cases SM1, SM1 0 and SM100. In these cases, the loading rate was varied from 1mm/s 

to 100mm/s, and the cylinder first moved toward the actuator-side, i.e. the leftward displacement is 

taken as negative. The initial resistance was negligibly small in all the cases. The larger lateral 

resistance is mobilized as the loading rate becomes higher. The lateral resistance was mobilized only 

after a certain amount of displacement was developed depending on the loading rate. 

The point where the gradient of the loop starts to increase is here defined as a resistance 

transformation point. The normalized displacement at the point is referred to as the reference strain of 

resistance transformation point, γL, as shown in Fig.8. This reference strain was originally introduced 

by Yasuda et al. (1998) as the point that the shear strength of soil starts to recover in a post liquefaction 

stress-strain relation. Reference strains of resistance transformation point in the first loading are 

plotted against loading rate in Fig.9. In the case of the smallest loading rate, as no obvious 

mobilization of the lateral resistance was observed in the range of the pile displacement imposed in 
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this study, the reference strain must be larger than 

the value shown in the figure. The smaller 

loading rate makes the reference strain of 

resistance transformation point larger. This 

tendency may be associated with not only the 

dilatancy characteristics of sand but also pore 

fluid migration around the cylinder. 

Figure 10 shows the time histories of the 

lateral resistance, the displacement of the cylinder 

and excess pore fluid pressure around the cylinder 

in cases SM1 and SM10. It should be noted that 

the base motion continued only until the end of 

the first half of the loading cycle in the 1mm/s 

loading rate case, as the period of the container 

shaking was 10 seconds. Excess pore fluid 

pressure of the soil surrounding the cylinder was 

measured by the pressure transducers attached to 

the cylinder shown in Fig.3. If we look at the first 

quarter cycle of the last half of the first loading 

cycle, in both the cases, the pore pressure on the 

side of the movement direction (the dotted line) 

once slightly increased by the sand contraction, 

then it showed rapid decrease due to the sand 

dilation. Suction force on the back side of the 

cylinder, while the pressure on the back side (the 

solid line) monotonically decreased due to the 

suction force. 

As a result, the pore pressure decreased on 

both sides when the maximum displacement of 

the cylinder was imposed, though the pressure on 

the side of the direction of movement was larger 

than that on the other side in both the cases. 

Comparing the pore pressure responses in 

SM1 (V=1mm/s) to those in SM10 (V=10mm/s), 

the decrease in the pore pressure was smaller, and 

the displacement of the cylinder when the excess 

pore fluid pressure started to decrease was larger 

for the smaller loading rate. It is because the 

suction force on the back side of the cylinder will 

be small when the hydraulic conductivity of the 

sand is sufficiently larger than the cylinder 

loading rate. This difference in pore pressure 

responses would directly affect the cylinder 

displacement required for the lateral resistance 

mobilization, i.e., the reference strain of 

resistance transformation point shown in Fig.9. 

Lateral resistances of the cylinder at 

γ=δ/D=0.1, 0.2, and 0.4 are plotted against 

cylinder loading rate normalized by the soil 
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hydraulic conductivity in the first loading in Fig.11. The lateral resistance at δ/D=0.1 becomes 

remarkably larger when V/k=10
4
. The threshold V/k value for the lateral resistance at δ/D=0.1 exists 

between 10
3
 and 10

4
 for the 1m-diameter pile in the medium loose Toyoura sand. This threshold V/k 

for the lateral resistance varies with δ/D, as the cylinder displacement required for the lateral resistance 

mobilization depends on V/k. Let us assume piles in a lateral spreading soil that moves 1m in 10 

seconds earthquake period, i.e. V=0.1m/s. If the hydraulic conductivity of the liquefied soil is 10
-5

m/s, 

V/k becomes 10
4
, and the large earth pressure acts on the piles. If k is larger than 10

-4
m/s, the pressure 

would become smaller. 

All indications in this section support that the pore fluid migration rate, i.e. the hydraulic 

conductivity of the soil with respect to the loading rate, is the crucial factor for mobilization of the 

lateral resistance of a buried structure in liquefied soil. 
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4. CONCLUSIONS 

Lateral loading tests on the 

buried cylinder were conducted 

to study the lateral resistance of 

a pile in liquefied soil, focusing 

on observation of the 

deformation of the liquefied soil 

surrounding the pile when a 

large relative displacement 

between the pile and the soil is 

induced. The loading rate effect 

on the lateral resistance of pile 

in the liquefied soil was also 

investigated. The following 

conclusions were obtained in 

this study: 

1) The deformation of the soil 

surrounding the cylinder could 

be successfully observed by the 

digital video camera through the transparent windows of the box. 

2) Without ground vibration, the large amount of the soil in front of the cylinder moved forward, while 

the deformation of the soil was quite limited in the vicinity of the cylinder when shaking was applied 

to the model container. 

3) The difference in the deformation mode of the soil affected the lateral resistance of the cylinder. 

4) Larger lateral resistance is mobilized as the loading rate becomes higher. 

5) When the loading rate is higher, the cylinder displacement required for the lateral resistance 

mobilization becomes smaller. 

6) Tendencies of loading rate effect are associated with not only the dilatancy characteristics of sand 

but also pore fluid migration around the cylinder. 

7) All indications in this study support that the hydraulic conductivity of the soil in relation to the 

loading rate is the important factor for the mobilization of the lateral resistance of piles in liquefied 

soils. 
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Abstract:  In this study, a series of dynamic centrifuge model tests was performed to investigate the 

efficiency of chemical grouting as a countermeasure against liquefaction of sand deposits with an oil tank on 

the ground surface. Conditions mainly investigated in the tests were the grouting depth ratio to the depth of 

liquefiable layer and the stiffness of improved portion.  The test results indicated that the grouting into the 

sand beneath the tank by chemical grouting was effective in reducing the maximum settlement and 

differential settlement of the tank and the maximum settlement decreased almost linearly with the depth of 

the grouting.  Some differences were observed in the ground acceleration and settlement between 2D plane 

strain models and 3D models with a circular tank, which clearly showed the 3D effects in the behavior of 

the tank under seismic loading.  

.   
 

 

1.  INTRODUCTION 

 

Settlements and differential settlements of oil storage tanks caused by the liquefaction of sand 

deposits and the sloshing of liquid in oil storage tanks during earthquakes are of major concern in the 

seismic design of such structures. In Japan, since the 1995 Hyogoken Nanbu earthquake, originally the 

1964 Niigata earthquake and the 1978 Miyagiken-oki earthquake (Ishihara at al., 1980), it has become 

an urgent matter for geotechnical engineers to implement proper countermeasures for existing oil 

storage tanks. Application of remedial measures against liquefaction of sand on which oil storage 

tanks have already existed is extremely important in Japan, because the majority of existing tanks were 

constructed before early 1970’s when the soil liquefaction was first considered in the design of tank 

foundation.  

Countermeasures commonly used, such as vibration method, gravel drains, sheet pile walls, are 

very difficult to apply due to various restriction, e.g., working space, vibration problems. Chemical 

grouting is one of feasible countermeasures overcoming these restrictions, making it possible to 

improve the soil underneath the tank with arbitrary shape in a narrow working space. However, the 

rational method to obtain an economical area of chemical grouting has not been established yet. 

In this study, using 2D and 3D models, a series of dynamic centrifuge model tests was performed 

to investigate efficiency of chemical grouting as a countermeasure against the liquefaction of sand 

deposits with oil tanks on the ground surface. Conditions investigated in the tests were grouting depth 

ratio to the depth of liquefiable layer, the stiffness of improved portion and the situation where the 

central portion beneath the tank was remained ungrouted. 
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2. CENTRIFUGE MODEL TESTS 

 

2.1 Model Preparation 

The test set up for the dynamic centrifuge model is shown in Figure 1. A large laminar box, with 

the inner dimensions of 300mm in height, 400mm in width and 650mm in length (Imamura et al., 

2002) was used. Two types of model tanks were employed in the tests in order to verify a difference 

between 2D and 3D models. One was circular tank for 3D condition and the other rectangular one for 

2D condition. Both model tanks were essentially made of aluminum plate (1mm thickness) with the 

base of rubber membrane. This rubber membrane (0.5mm thickness) was used to model flexible base 

of oil storage tank. The circular model tank was 45mm in height and 140mm in diameter. On the other 

hand, the rectangular model tank has the same height, a width of 140mm and length of 400mm. The 

material properties of fine silica sand No.8 used in the tests are summarized in Table 1. 

200mm thick model sand layer with unit weigh of 15.2kN/m
3
 (Dr=50%) was prepared by pouring.  

After being flattened the surface by applying vacuum, zircon sand was laid on the surface to obtain 

surcharge layer of 10mm thickness, which gives a surcharge pressure of 10kPa at the centrifugal 

acceleration of 50g.  The model tank was then placed and lead shots were put into the model tank, 

which could create the tank pressure of 100kPa to the surface at 50g. 

   The active silica was used as chemical grouting material. The solution of active silica has low 

viscosity giving high hydraulic conductivity before becoming gel which is stable when submerged. 

For the preparation of grouted sand, the same silica sand with the same relative density as model 

ground was pored in a box. The solution of active silica was then injected from the bottom of the box. 

After curing about one month, the improved sand block was removed from the box and trimmed to 

predetermined shape. The diameter (for 3D) or width (for 2D) of the trimmed sand block is fixed 

B=160mm, which is 20mm larger than that of the tank model, while the depth of the improvement 

(H’ ) was varied from 0 to the depth of the sand layer (H=200mm) as described below. The trimmed 

sand was placed on the sand at the center of the laminar box during the preparation of sand layer, once 

the sand reached to the predetermined thickness. Finally, the model was aerated with carbon dioxide 

gas, and then was saturated with the deaerated water. 
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Specific gravity, ρs 2.65

Maximum void ratio, e max 1.333

Minimum void ratio, e min 0.703

Coefficient of uniformity, Uc 2.927

Average grain size, D50 (mm) 0.1

Permeability, k (m/sec) 2.0×10
-5

Table 1  Material properties of fine 

silica sand No.8.
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2.2 Test conditions and test procedures 

Test conditions are summarized in Table 2, and the configurations of improvement portion are 

illustrated in Figure 2. 12 centrifuge model tests were conducted. Beside the 2D and 3D conditions,  

improvement depth (H’) is the main parameter. Four different improvement depth tested were H’/H=0, 

1/2, 3/4 and 1. Whole portion underneath the tank to the improvement depth were improved, except 

IA4 where central portion of three quarters improvement were remained ungrouted.  

Unconfined compression strengths of the improved sand were about 120kPa for almost all the 

cases except of IA22 and IA52, which had about 60% (75kPa) and 160% (223kPa) strengths of the 

others. Figures 3 and 4 show the results of undrained cyclic triaxial test and the normalized secant 

shear modulus (G/G0) - shear strain (γ) relation of the grouted sand with various unconfined 

compression strength respectively. From these two figures it can be confimred that liquefaction 

resistance of losse sand can be improved by the chmical grouting but not for the small strain stifness. 

Centrifuge acceleration employed was 50 g, under which the corresponding prototype is 

equivalent to a 7m diameter oil tank on 10m depth sand deposit. All tests were carried out by the 

dynamic geotechnical centrifuge (effective radius: 3.80m, maximum payload: 19.2MN-m/sec
2
) of 

Nishimatsu Construction Co., Ltd (Imamura et al., 1998).  Input wave for the tests is shown in Figure 

5. A sinusoidal wave with acceleration amplitude of 12.5g, frequency of 100Hz (20cycles) was applied 

to the model for duration of 0.2sec. This input motion is the horizontal acceleration of 250gal, 

frequency of 2Hz and duration of 10 sec in the prototype scale. Locations of various probes installed 

in the model are shown in Figure 1 and 2. On measurements, particular attentions were paid to the 

settlements of ground under the tank base, dynamic responses of the oil tank and excess pore water 

pressures underneath the soil improvement. Details of the tests are given by Imamura et al. (2004).  

 

 

 

 

 

 

 

 

 

 

3 TEST RESULTS AND DISCUSSIONS 

 

3.1 Variation of observed accelerations with depth in the model 

Ratios of observed acceleration amplitude at the tank (A1) and the ground under the tank (A2, A5, 

A10) to that of the input motion for both 2D and 3D models are shown together with those of 

surrounding ground (A4, A8, A12) in Figure 6. In all the cases, the ratios are smaller for the shallower 

depth. As can be seen, there exists a considerable difference between 2D and 3D models. In 3D 

models, the improvement condition appears to have some influence on the variation of the ratio with 

the depth. The variations of the ratio in IA4 and IA51 coincide with that in IA1 except of the tank. The 

variation in IA21 (H’/H=1) was similar to that in IA31 (H’/H=3/4). In general the larger the 

improvement depth, the smaller the attenuation of the motion. On the other hand, in 2D models all the 

ratios in the ground with improvement are smaller than those of the case without improving and the 

difference in the variation of the ratio for different improvement depth is not so clear compared to the 

3D models.  The variation in the surrounding ground is closer to that under the tank for 2D models 

than 3D models.  This may imply that the end wall effect is more significant in 2D model than 3D 
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model, because the soil in the surrounding ground is confined by the end wall and the improved soil in 

2D model. 

In the cases where relatively high ratio was observed below the tank, the ratio of the tank was 

smaller than that below. As a result, the ratios of the tank are almost the same for all improvement 

cases. The ratios of the tank under the improved soil are about 40 and 50 % for 2D and 3D models 

respectively. In the tests the improvement of sand under the tank by chemical grouting did not cause 

amplification of shaking motion of the tank. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

3.2 Settlement under the tank 

Figures 7 show the settlements at the center of the tank during shaking.  The tank settled with 

shaking time, but no settlement occurred after shaking except of IA1 which showing small settlement 

after the shaking. In cases of a half depth improvement in 3D series, settlement rates increased in the 

middle of shaking time, while for the other cases the settlement rates decreased gradually with time. 

Maximum settlements normalized by tank diameter (Smax/D) are plotted against soil improvement 

ratio (V’/V) in Figure 8, where V’ is the volume of the improvement sand, V is that of the cases with 

entire depth improvement. In Figure 9 improvement efficiency defined by Smax /Smax (NO) are plotted 

against improvement ratio, where Smax (NO) is the maximum settlement of the case without 

improvement (IB1 and IA1 for 2D and 3D cases respectively). Tank settlement is effectively reduced 

by grouting underneath the tank. In 3D series, the tank settlement decrease almost linearly with the 

improvement ratio for the case with similar strength of grouted sand. In Figures 8 and 9, the results 

with different strength of the grouted sand (IA22 and IA52) are also plotted. From the figures it can be 

also confirmed that the strength or stiffness of the grouted sand is also very important for reducing the 

tank settlement. The higher the strength, the smaller that settlement.  

As the stiffness of the active silica gel is not so high, the gradual grouting into sand does not 

change the stress distribution of the ground underneath the tank. However, once the surrounding 

ground liquefies, the shear stresses on the vertical surface on the grouted sand diminish, resulting in 

the concentration of vertical stress on the grouted sand as shown in Figures 10. The concentration of 

the stress yields the vertical compression of grouted sand. Hence, the stiffness of the sand becomes 

one of dominant factor of the settlement of grouted sand underneath the tank. IA21 and IA22 were 

both the entire depth improvement cases, but the settlement in the latter was more than the double of 

that in the former. This difference can be reasonably explained by smaller E50 in IA22 than IA21 (see 

Table 2).   
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Figure 8 Relationship between soil improvement 

ratio and  normalized maximum settlements
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   Three dimensional effect on the tank settlement can be also seen in Figures 8 and 9. The larger 

settlement and less improvement efficiency were obtained in 3D models than 2D models especially in 

the cases of a half and three quarters improvements.  

Settlement profiles under the tank caused by the shaking are shown in Figures 11. In the case with 

three quarters depth improvement having no improved portion at the center (IA4), the settlement 

similar to that of IA21, IA31, about 2mm, took place on the improved portion, but the settlement at the 

central non-improved portion was about 4mm (60% of IA1). Two main causes of the tank settlement 

can be considered, one is the volume compression and the other the lateral movement of the soil 

beneath the tank (Kimura et al. 1995).  From the fact explained above, the larger settlement at the 

central portion can be attributed to the volume compression of non-improved sand within the 

improved sand. In this test, the base of tank was modelled by rubber membrane to create perfectly 

flexible condition to avoid the complicated interaction between the tank and soil. However, the 

settlement at the central portion might be overestimated due to this modelling of tank base compared 

to the actual tacks with thin steel base plate.  

Maximum differential settlements normalized by the tank diameter (δSmax /D) are plotted against 

the improvement ratio in Figure 12. δSmax /D decreases as the improvement ratio increases, which 

clearly reveals the efficiency of the improvement. The differential settlement in 3D model is larger 

than that in 2D, especially for the cases with small improvement ratio. This may be attributed to the 

high freedom of displacement for 3D condition compared to 2D and the difference of the end wall  
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effects as discussed before. These comparisons between 2D and 3D models confirm the importance of 

3D effects in both physical modelling and numerical modelling on the seismic performance of the 

tank.  

From the observation about the settlements under the tank, it can be concluded that the 

suppression of vertical and lateral displacements in the area directly beneath the tank by chemical 

grouting is effective in reducing the settlement and differential settlement of the tank base. In order to 

establish more rational way for reducing the improvement volume, it is necessary to conduct further 

tests where the base plate of the tank is properly modeled. 

  

 

4. CONCLUSIONS 

 
From dynamic centrifuge model tests on efficiency of chemical grouting as a countermeasure 

against the liquefaction of sand deposits with oil tanks, the following conclusions were drawn.  

 

1. The suppression of vertical and lateral deformation of the area directly beneath the tank by chemical 

grouting is effective in reducing both settlement and differential settlements of the tank caused. If 

the grouted sand has the same stiffness, the maximum and differential settlements decrease almost 

linearly with the improvement depth.  

2. From 2D models qualitatively similar results to 3D models were obtained on the effect of the 

improvement.  However, the maximum and differential settlements were smaller in the 2D models 

than the 3D models.  This may be attributed to the high freedom of displacement for 3D condition 

compared to 2D and the difference of the end wall effects, which indicating the importance of 3D 

effects in both physical modelling and numerical modelling on the seismic performance of the tank.  

3. If the soil under the central portion of the tank are remained non-improved in order to reduce the 

volume of the improvement, some differential settlement may take place between improved and 

non-improved portion.  However, the liquefaction of the non-improved sand confined by the 

surrounding improved sand was effectively prevented.  The observed differential settlement in the 

test might be overestimated due to this modeling of tank base compared to the actual tacks with thin 

steel base plate.   

4. In order to establish more rational way for reducing the improvement volume, it is necessary to 

conduct further tests where the base plate of the tank is properly modeled. 
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Abstract:  A series of developments, some unrelated to earthquake or natural hazards risk 
reduction, have occurred in the US which together comprise many elements of an integrated 
approach to natural hazards risk reduction.  These developments include the Disaster 
Mitigation Act of 2000, the HAZUS-MH software, the requirements of GASB 34, and passage 
of the Sarbanes-Oxley Act of 2002.  A major gap still remaining is earthquake risk reduction 
for homeowners, however. Additionally, while the prospects for an integrated program of natural 
hazards risk reduction is promising, the need for appropriate measures of risk, and risk or 
performance goals, are areas for needed research.  

 

1 INTRODUCTION 

Risk identification and mitigation in the US have been significantly enhanced by several recent 
major “risk accounting” developments. These include the passage of the Disaster Mitigation Act of 
2000 (PL 106-390) and the requirements of GASB 34, both affecting public entities, the passage of 
the Sarbanes-Oxley Act of 2002 (PL 107-204) affecting private entities, and the development by 
FEMA of the HAZUS-MH software. Together, these developments are emerging as major elements 
of an integrated approach for natural hazards risk reduction.  This paper describes each of these 
developments, with the goal of both clarifying the picture in the US as well as summarizing these 
trends for the benefit of other countries.  Lastly, several a major gap in the ‘integrated program’ is 
identified, as well as other areas for improvement and opportunities for research.  

 

2   DISASTER MITIGATION ACT OF 2000 (PL 106-390) 

The Stafford Act of 1978 (PL 93-288) formed the basis for modern disaster management in the 
US, allowing for Presidential Declarations of Disaster at the request of the governor of a state, and 
compensation to public entities for cost of repairs arising from the disaster.  Additionally, the Act 
allowed that the “President may contribute up to 75 percent of the cost of hazard mitigation 

measures which the President has determined are cost-effective and which substantially reduce the 

risk of future damage, hardship, loss, or suffering in any area affected by a major disaster.”  As a 
result of a number of major disasters, including the 1989 Loma Prieta and 1994 Northridge 
earthquakes, it became apparent that the Act in some ways had an unintended effect, in that local 
governments sometimes put off major expenditures required for disaster mitigation.  That is, rather 
than spend their own money to fix buildings and infrastructure before a disaster, local governments 
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waited for the time if and when a disaster occurred, and then received a subsidy for the repairs or 
replacement of the damaged facilities, as well as a windfall in the form of Hazard Mitigation Grant 

Program (HMGP).  Examples of cost repairs largely paid for by the federal government included the 
extensive and expensive repairs to the San Francisco and Oakland City Halls following the 1989 
Loma Prieta earthquake, and to the Los Angeles City Hall following the 1994 Northridge 
earthquake.   

As a result, the Stafford Act was extensively amended in 2000 as the Disaster Mitigation Act of 
2000 (PL 106-390, also known as DMA 2000).  A basic requirement of DMA 2000 is that state 
and local governments by late 2004 develop and implement a multi-hazard mitigation plan. This 
requirement is not mandatory, but only those state and local governments who have approved plans 
will be eligible for compensation for repairs or replacement of the damaged facilities, and the 75% 
HMGPs.  Table 1 provides additional detail on these requirements.  This ‘carrot and stick’ 
approach is quite effective, and most state and local governments are developing multi-hazard 
mitigation plan in compliance with DMA 2000.  The multi-hazard mitigation plan has several 
elements (see Figure 1), including: 

a) Risk Assessment, which requires identification of the hazards such as earthquake, 
tsunami, flood, coastal storm, tornado, landslide and wildfire; an estimate of the 
vulnerability to these hazards, including potential monetary losses; and a general 
description of local land use and development trends so that mitigation options can be 
considered in future land use decisions (see Figure 2, and Figure 3).  

b) Mitigation Strategy, describing the goals of the strategy, and a coordinated set of feasible 
actions (see Figure 4) 

The Federal Emergency Management Agency (FEMA) in order to support the implementation 
of these requirements has developed a series of reference materials that provide guidance for 
developing the plan, including.    

• State and Local Mitigation Planning How-to Guides – intended to help States and communities 
plan and implement practical, meaningful hazard mitigation measures (FEMA 386-1 to FEMA 
386-9)  

• Planning for a Sustainable Future (FEMA 364) and Rebuilding for a More Sustainable Future  
(FEMA 365) – two related volumes that provide guidance for integrating sustainable practices 
as part of pre- and post-disaster mitigation planning efforts; and 

• FEMA Mitigation Resources for Success (FEMA 372) – a compact disc with a compendium of 
FEMA resources related to mitigation practices and projects. 

In addition, FEMA has prepared DMA 2000-related training and workshop materials for FEMA 
Regional staff, States, and local communities based on the Plan Criteria and the reference materials 
described above.  Many communities across the US are implementing this process. Figure 5 shows 
an example of hazard mapping and risk identification, for tsunami hazard in Kauai County, Hawaii.  

 

3 HAZUS-MH 

HAZUS-MH was first conceived of in the early 1990’s as a standardized nationally applicable 
natural hazards loss estimation software tool for planning and mitigation purposes.  From 1994 to 
the late 1990’s development of the earthquake module occurred, with the first release in 1997.  
Development of the flood and wind modules occurred from 1997 to 2003, and HAZUS-MH was 
released very recently (for copies see http://www.fema.gov/hazus/pdf/order_form_mh.pdf).  While 
full details of the flood, wind or even just earthquake modules are beyond the scope of the present 
paper (see National Institute of Building Sciences, 1999 and Scawthorn et al, to appear, for more 
details), Figure 7 provides an overview of the earthquake loss estimation methodology.  
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HAZUS-MH is relevant to the present discussion because it is an emerging tool for the consistent 
estimation of losses, in support of the framework laid out in DMA 2000.  Since its release in 1997, 
the earthquake module has seen considerable growth in its use, with 1,700 current users nationwide 
including federal agencies, states, localities, academic institutions, and private enterprises.  In 2001 
a study of estimated annualized earthquake losses for the United States was completed using 
HAZUS99 (FEMA 366), in order to analyze and compare seismic risk across regions of the United 
States, and finding that the Annualized Earthquake Loss (AEL) to the national building stock is $4.4 
billion per year.  Other applications of HAZUS Earthquake have been for the state of South Carolina 
(Bouabid et al, 2002), and San Francisco (Kornfield et al, 2002). Although HAZUS Earthquake was 
originally intended as a planning tool, it has increasingly been utilized for response and recovery 
efforts. This use is especially enhanced with the availability of ShakeMaps, developed in California 
by the USGS [Wald et al., 1999] or by other regional strong-motion instrumentation networks.  

 

4 SECURITY VULNERABILITY ASSESSMENTS 

DMA 2000 only addresses public entities, which leaves a large gap where privately owned 
utility lifelines are concerned, such as water, wastewater, electric power and gas.  Because these 
are privately owned, they are responsible for their own risk management, and are not compensated 
by the federal government should they sustain damage due to a natural hazard.  In some cases, 
public regulators require some risk analyses, but in general this is not the case.  However, as a 
result of 9/11, it became apparent that these vital lifelines were very vulnerable to, and needed to be 
protected against, intentional acts.  An example is the requirement by the US Environmental 
Protection Agency that water utilities in the US, public or privately owned, are required to have 
completed Security Vulnerability Assessments (SVAs) per the schedule shown in Table 2.  The 
SVA procedure is a simplified risk assessment and mitigation methodology, Figure 6, in which a 
significant aspect is defining the utility’s goals, and the Design Basis Threat (DBT).  This differs in 
some ways from seismic vulnerability assessments, in that for security, in actuality, these two 
aspects are inter-active.  That is, for earthquakes, nature provides a fixed ‘spectrum’ of threats, 
while for intentional acts, the ‘threat spectrum’ is defined by the goals of the utility.   

SVA is relevant to the present discussion only because (a) it addresses a portion of the built 
environment, lifelines, often not addressed by DMA 2000, and (b) in practice, some utilities took 
the opportunity of performing the SVA to also address other non-Security-related hazards, such as 
earthquake.  That is, in a number of cases, the SVA methodology was employed for both security 
and seismic related vulnerabilities, and an integrated mitigation program developed. For seismic, 
the mitigation program typically was served by the SVA process in several stages – that is: 

1. the SVA served as a screening methodology for seismic vulnerabilities, identifying those parts 
of the lifeline system that were most critical and required vulnerability reduction,  

2. for those parts of the parts of the lifeline system that the SVA identified as critical and which 
could be readily mitigated (eg, bracing equipment), those mitigation measures were combined 
with the Security-related mitigation measures (eg, installation of new Security alarms, systems, 
or other equipment) into a rapidly implemented program 

3. for those parts of the parts of the lifeline system that the SVA identified as critical and which 
could NOT be readily mitigated (eg, reinforcing tanks), those mitigation measures were referred 
more additional analysis and design, for eventual incorporation into the Capital Improvements 
Program.  

Table 3 shows an example drawn from the author’s practice, in which Security and Natural 
Hazards risk results are presented, while Table 4 shows the integration of these risks into a 
mitigation program.    
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5 GASB 34 

Traditionally, US governmental agencies (state and local) have accounted for infrastructure 
assets like roads, bridges, water and sewer facilities, dams, etc. in their annual financial report 
during the year in which the cost of construction was incurred – so called, cash accounting.  That is, 
the value of all other physical assets does not appear, or is “off the books”. In reality, of course, this 
physical infrastructure is an enormous, although depreciating, asset. A more accurate report of a 
government’s finances would show the existing (depreciated) value of the agency’s capital assets – 
so called “accrual accounting”, in which the cost, or the loss in value, of an asset is spread across 
the asset’s useful lifetime (eg, 20-50 years). Accrual accounting is more consistent with the 
reporting of other costs of doing business, and with private business practices, so that government 
and private business finances are more easily comparable.  In order to encourage state and local 
governments to make the change to accrual accounting, the Governmental Accounting Standards 
Board (or GASB, a nonprofit entity responsible for establishing accounting standards—or generally 
accepted accounting practices GAAP) published GASB Statement 34, which required state and 
local governments to begin reporting the value of their infrastructure assets on an accrual basis, 
generally by 2006.  The relevance of GASB 34 to the present discussion is that (a) the full 
economic value of local government and agency infrastructure is now valued, and (b) DMA 2000 
requires its risk be accounted for.   Thus, an increasing trend in US local government and agency 
financial accounting is the emergence of ‘natural hazard risk charges’ against the value of 
infrastructure.  These risk charges are only now beginning to emerge in local government and 
agency accounting, but it can be anticipated that over time they will be noticed, and provide a 
further impetus for risk management. 

 

6   SARBANES-OXLEY ACT OF 2002 (PL 107-204) 

Just as the Loma Prieta and Northridge earthquakes led to DMA 2000, and the events of 9/11 
led to Security Vulnerability Assessments, the several financial scandals of the last few years (Enron, 
Tyco, etc) led to the passage in 2002 of the Sarbanes-Oxley Act.  Sarbanes-Oxley effectively calls 
for comprehensive, integrated ‘enterprise-wide’ risk management of publicly traded companies.  
That is, while the intent of Sarbanes-Oxley is largely seen as focused on corporate governance 
processes, disclosure practices and internal controls, compliance with Sarbanes-Oxley lays the 
foundation for implementing Enterprise Risk Management (ERM) capabilities that did not 
previously exist for many companies. Many privately-held and not-for-profit firms are also seeking 
to demonstrate adherence to the same standards. The result is a push by investors, policy-makers, 
regulators, exchanges and rating agencies towards greater transparency regarding governance, risks 
and internal control. The relevance of Sarbanes-Oxley to the present discussion is that a key element 
in ERM is the risk due to natural hazards, such as earthquakes – that is, for the first time, private 
companies will be required to quantify their natural hazards risk.  While not statutorily required for 
private companies (as it is for the pubic sector by DMA 2000), the economically efficient 
management and mitigation of this risk, in concert with the comprehensive suite of risks 
confronting the enterprise, will be a natural outgrowth of this push for ERM.  

 

7 CONCLUDING REMARKS 

7.1 Fitting the Pieces Together 

In summary, the several requirements and trends outlined above are emerging as the basis for a 
comprehensive program of natural hazards risk management: 

• public sector – natural hazards identification and mitigation explicitly required by DMA 2000, 

- 372 -



as well as implicitly by GASB 34 

• utility infrastructure – natural hazards identification and mitigation implicitly required by 
Sarbanes Oxley 

• private corporations – natural hazards identification and mitigation implicitly required by 
Sarbanes Oxley 

7.2 Areas for Research and Improvement 

While the comprehensive program of natural hazards risk management, which is pictured above 
as emerging in the US, is promising, there are still many gaps and areas for improvement.  A few 
of these include: 

• Personal property – the risk to people’s homes is the one major ‘piece’ missing from the 
picture outlined above.  For floods, insurance has been efficiently and effectively mandated for 
decades via the National Flood Insurance Program (Scawthorn, 1999). Hurricane risk protection 
is provided at reasonable prices via the insurance industry.  Earthquakes however, both in the 
US and Japan, are strenuously avoided by the insurance industry, so that government pools 
serve this need (at least in California, in the US), although not providing very good coverage or 
prices.  Insurance is not the real answer anyway, as the 1995 Hyogo-ken earthquake 
demonstrated.  Real risk reduction via retrofitting of buildings is required.  How can this be 
accomplished? 

• Risk Metrics - In all the above programs, the measure of risk is not stated, and is usually left to 
the entities to decide for themselves.  While this has certain economic efficiencies, it also 
leaves each entity to ‘re-invent the wheel’, and also results in a very heterogeneous landscape of 
results, which precludes aggregation.  Thus, oversight agencies (regulators, rating agencies) as 
well as investors and, in the case of DMA 2000 the federal government, are prevented from 
comparing performance between entities.    

• Risk Objectives – similarly, risk objectives or performance goals are not provided, and are left 
to the entities to decide for themselves.  The situation is similar as that with risk metrics, with 
each entity floundering as to appropriate objectives, and a heterogeneous final risk landscape.     

• Explicit vs. Implicit –except for DMA 2000, most requirements for natural hazards risk are 
implicit. Even DMA 2000 is mostly seen as being for local governments, so that public agencies 
such as water utilities are sometimes overlooked. What is needed are more explicit requirements 
in GASB 34, Sarbanes Oxley, as well as other mandates, for natural hazards risk accounting.  
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Figure 1The Hazard Mitigation Planning Process (FEMA 386-1) 
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Figure 2 Composite Loss Map (FEMA 386-2) 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 3 Earthquake Loss Estimation Tables (FEMA 386-2) 

- 382 -



 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 4 Alternative Mitigation Actions by Hazard (FEMA 386-3) 
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Figure 5 Kauai (Hawaii) (top) Tsunami Hazard (b) tsunami risk to emergency facilities  

(source: http://www.mothernature-hawaii.com/county_kauai/planning.htm )
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Figure 6 Security Vulnerability Assessment methodology 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 7 HAZUS Earthquake Methodology (NIBS, 1999) 
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Figure 8 HAZUS results, state of South Carolina (Bouabid et al, 2002) 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 9 HAZUS results, City of San Francisco CA (Kornfield et al, 2002) 
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SEISMIC DESIGN: FROM BUILDINGS TO CITIES 
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Professor, Structural Engineering Research Center 

wada@serc.titech.ac.jp 

  

 

Abstract:  A human life is around 80 years. Each building will be used about 60 years. A life of the city 

have to be more than one thousand years. An extreme big earthquake will come to the city in every several 

hundred years or one thousand years. When we want to make safe city to the next big earthquake, we have to 

make buildings having high seismic performance structures such as seismic isolated or passive controlled 

structures than before. 

 

 

 

1. Seismic design of buildings 

 

Many studies have been carried out on a variety of earthquake resistant structures such as seismic 

isolated structures, passive controlled structures, strength oriented structures and ductile frame 

structures. Of these methods, the highest seismic performance is expected from seismic isolated 

structures.  Structures can be designed to achieve the required performance within the limits of each 

of the above four structural methods, if the design earthquake ground motion can be defined. 

 

2. Seismic design for urban city 

 

Earthquake is a natural phenomenon. The largest problem in the seismic design of building 

structures is the uncertainty of future occurrence of ground motion where the building stands.  When 

it will happen and how large it will be are totally unpredictable.  The probability of occurrence of a 

large earthquake ground motion may be evaluated as negligible, and thus neglected in the design 

process on economic grounds.  However, this would be a big gamble, because although the life of 

individual buildings may be 60 years, the life of a city may be longer than 1000 years. Individual 

buildings are components of a city.  The seismic issues of a city cannot be solved if the seismic 

resistance of its individual buildings is determined only from the relationship between the life of a 

single building and the earthquake occurrence in this life span. 

 

3. Level of seismic design and violation of private property rights 

 

Nevertheless, criticism would arise from society if individual buildings were designed for the 

largest level of earthquake ground motion. However, if there had been no large earthquake in the 

period until the building was demolished after several 10s of years, the structures would have been 

wastefully over-designed.  Actions to legally demand excessively high seismic performance are 

interpreted as a violation of Article 29 of the Constitution of Japan [property right]. This is a very 

difficult issue. 
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4. Leaping improvement of seismic performance that does not increase cost 

 

New technology development needs to be advanced.  It is necessary to develop new structural 

systems that provide a huge leap in seismic performance at the same cost as current construction 

methods.  If the cost is not excessive, the rationale is put in place to seek no building damage against 

very rarely occurring large earthquake ground motions.  Society could then not claim that the 

expenditure is wasted.  As a result, safety of cities would become very high.  If the life of a city 

were expected to be 1000 or 2000 years, it would become possible to employ that lifetime as the return 

period of the earthquake ground motion in design. 

 

5.  Research target 

 

The focus of our studies is to pursue this huge leap in seismic performance.  Reinforced concrete 

structures and steel structures introduced to Japan from Europe during the Meiji Restoration period 

have suffered a lot of earthquake damage in the past 100 years.  In my opinion, the limit of these 

structures did not start to be understood until after we entered the 21
st
 century.  It is necessary to 

greatly improve seismic performance of cities by popularizing new technologies such as seismic 

isolated structures and passively controlled structures. The desired approach should be to promote 

building structures of higher seismic performance while maintaining generally the same cost rather 

than the approach of fixing the required seismic performance followed by seeking cost reduction. 
 

Fig. 1  Earthquake ground motion vs. Damage or Repair cost 
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Fig. 5  Almost no Damage of building

in the city after big earthquake, in the

case that all buildings were designed as

seismic isolated structures. 

 

Fig. 4  Damages of buildings in the city

after big earthquake, in the case that all

buildings were designed as passive

controlled structures. 

Fig. 3  Damages of buildings in the city

after big earthquake, in the case that all

buildings were designed as strength

oriented structure. 

Fig. 2  Damages of buildings in the city

after big earthquake, in the case that all

buildings were designed as ductile frame

structure. 

----Seismic intensity 

----Seismic intensity

----Seismic intensity 

 

----Seismic intensity 
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Fig. 6  Many buildings will suffer severe damages by the next big earthquake when the 

buildings are designed in considering with performance of the structures in 60 years and 

permitting of large plastic deformation of the structures. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Fig. 7  Few buildings will suffer severe damages by the next big earthquake when the 
buildings are designed in considering with performance of the city in 1000 years and using 
seismic isolated or passive controlled structural system or new technologies. 

Big earthquake occurs 

Big earthquake occurs 
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Abstract: Degrading of infrastructure not only results in lower service level but also in higher 

risk of earthquake damage.  The maintenance/replacement should be well scheduled so as to 

maximize an economic value of infrastructure.  On the other hand, the design of 

infrastructure should also follow the maximization principle.  The design and the schedule of 

maintenance/replacement interact with each other.  Then, we should optimize both of them in 

a unified framework.  This paper proposes an optimal design problem consistent with 

maintenance/replacement scheduling.  The problem is a type of bi-level programming, which 

contains an optimal scheduling problem at lower level and an optimal design at upper level.  

In the optimal scheduling, the degradation of infrastructure by fatigue is modeled as the 

Markov Chain Process.  In the optimal design, the best material type is chosen.  After we 

formulate a general framework for the problem, we apply it to a case in practice.  The results 

suggest that the schedule and the design interact with each other and are very critical for the 

economic value of infrastructure. 

 

 

1.  INTRODUCTION 

 

Degrading of infrastructure not only results in lower service level but also in higher risk of 

earthquake damage.  The maintenance/replacement should be well scheduled so as to maximize an 

economic value of infrastructure.  On the other hand, the design of infrastructure should also 

follow the maximization principle.  The design and the schedule of maintenance/replacement 

interact with each other.  Then, we should optimize both of them in a unified framework.  This 

paper proposes an optimal design problem consistent with a maintenance/replacement strategy.  

The problem is a type of bi-level programming, which contains an optimal scheduling problem at 

lower level and an optimal design at upper level.   

 

2. MODEL 

 

Design of a structure is formalized as a bi-level programming. The upper level problem is to 

choose design variables such a material type, a size of member and a shape so as to maximize the 

economic value of an infrastructure.  The programming at the upper level is, 
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( (0)) max ( (0), )
x

d D

V X V X d
∈

=                                         (1) 

 

where ( )V �  is the net present value of the infrastructure defined at the lower level, (0)X  the 

initial state of the infrastructure, d  the design variable and 
x

D  the feasible set of d . 

The lower level problem is to find the rule of maintenance/replacement action ( )u t  in any 

periods in time horizon indicated by {0, , }t T∈ L .  Benefit/cost flow is dependent on the state of 

the infrastructure ( )X t , action ( )u t  and the design d .  The net present value, which is the 

objective function at the upper level, is defined as  

 

( )
( )

0 0

0 0

( (0), ) max { ( ( ), ( ), )(1 ) ( ( ), )(1 )

( ( ), ( ), )(1 ) ( ) ( ( ))(1 ) } ( )

T T

t t

X t
u t U

t t

T T

t t

F F

t t

V X d E b X t u t d C X t d

R X t u t d C d P X t I d

ρ ρ

ρ ρ

− −

∈

= =

− −

= =

= + − +

− + − + −

∑ ∑

∑ ∑　　　　　

           (2.a) 

s.t.  

( ) ( ( 1), ( ), , )X t F X t u t d ω= −  for all {1, , }t T∈ L ,               

 (2.b) 

(0) (0) : givenX X= .                                       

    (2.c) 

 

( )b �  is the benefit in the period t . ρ  is the social discount rate. ( )C �  is the operation cost. 

( )R �  is the cost of maintenance/replacement action. ( )
F

C �  is the recovery cost when damaged by 

earthquake and ( )
F
P �  is the probability that the structure is damaged in the unit period. ( )I �  is 

the initial cost or the construction cost of the structure.   The state of the infrastructure ( )X t  

evolves with the state equation in (2.b). The initial state (0)X  is given. 

The probability of damage by earthquake is assumed to be dependent on the state ( )X t .  If 

the structure is more deteriorated, then the probability is higher.  The state equation in the above 

represents the stochastic process which includes the random factor ω .   

The programming described by (2.a) – (2.c) is a kind of stochastic control problem.  To solve 

it, the Bellman’s principle of optimality is often applied and therefore the Bellman’s equation is 

employed. 

 

3. APPLICATION 

 

3.1 Specification of the model 

 

In this paper, we apply the model formalized in the previous section to design of a bridge.  

The bridge is a steel bridge whose initial cost can be simply estimated by total weight.  The design 

is the choice of a material type {1,2,3}d ∈ , where 1 is the strong steel, 2 the normal steel and 3 the 

week steel. We first specify the state ( )X t  in discrete form ( ) ( ) {1,2,3,4}X t i t= ∈ . Then the 

action ( )u t  is also specified as 
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0 for do nothing
( ( ), )

1 for do the action
u i t t


= 


                                  (3) 

 

Functions in (2.a) and (2.b) are specified as, 

 

( ( ), ( ), ) (1 )tb X t u t d bψ λ= +                                   (4.a) 

( ( ), )C X t d c=                                              (4.b) 

1
( ( ), ( ), ) { (1 ) ( ( )) ( ( )) ( ( ) )} ( ( ), )t

R X t u t d b l i t R i t w d A u i t tψ λ α β υ= + + + +                (4.c) 

2
( ) ( )I d w d Aυ= +                                           (4.d) 

3
( ) ( )

F
C d w d Aυ= +                                           (4.e) 

and ( ( )) ( ( ))
F F
P X t P i t=  .                                          (4.f) 

 

In (4.a), b  is the annual benefit of a unit of traffic volume, ψ  the initial annual traffic volume 

and λ  the annual growth rate of traffic.  In (4.b), the operation cost is simply assumed to be 

constant. In (4.c), the cost of maintenance/replacement action consists of  (1 ) ( ( ))t

b l i tψ λ+  the 

reduction of benefit where ( ( ))l i t  is the rate of stopping service due to the action, ( ( ))R i t  the 

component dependent on the state ( )i t  and 
1

( )w d Aυ +  dependent on the weight of the bridge. 

This cost is valid when the action is done ( ( ), ) 1u i t t = . 

The stochastic process denoted by the state equation in (2.b) is rewritten into the Markov 

Chain, whose transition probability matrix is given by 

 

(1 )

. . . .

, , {1,2,3,4}( ) ( ( ))

t

w o w o

i j i j
d P d

ψ λ

φ

+

∈
=M  for nothing done                             (5.a) 

and 1 {1,2,3,4}, {2,3,4}( 1, 0)w w w

i ij i j
P P

∈ ∈
= = =M  for the action.                              (5.b) 

 

(5.a) indicates that the probability matrix for the unit of traffic volume (a million cars per year) 
. .( )w o

dM  must be multiplied with itself for the times (1 )tψ λ

φ

+ . Then in the year when traffic volume 

is large, the probability of deterioration becomes higher.  The matrix in (5.b) means that whenever 

the action is done, the state always comes back to ( ) 1i t = . 

The Bellman equation for the model with the specifications is  
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1
( ( ), ) {0,1}

3

. .

, ,

{1,2,3,4}

( ( ) , )

max (1 ) ( (1 ) ( ( )) ( ( )) ( ( ) )) ( ( ), )

( ( ) ) ( ( ))

1
[ {(1 ( ( ), )) ( ) ( ( ), ) } ( ( 1) , )]

1

t t

u i t t

F

w o w

i j i j

j

V i t i d

b c b l i t R i t w d A u i t t

w d A P i t

u i t t P d uu i t t P V i t j d

ψ λ ψ λ α β υ

υ

ρ

∈

∈

=

= + − − + + + +

− +

 
+ − + + = 

+ 
∑

　　　

　　　

.       (6) 

 

Solving the Bellman equation by backward induction (See Ueda and Kimoto(2003) and 

Judd(1998)), we can calculate the net present value in (2.a) for each design d .  

The parameters and necessary information for specified function and matrices in (4.a)-(5.b) are 

listed in Table 1. 

 

 (a) Material type  

 Strong (1) Normal (2) Week (3) 

Spec SM570 SM490 SM400 

Cost ( )dυ  
140,000(yen/ton) 110,000(yen/ton) 90,000(yen/ton) 

                         (b) Parameters for benefit and cost  

b  c  w  
1 2 3
A A A= =  1/(1 )ρ+  

60 (yen/car) 50000 (yen) 300 (ton) 250,000,000(yen) 0.96 

                          (c) Parameters for maintenance/replacement action 

State ( )i t  
Crack Action Cost of Action 

1
( ( )) ( ( )R i t w d Aα β υ+ +  

1 < 10 mm TIG Processing 5,000,000 (yen) 

2 10 mm - 15mm Welding 10,000,000 (yen) 

3 15mm – 30 mm Steel Plate 25,000,000(yen) 

4 30 mm < Replacement Initial Cost 

 (d) Parameters for earthquake risk 

State ( )i t  
Probability of damage 

( ( ))
F
P i t  

1 0.05 

2 0.1 

3 0.2 

4 0.35 

                 (e) Matrix for Markov Chain for the unit of traffic volume (a million cars/year) 

. .

0.9930 0.0070

0.9915 0.0085
(1)

0.9800 0.0200

1.0000

w o

 
 
 =
 
 
 

M

 

. .

0.9846 0.0154

0.9840 0.0160
(2)

0.9576 0.0424

1.0000

w o

 
 
 =
 
 
 

M

 

. .

0.9630 0.0370

0.9580 0.0420
(3)

0.8670 0.1330

1.0000

w o

 
 
 =
 
 
 

M

 

 

Table 1 Setting of parameters in case study 
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3.2 Results 

 

We first compare the optimal strategy of maintenance/replacement action for each material 

type when the annual growth rate of traffic is 6%.  Figure 1 shows the strategy for each type.  

Each panel in the figure indicates that for example if the state in the period 4 becomes 2,3, or 4, 

then do the action, otherwise do noting. However, the strategy is not time invariant.  Furthermore, 

we find differences in strategy between material types.  Picking up the period 22, we find that if 

the state becomes 2,3, or 4, then do the action in the cases of design 1 (strong steel) and 2 (normal 

steel), and in contrast that if the state becomes 1, 2,3, or 4, then do the action in the cases of design 

3 (week steel).  
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４

 

(a) Material type 1 (strong steel) 
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(b) Material type 2 (normal steel) 
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(c) Material type 3 (week steel) 

 

Figure 1  Comparison of maintenance/replacement strategy between material types 

 

The differences in maintenance/replacement strategy also result in differences in the net 

present value of the bridge as shown in Figure 2.  The material type 1 (strong steel) indicates the 
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highest economic value, 2 (normal steel) the second and 3 (week steel) the lowest.   As a solution 

of the upper level programming, the optimal design as material choice is the type 1 (strong steel) in 

this case. 
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Figure 2  Comparison of the economic value of the bridge between material types for 6% traffic growth 

 

As the society becomes more aged or has less population, the traffic volume may decrease. It is 

of interest that we examine the case that the annual growth rate of traffic is negative, –3%.  Figure 

3 shows the net present value of the bridge for each material type.  In contrast to the case of 6% as 

already examined, the material type 3 indicates the highest economic value.  The optimal design 

has varied from the previous case.    
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Figure 3  Comparison of the economic value of the bridge between material types for -3% traffic growth 

 

Throughout cases in various setting of parameters, we have found that the optimal design and 

strategy of maintenance/replacement action interact with each other.  Although the implications 

are still case-specific, the approach of the bi-level programming has been proved to be useful in the 

economic design of the infrastructure. 

 

4. CONCLUDING REMARKS 

 

We have proposed a bi-level programming model for the economic design of an infrastructure. 

The results of case studies suggest that the schedule and the design interact with each other and are 

very critical for the economic value of infrastructure.   

We should try to enhancement of the model and examination of the model throughout more 

and more case studies. In particular, stochastic process of deterioration must be modeled more 

carefully. 
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1.  INTRODUCTION

    In recent years, seismic risk analysis of building has been widely carried out in Japan for the purpose
of due diligence business for real estate investment trust and so on. Seismic risk curve for a single
building, which can be obtained through both seismic hazard curve at construction site and seismic
loss curve of building, has been generally calculated. However, from the standpoint of risk dispersion,
portfolio seismic risk, which indicates the seismic risk with respect to multiple buildings located at
scattered construction sites, is to be evaluated among property insurance companies etc. Seismic hazard
curve can not be used for calculating portfolio seismic risk, because this curve is only defined with
respect to a single construction site. As a single earthquake may have an influence on seismic damage
of multiple buildings, it is necessary to add up the seismic loss of each building due to a specific
earthquake on condition that the geographical relationship between hypocenter location and each
construction site is appropriately considered. Therefore the analytical method by making use of numerous
scenario earthquakes, which can equivalently represent probabilistic seismic hazard at a specific
construction site, is needed in order to evaluate  portfolio seismic risk. The purpose of this paper is to
evaluate portfolio seismic risk through a set of scenario earthquakes in and around Japan, and to
quantitatively compare with seismic risk of several portfolios, the contents  of which are mutually
different.

2.  ANALYTICAL METHOD FOR EVALUATING PORTFOLIO SEISMIC RISK

    The flowchart for evaluating portfolio seismic risk curve is shown in Fig.1. It is denoted that ‘n’ is
the order of a scenario earthquake and ‘m’ is the order of a building respectively. A set of scenario
earthquakes in and around Japan [1] is adopted in order to calculate probabilistic seismic hazard at a
construction site. The exceedance loss curve of m-th building due to n-th scenario earthquake can be
obtained through integrating the seismic loss distribution of building multiplied by each small occurrence
probability of seismic intensity. By repeating this calculation with respect to other buildings M times,
the exceedance loss curve of multiple buildings due to n-th scenario earthquake is calculated. Moreover,
by repeating this procedure with respect to other scenario earthquakes N times, the exceedance loss
curve of multiple buildings due to all selected scenario earthquakes is calculated. Portfolio seismic
risk curve can be evaluated through this exceedance loss curve. The detail of these procedures is
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described as follows.

2.1  A Set of Scenario Earthquakes
    For seismic source model, many earthquakes which are located at inland and sea are considered.
The model consists of three type seismic sources, which are plate boundaries, inland active faults and
background earthquakes. For the plate boundary source, the Pacific Ocean Plate and the Philippine
Sea Plate are considered. For the fault source, several major tectonic lines are considered as vertical
plane sources, and others are considered as line sources. The background source is considered to
explain historical earthquakes which are not related with plate boundaries or active faults.
    A set of scenario earthquakes, which appropriately represent the characteristic of the above mentioned
seismic source model, is developed. A scenario earthquake consists of a set of information including a
name of source, a location of source, a distribution of magnitude and its annual occurrence rate. The
number of scenario earthquakes should be reduced in order to make it rapid to calculate portfolio
seismic risk. In this study, about twenty-eight thousand scenario earthquakes, which are located at
20km grid-points throughout Japan, are generated. The accuracy of this reduced model has been
confirmed by comparing these results with the probabilistic seismic hazard curve at several principal
cities.

2.2  Seismic Intensity at Construction Site
    Seismic intensity at a construction site is calculated through the attenuation model, representative
parameters of which are magnitude of a scenario earthquake and shortest distance from a hypocenter.
The uncertainty of attenuation is modeled by lognormal distribution.

2.3  Seismic Fragility Curves of Buildings
    For structural type of buildings, R/C buildings, which are modeled by shear lumped mass system,
are selected in this study. In order to obtain the relationship between seismic intensity and response
relative story displacement for each story, earthquake response analysis due to several simulated seismic

Fig.1 Flowchart for Evaluating Portfolio Seismic Risk Curve

Database of Scenario Earthquakes in and around Japan
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n=n+1

Set of Scenario Earthquake  n

m=0

m=m+1

Distribution of Seismic Intensity at Site  m
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waves is carried out. Semi-continuous relationship of them is calculated by changing the level of peak
ground acceleration at several points, and the relationships may be modeled by the following regression
equation.

2
1

dad ×=δ    (1)

a :  peak ground acceleration δ  : response relative story displacement

21,dd  : coefficient of regression

    Minor damage, intermediate damage, major damage, and collapse are considered for the level of
damage. The shape of seismic fragility curve is modeled by lognormal distribution, and its parameters
are determined as follows. The median of limit drift angle with respect to each level of damage is
given through the damaged database of buildings suffered from several historical earthquakes. The
lognormal standard deviation is assumed to be 0.4 for all levels of damage based on damaged ratio
curves in terms of many buildings in 1995 Hyogo-Ken-Nanbu earthquake [2]. The median and lognormal
standard deviation of limit drift angle with respect to each level of damage is shown in Table 1. Because
the relationship between seismic intensity and response relative story displacement can be obtained
from Eq.(1), the lognormal expectation and lognormal standard deviation of seismic fragility curve, in
which peak ground acceleration is selected as the index of seismic intensity, are evaluated respectively
from the following equation.

( )1
2

ln
1

d
dR −×= δλλ      ; δζζ ×=

2

1

dR                                                                                   (2)

RR ζλ ,  : parameters of seismic fragility curve

δδ ζλ ,  : parameters of limit relative story displacement

2.4  Repair Costs of Buildings due to Hyogo-Ken-Nanbu Earthquake
    We investigated the repair cost of buildings suffered from the 1995 Hyogo-Ken-Nanbu earthquake,
and made out the database of repair cost . The total number of investigated buildings are twenty-seven,
and this database consists of eighteen R/C buildings, in which this number includes steel encased
reinforced concrete buildings, and nine steel buildings. On the other hand, this database consists of
fourteen minor damaged buildings, ten intermediate damaged buildings, and three major damaged
buildings respectively. Repair costs per unit area, which are defined by repair cost of whole building
over total floor area, are calculated with respect to each building. Expectations of repair cost per unit
area, which are obtained through these repair costs of each building, are shown in Table 2. The cost
ratios of each building work, which are normalized by sum of repair costs of each building work, are
shown with respect to each level of damage in Fig.2. It is found that the cost ratio of skeleton work is
around ten percent, that of finishing work is approximately thirty percent, and that of equipment work
is about twenty percent regardless of the difference of level of damage. Therefore, it is significant to
enhance seismic performance of finishing materials in order to decrease seismic loss effectively.

2.5  Modeling of Numerous Damaged Modes Through Event Tree
    Including the level of no damage, there are five kinds of the level of damage at each story. In the
case of  L story building, the total combination K of damaged mode for all stories is to be L5 . Therefore
event tree analysis is adopted in order to calculate many consequences as efficiently as possible. For
example, schematic diagram of event tree analysis for five story building is shown in Fig.3. At that

Table1  Parameters of Limit Drift Angle for Seismic Fragility Curve

Minor Intermediate Major Collapse
Median 1/200 1/100 1/75 1/40

Lognormal Standard Deviation 0.4 0.4 0.4 0.4
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time, the occurrence probability and the repair cost of k-th damaged mode is given in the following
equations respectively.

( ){ }∏
=

=
L

i
ikk aSFP

1
     ; ∑

=
=

L

i
ikk CC

1
                                                                                             (3)

( )aSFik  : damaged probability of i-th story with respect to k-th damaged mode on the condition
that  peak ground acceleration is a

ikC  : repair cost of i-th story with respect to k-th damaged mode

    At that time, newly built cost is used for repair cost if any story collapses. As this procedure is
carried out K times, the occurrence probability and the repair cost of all kinds of damaged mode can be
calculated.

2.6  Evaluation of Exceedance Loss Curve of Each Building
    Through the event tree analysis, the seismic loss distribution is obtained. By using Eq.(3), the
expectation and standard deviation of this distribution is calculated by the following equations
respectively.

( )∑
=

×=
K

k
kkC CP

1

µ      ; ( ){ }∑
=

−×=
K

k
CkkC CP

1

2µσ                                                                   (4)

    The occurrence probability 0P ,  in which no story is damaged, and the occurrence probability MP ,
in which any story collapses, are calculated in advance, and the rest distribution of seismic loss is
modeled by lognormal distribution. At that time, the exceedance probability of seismic loss, in which
seismic loss C is greater than c when peak ground acceleration is ‘a’, is formulated as follows.

( ) ( ){ } 




 −−Φ×+−+=>
C

C
MM

C
PPPacCP

ζ
λln

1 0                                                                       (5)

CC ζλ ,  : lognormal expectation and lognormal standard deviation of seismic loss distribution

( )•Φ  : standard normal probability distribution function

    As the uncertainty of seismic intensity at construction site is defined by lognormal distribution, the
exceedance probability of seismic loss of each building due to a specific scenario earthquake can be
formulated by using Eq.(5).

( ) ( ) ( )daEafacCPEcCP ×>=> ∫                                                                                             (6)

Table2  Expectation of Repair Cost per Unit Area (yen)

Fig.2  Cost Ratio of Each Building Work

(1) : temporary work, (2) : demolition work, (3) : skeleton work, (4) : finishing work, (5) : equipment
work, (6) : other work, content of which consists of general overheads and design fee etc.

Minor Intermediate Major
38,800 87,400 119,000

0 10 20 30 40 50 60 70 80 90 100
Cost Ratio (percent)

(1) (2) (3) (4) (5) (6)Minor
Damage

Intermediate
Damage

Major
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( )Eaf  : conditional probability density function of seismic intensity due to a specific scenario
earthquake

2.7  Evaluation of Portfolio Seismic Risk Curve
    In order to calculate the exceedance loss curve of all buildings with respect to a specific scenario
earthquake, the amount of seismic loss distribution of each building is needed. This distribution can be
obtained by the following equation.

( ) ( )∑
=

=
M

m
m ECEC

1
                                                                                                                           (7)

( )ECm  : seismic loss distribution of each building due to a specific scenario earthquake

( )EC  : seismic loss distribution of all buildings due to a specific scenario earthquake

    Annual occurrence ratio of seismic loss for all buildings due to a specific scenario earthquake is
calculated by using both annual occurrence ratio of a specific scenario earthquake and Eq.(7).

( ) ( )EcCPEcC >×=> νν                                                                                                           (8)
ν  : annual occurrence ratio of a specific scenario earthquake

( )EcCP >  : exceedance probability of seismic loss  for all buildings

    The annual occurrence ratio of seismic loss of all buildings due to all scenario earthquakes is given
by using Eq.(8).

( ) ( )∑
=

>=>
N

n
nEcCcC

1

νν                                                                                                             (9)

Assuming that the occurrence of each scenario earthquake is modeled by stationary poisson process,
the annual exceedance probability of seismic loss for all buildings is calculated.

( ) ( )[ ]cCcCP >−−=> νexp1                                                                                                     (10)

According to Eq.(10) , portfolio seismic risk curve can be obtained.

3.  ANALYTICAL CONDITIONS

3.1  Analytical Conditions for Calculating Seismic Intensity
    The scenario earthquakes, the magnitude of which  is greater than five, are selected from a set of
scenario earthquakes. The seismic intensity at engineering bedrock is calculated through Annaka’s
attenuation model [3]. The uncertainty of its model is given by lognormal distribution, in which the
lognormal standard deviation is assumed to be 0.5.
   The response spectrum at engineering bedrock is defined by that of AIJ recommendations [4].  The
acceleration response spectrum in terms of soil type one is selected. The method, which fits response
spectrum due to simulated seismic waves for this target response spectrum, is adopted. Several simulated
seismic waves are generated by the following method, which is defined by multiplying the waves fit
for the target spectrum by the Jennings type enveloped function in proportion to the level of magnitude.
In addition, the level of seismic intensity of simulated seismic waves is variously changed. As a result,
thirty nine simulated seismic waves at engineering bedrock are generated. In order to calculate simulated
seismic waves at ground surface, equivalent linear responses through SHAKE program are carried out
by using the specific soil profile in Table 3.

3.2  Analytical Model for Buildings
    The five story R/C building, in which first natural period is about 0.42sec, and yielding base shear
coefficient is 0.5, is assumed for the analytical model. The vertical distribution of yielding shear
coefficient is given based on the Ai distribution, which indicates the vertical distribution of seismic
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shear coefficient defined by Japan building code. Takeda model is used as hysteresis restoring force
characteristic. Some parameters concerning building model is shown in Table 4. The repair costs per
unit area for minor damage, intermediate damage, and major damage are given through Table2.
Moreover, the repair cost of collapse is given by newly built cost, in which 250,000 yen is assumed for
a standard newly built cost.

3.3  Analytical Cases for Portfolio Seismic Risk
    Result of portfolio seismic risk is influenced by both allocation of buildings and correlation of
seismic loss. Portfolio seismic risk is generally calculated on condition that correlation of seismic loss
among buildings is assumed to be independent. However, correlation of seismic intensity among multiple
construction sites might exist because of a way of allocation. In order to investigate the extreme
combinations, correlation of seismic loss is assumed to be independent or fully correlated. As shown
in Table 4, three cases of portfolio are set to evaluate the difference due to previously mentioned
factors. At that time, total number of buildings is ten, the analytical model of which are all the same.
The degree of influence due to correlation may tend to be higher in Case1 rather than other cases.

4.  ANALYTICAL RESULTS

4.1  Some Results
    Based on the analytical condition in chapter 3.1, the relationship between peak acceleration at
engineering bedrock and peak ground acceleration is obtained in Fig.3. The relationship between peak

Table4 Analytical Model

Table3 Soil Profile for Surface Layer

Fig.3  Relationship between Peak Acceleration at
Engineering Bedrock and Peak Ground Acceleration

Fig.4  Relationship between Peak Ground Acceleration
and Response Relative Story Displacement
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Fig.5  Seismic Fragility Curves at First Story Fig.6  Seismic Loss Curve of Building

Table5 Analytical Cases of Portfolio

Fig.7 Seismic Hazard Curves at Each Construction Site

Fig.8 Comparison of Portfolio Seismic Risk Curves
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ground acceleration and response relative story displacement for each story is shown in Fig.4. In this
figure, five curves denote regression equations through Eq.(1). Seismic fragility curves of first story,
which denote the conditional damaged probability with respect to peak ground acceleration, are shown
in Fig.5. Seismic loss curve, which denotes the relationship between peak ground acceleration and
seismic loss of building, is shown in Fig.6. The seismic loss curves with respect to fifty percent
confidence and ninety percent confidence, as well as expectation of it, are denoted in this figure. It is
noted that the fifty percent confidence curve is relatively similar to the expectation curve until the
value of peak ground acceleration is within about 900 cm/s2. However beyond this value, the fifty
percent confidence curve is considerably larger than the expectation curve, because the occurrence
probability MP  is defined that any story collapses.

4.2 Comparison of Portfolio Seismic Risk
    Seismic hazard curves at each construction site are shown in Fig.7. Seismic hazard curves in case 1
almost correspond with each other. On the other hand, seismic hazard curves in case 3 are mutually
different with respect to a construction site.
    Portfolio seismic risk curves with respect to each case are shown in Fig.8. The seismic loss ratio,
which is normalized by the total cost of ten buildings, is used for the representation of seismic loss. It
is found that portfolio seismic risk cures are different with respect to degree of correlation in all cases.
In due diligence, probable maximum loss (PML) has been conventionally adopted as the checking
level of seismic loss. In this study, PML is defined such that the annual exceedance probability of
seismic loss is equal to one over four hundred and seventy-five. Portfolio PML with respect to each
case is shown in Table 6. It is verified that as the area of allocation of multiple buildings is gradually
narrow, the difference between PML of independent and that of fully correlated gets to be larger. It is
likely that correlations of seismic intensity among construction sites might be high in smaller area.
Therefore, annual expectation of seismic loss, the definition of which is to integrate the probability
density function multiplied by seismic loss, is very useful index for representing seismic risk as well as
PML.

5. CONCLUSION

    From the standpoint of risk dispersion, an analytical method, which can evaluate portfolio seismic
risk through a set of scenario earthquakes in and around Japan, is developed. Seismic risk of several
portfolios, the contents of which are mutually different, is compared numerically through this method.
As a result, it is confirmed that value at risk such as PML is to be different because of the degree of
correlation. Therefore, annual expectation of seismic loss as well as PML is useful index for representing
seismic risk of buildings.
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Abstract:  Seismic isolation has been extensively used worldwide for bridges. Considerable progress has 

been made in control method of civil engineering structures subjected to environmental loads in the past two 

decades. However, in most studies, structures except isolators are assumed to be linear elastic. This paper 

shows the efficiency of supplementary dampers with active control algorithm to mitigate the large deck 

displacement and the hysteretic behavior of column. Magnetorheological dampers (MR-dampers) are used in 

this numerical analysis so that arbitrary control algorithm for damping force vs. bridge response relations is 

introduced. Both external and internal damper allocations are implemented to evaluate the difference of 

performance.   

 

 

1.  INTRODUCTION 

 

Seismic isolation has been extensively used worldwide for bridges. However isolated bridges 

inherently exhibit inelastic responses and excessive deck displacements when subjected to a strong 

near-field ground motion, such as Northridge Earthquake in USA, 1994, Kobe Earthquake in Japan, 

1995 and Chi-Chi Earthquake in Taiwan, Duzce Earthquake in Turkey, 1999. Such large 

displacements enhance the difficulty of design of bridge accessory equipments, such as expansion 

joints and unseating prevention devices, and may affect the recovery and reconstruction after 

earthquakes even though collapse does not occur.  

This paper shows the efficiency of supplementary dampers to mitigate the large deck displacement 

and the hysteretic behavior of columns. Magnetorheolgical (MR) fluid dampers are used in this 

analysis so that arbitral control algorithm for damping force vs. bridge response relations is introduced. 

A bridge is composed of low-damping isolation bearings and MR dampers, and it is subjected to five 

near-field ground motions. Both external and internal damper allocations are implemented by 

numerical simulation based on active optimum control with full-state feedback to evaluate their 

efficiency.  

In most control studies, structures except isolators are assumed to be linear elastic even under 

strong earthquakes. However, based on the modern bridge seismic design method, bridge columns 

exhibit high hysteresis to dissipate more energy. In this study, hysteretic behaviors of columns are 

included in the analysis as well. It is found from the analysis that columns with high ductility still 

exhibit hysteretic behavior under extreme earthquakes and the efficiency of control force due to 

classical control method is not as remarkable as the one with low ductility under moderate 

earthquakes. 
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2.  ISOLATED BRIDGES WITH SUPPLEMENTARY DAMPERS 

 

Consider a n degrees of freedom nonlinear or hysteretic structure subjected to a one-dimensional 

earthquake horizontal ground acceleration ( )
g

u t&& . The equation of motion is given by  

( ) [ ( )] [ ( )] ( ) ( )D S gt t t u t t+ + = +M u F u F u η H U&& & &&  (1) 

in which 
1 2

( ) [ , , ..., ] '
n

t u u u=u  is an n-vector with 
i
u being the displacement of the ith element; M  

is a (n × n) mass vector. [ ( )]
D

tF u&  and [ ( )]
S

tF u  are nonlinear damping and stiffness vectors, 

respectively; ( )tU  is a r-dimensional consisting of r active control damping forces from the MR 

dampers, and H  is a (n× r) denotes the location of MR dampers. In this paper, a prime indicates the 

transpose of either a matrix or a vector.  

In the state space, Eq. (1) can be expressed as 

( ) [ ( )] ( ) ( )
g

t t t u t= + +Z g Z B U W& &&
 (2) 

in which [ ]g Z(t)  is a 2n-vector which is a nonlinear function of the state vector ( )tZ  and other 

matrices are defined as follows: 

( )
( )

( )

t

t

t

 
=  

 

u
Z

u&
; 

1

( )
[ ( )]

[ ]

t

t
−

 
=  − + D S

u
g Z

M F F

&

; 
1

0

−

 
=  

 
B

M H
; 

1

0

−

 
=  

 
W

M η
 (3) 

The LQR performance index is given by 

0

[ ( ) ( ) ( ) ( )]
ft

J t t t t dt= +∫ Z' QZ U' RU  (4) 

in which Q  is a (2n×2n) symmetric positive semidefinite weighting matrix and R  is a positive 

weighting matrix.  

Referring to the generalization of optimal control theory for nonlinear structures by Yang et al. 

(1994), minimizing the objective function, J , given by Eq. (4) subjected to the constraint of the state 

equation of motion, Eq. (2) yields the control damping force as follows: 

1( ) 0.5 ( )t t
−

= −U R BPZ  (5) 

1' 0.5 ' ( ) 2t
−

+ − = −
0 0

Λ P PΛ PBR B PZ Q
 (6) 

in which P  is the Riccati matrix where  

0
( ) / |

=
= ∂ ∂

0 Z
Λ g Z Z

 (7) 

Note that Eq. (6) is approximated by neglecting the earthquake ground acceleration ( )
g

u t&&  and 

linearizing the structural system at the initial equilibrium point Z=0. Since the term 1
'

−

PBR B P  is 

positive semidefinite, Eq. (7) can be approximated further by 

' 2+ = −
0 0

Λ P PΛ Q
 (8) 

which is known as the Lyapunov equation.  

The bridge structure and isolated bearing may be idealized to be nonlinear or hysteretic. The 

following hysteretic model is used for both the bridge structure and isolator. The stiffness restoring 
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force is given by Bouc-Wen model. 

( ) ( ) (1 )
si i i i i i yi i

F t k x t k x vα α= + −  (9) 

in which
i
x = deformation of the ith element, 

i
k = elastic stiffness, 

i
α = ratio of the post-yielding to 

pre-yielding stiffness, 
yi
x = yielding deformation, and

i
v = hysteretic variable with | | 1

i
v ≤ , where  

11 | || | | |i i
n n

i yi i i i i i i i
v x A x x v v x vβ γ

−−  = − − & & & &  (10) 

in which parameters
i

A ,
i

β ,
i

γ and
i
n govern the scale, general shape and smoothness of the hysteresis 

loop. Note that the ith element is linear elastic if 
i

α  = 1.  

 

 

3.  NUMERICAL SIMULATION 

 

A target bridge with isolators is considered as shown in Fig. 1. MR dampers are installed between 

the deck and the column or the deck and the abutment. When MR dampers are connected to the 

abutment, they are regarded as applying external force to the bridge. On the other hand, when MR 

dampers are connected to the deck, the damping forces are regarded as part of internal forces. The 

effectiveness of both allocations will be discussed respectively. Assuming that the soil is stiff, the 

response of bridge may be idealized as a two degree of freedom system as shown in Fig. 2. The mass 

of deck and column are 700T and 140T, respectively. The columns exhibit bilinear elastoplastic 

behavior with zero post-yield stiffness, whereas the isolator is elastomeric with low damping, Fig.3. 

The fundamental natural period of the entire bridge is 1.3 second. For simplicity, the damping of the 

system is considered as linear viscous damping and the damping ratio of 2% is assumed for the both 

modal shapes. 

The earthquake records used in this study are JMA Kobe Observatory and JR-Takatori Station in 

the 1995 Kobe Earthquake, Japan, Duzce in the 1999 Duzce Earthqauke, Turkey, Sylmar Parking Lot 

in the 1994 Northridge, USA, and Sun-Moon Lake in 1999 Chi-Chi Earthquake, Taiwan, as shown in 

Fig. 4. All the excitations are applied at the full intensity for the evaluation of the performance indices. 

With the MR damper applying the control force to the bridge, the structural response depends on 

the weighting matrices Q  and R . For this example, the Q  matrix is considered as a diagonal 

matrix with all the diagonal elements equal to 1.0. Since the R  weighting matrix consists of only one 

element and the magnitude of required control damping force mainly depends on R  value,  R  

value is implemented over a wide range in order to evaluate and search for the suitable R  value 

under the feasible capacity of devices. In some studies, considering that the required control force may 

be too large when the earthquake excitation is strong, saturated controller is adopted to bound the 

control force. In this study, control force will not be limited but only control force below 30% of deck 

weight is evaluated.  

Time histories of all the response quantities have been computed within 30 seconds of the records 

except Chi-Chi Earthquake with 40 seconds. The generated control damping force, and the 

corresponding displacement and absolute acceleration of deck and column are evaluated using 

normalized indices. The performance index of generated control damping force is normalized by the 

deck weight. The performance indices of displacement and absolute acceleration are normalized by 

the corresponding magnitudes in the uncontrolled structure. The results of the evaluations for external 

damper and internal damper are presented as follows. 

 

3.1  External damper 

Time history displacement responses for JMA Kobe and Sun-Moon Lake earthquakes withR of 
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5× 12
10

−  are shown in Figs. 5 and 6. The hysteretic loops of the column and isolator are also shown in 

Figs. 7 and 8. The corresponding stroke and damping force hystereses of the MR damper are shown in 

Fig. 9. As observed from the results, displacement responses are reduced substantially from the 

uncontrolled responses. The column even exhibits elastic response using controlled damper under 

JMA Kobe record, while column displacement ductility factor decreases from 12 to 7 under 

Sun-Moon Lake record. 

The performance indices described above with respect to weighting R  for five ground motions 

are shown in Fig. 10. The column displacement ductility factor without control is 4.1, 3.8 and 1.1 

under JMA Kobe, Duzce and Sylmar records, respectively, while it is 9.2 and 11.8 under JR-Takatori 

and Sun-Moon Lake records, respectively, which are not shown in Fig. 10(d). The higher ductility 

factor in uncontrolled bridge, the higher control damping force is generated as shown in Fig. 10(a). 

However, even though higher control force is applied, the deck displacement under Sun-Moon Lake 

and JR-Takatori do not reduce to the level developed under other records except Sylmar, as shown in 

Figs. 10(b), and it is important to note that column still exhibits high inelastic behavior as shown in 

Fig. 10(d). One can attribute it to the insufficient assumption in the linearization of the bridge that the 

initial stiffness is used to determine the gain vector of control force.    

 

3.2  Internal damper 

Time history displacement responses of the deck and the column under JMA Kobe and Sun-Moon 

Lake records with R  of 5× 12
10

− are shown in Figs. 11 and 12. The hysteretic loops of the column 

and isolator are also shown in Figs. 13 and 14. The corresponding stroke and damping force hystereses 

of the MR damper are shown in Fig. 15. Using the controlled damper, both the deck and column 

displacements can be decreased, but still some inelastic deformation occurs in the column. 

The performance indices with respect to weighting R  for five ground motions are shown in Fig. 

16. As same as the external damper, the deck displacement under Sun-Moon Lake and JR-Takatori do 

not reduce to the level developed under other records as shown in Figs. 16(b) even though higher 

control force is applied as shown in Fig. 16(a). One can also attribute it to the insufficient assumption 

in the linearization of the bridge that the initial stiffness is used to determine the gain vector of control 

force. Note that column still exhibits hysteretic behavior compared to the same level of control force 

applied by the external damper under all ground motions except Sylmar as shown in Fig. 16(d). In 

addition, the decrease of deck and column displacements results in an increase of deck accelerations 

because the internal damping force restricts the relative displacement between the deck and the 

column as shown in Fig. 16(e).    

 

 

4.  CONCLUSIONS 

 

The feasibility and effectiveness of MR dampers for controlling the seismic response of isolated 

bridges have been evaluated by numerical simulations under five strong near-field ground motions. 

The damper allocations investigated include the external damper and the internal damper. The 

following conclusions may be obtained from the results presented herein.  

(a) Both damper allocations are effective for active control in reducing the deck displacement 

subjected to the near-field ground motions. Especially, the external damper shows higher 

efficacy than the internal damper and no penalty of increasing deck acceleration. However the 

external damper may only be installed at the ends of bridges such as abutments. It is limited 

for wider application in seismic design. 

(b) The magnitude of damper force required for control depends on not only the weighting R  but 

also the intensity and characteristic of ground excitation. In addition, the performance indices 

extensively vary depending on ground motions so that one should pay an attention on the type 
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of ground motions to maintain the stability of control. 

(c) Under the control using a feasible level of damping force, the amount of mitigation of the deck 

displacement and the plastic deformation in the column is insufficient. Further improvement 

of the control method that can be applied to bridges with high nonlinearity is required. 
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Abstract:  C-bent columns have a unique seismic performance due to the eccentricity between the column 
center and the point where the dead load of the superstructure and the lateral inertia force apply. This results 
in an extensive deterioration of the flexural capacity and an increase of residual displacement. To study the 
effect of the eccentricity on the seismic performance of C-bent columns, a hybrid loading test was conducted.  

1.  INTRODUCTION 

In urban areas, there exists a number of reinforced single columns with the lateral beams being 
longer in one side than the other. They are called C-bent columns or inversed L-shaped columns. 
C-bent columns are subjected to an eccentric dead load of the superstructure and the inertia force 
during an earthquake. As a consequence, a side of the eccentricity (side with longer lateral beam) and 
the other side of the eccentricity are subjected to compression and tension, respectively, due to the 
dead load of the superstructure. They are called hereinafter the eccentric compression side and the 
eccentric tension side, respectively. 

To clarify the seismic performance of reinforced concrete C-bent columns, Kawashima and Unjoh 
conducted a shake table test (Kawashima and Unjoh 1994), and Tuchiya et al conduct a cyclic loading 
test (Tuchiya et al 1999). From the studies, it was found that an extensive failure occurred at the 
eccentric compression side of the columns and this resulted in a large residual displacement under a 
strong excitation. Based on a bilateral cyclic loading test on reinforced concrete C-bent columns, 
Kawashima et al pointed out that the restoring force deteriorates more significantly under the bilateral 
loading(Kawashima et al 2003). 

To study the seismic response of reinforced concrete C-bent columns under a bilateral excitation, a 
hybrid loading test was conducted on six model columns with two eccentricities. This paper presents 
the experimental behavior of the models. 

2. MODEL COLUMNS AND TEST PROCEDURE 

Six model columns without an eccentricity and with the eccentricities of 0.5D and D (D: width of 
the columns) were constructed as shown in Table 1. They were designed in accordance with the 
current Japanese seismic design codes (JRA 1996) assuming that they are “small prototype” columns. 
They have a 400 mm×400mm square cross section with an effective height from the bottom to the 
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2

loading point of 1350mm.  
Fig. 1 shows the model columns. Deformed longitudinal bars with a 13 mm diameter (D13) are 

provided in double at the eccentric tension side in the column with an eccentric of 0.5D. On the other 
hand, the D13 longitudinal bars are provided in double at not only the eccentric tension side but also 
the eccentric compression side in the column with an eccentricity of D. The compression in the 
eccentric compression side is so large in the column with the eccentricity of D that the double 
reinforcements are required in the eccentric compression side. The longitudinal reinforcement ratio is 
1.27%, 1.35% and 1.90% in the columns without an eccentricity and the columns with the 
eccentricities of 0.5D and D, respectively. D6 tie bars are provided at 50 mm interval for the entire 
column height. They are anchored by 135 degree bent hooks. Ties are provided in the inner 
longitudinal bars as well. The volumetric tie reinforcement ratio is 0.79%, 0.99% and 1.19% in the 
columns without an eccentricity and the columns with the eccentricities of 0.5D and D, respectively.  

The loading test was conducted using the dynamic testing facility in the Tokyo Institute of 
Technology. The columns were subjected to unilateral excitation in the longitudinal direction 
(direction perpendicular to the eccentricity) and bilateral excitation under a constant vertical load of 
160 kN, which induced a stress 1 MPa at the plastic hinge of the column. The ground acceleration 
recorded at JMA Kobe Observatory during the 1995 Kobe earthquake was used as an input motion by 
scaling down its intensity to 30% of the original. NS and EW components were used in the 
longitudinal and transverse directions, respectively. Since the lateral actuators in the longitudinal 

Table 1  Model Columns used in the Hybrid Loading Tests 

Models H-1 H-2 H-3 H-4 H-5 H-6 
Eccentricities 0 0.5D D 0 0.5D D

Longitudinal Reinforcement Ratio (%) 1.27 1.35 1.9 1.27 1.35 1.9 
Tie Reinforcement Ratio (%) 0.79 0.99 1.19 0.79 0.99 1.19 

Concrete Strength (MPa) 28.7 32.1 31.3 31.2 29.1 28.6 
Loading Type* 1 2 

*Loading Type=1: loading in the longitudinal direction using NS component of JMA Kobe record, and Type=2: 
loading in the bilateral direction using NS and EW components of JMA Kobe record 
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direction as well as the actuator in the vertical direction was set apart from the column center 
with an eccentricity, it is noted that a rotation occurred in the columns as a result of the 
eccentricity.  

3. SEISMIC RESPONSE BASED ON A HYBRID LOADING TEST 

3.1  Seismic Response under Unilateral Excitation 
Fig. 2 compares damage of the column without an eccentricity (H-1) and the columns with 

eccentricities of 0.5D (H-2) and D (H-3) after the tests. Only flexural cracks occurred at all surfaces in 
the columns without an eccentricity and an eccentricity of 0.5D, while spalling off of the covering 
concrete as well as flexural cracks occurred at the surface in compression side (B surface) in the 

A    B     C    D A     B      C      D A       B        C         D 
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column with an eccentricity of D. Longitudinal and ties bars suffered no visible damage in the tests.  
Fig. 3 shows the displacement response of the three columns. The maximum displacement was 

3.4%, 3.0 % and 2.9% drift in the columns without an eccentricity and with the eccentricities of 0.5D
and D, respectively. Residual drift in the longitudinal direction was not significant in the tests. A 
remarkable feature of the C-bent columns under the excitation in the longitudinal direction is the 
drifting of the columns in the eccentricity direction as shown Fig. 4. This resulted from the failure of 
concrete in the eccentric compression side. The residual drift reached 1.3% and 2.7% in the columns 
with the eccentricities of 0.5D and D, respectively.  

Fig. 5 shows the lateral force vs. lateral displacement hysteresis of the columns. The maximum 
strength was 139.5kN, 139.6kN and 152.5kN in the columns without an eccentricity and with the 
eccentricities of 0.5D and D, respectively, and was stable during the entire excitations. The eccentricity 
resulted in rotations of the columns as shown Fig. 6. The maximum rotation was 0.008 and 0.019 
radian in the columns with the eccentricities of 0.5D and D, respectively. It is obvious that the rotation 
increases as the eccentricity increases. 

3.2  Seismic Response under Bilateral Excitation 
Fig. 7 compares the damage of the column without an eccentricity (H-4) and the columns with 

eccentricities of 0.5D (H-5) and D (H-6) after the bilateral excitation. Spalling off of the covering 
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Fig. 7  Damage of the Columns after the Tests under the Bilateral Excitation 
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concrete as well as flexural cracks occurred at CD corner in the column without an eccentricity, while 
it occurred at the surface in the eccentric compression side in the column with the eccentricities of 
0.5D and D. Longitudinal and ties bars did not suffer visible damage in the tests. It is apparent that 
more extensive failure occurred in the columns under the bilateral excitation than those under the 
unilateral excitation.  

Fig. 8 shows the displacement response of the columns under the bilateral excitation. The 
maximum displacement in the longitudinal direction was 4.3%, 4.2% and 3.9% drift in the columns 
without an eccentricity and with the eccentricities of 0.5D and D, respectively. The maximum 
displacements under the bilateral excitation were 26-40% larger than those under the unilateral 
excitation. Residual drift was not significant in the longitudinal direction. On the other hand, the 
maximum displacement in the transverse direction was -3.6%, -3.5% and -4.6% drift in the columns 
without an eccentricity and with the eccentricities of 0.5D and D, respectively. Residual drift in this 
direction was -2.7% and -4.1% drift in the columns with the eccentricities of 0.5D and D, respectively, 
while it was -1.3% and -2.7% drift in the columns with the eccentricities of 0.5D and D, respectively, 
under the unilateral excitation. Residual drift under the bilateral excitation was much larger than that 
under the unilateral excitation. 

Fig. 9 shows the lateral force vs. lateral displacement hysteresis of the columns. The strength in 
the longitudinal direction was 116.7 kN, 129.8 kN and 133.6 kN in the columns without an 
eccentricity and with the eccentricities of 0.5D and D, respectively. The flexural strengths under the 
bilateral excitation were 7.0-16.4% smaller than those under the unilateral excitation. The restoring 
force was stable during the entire duration of the excitations. Significant deteriorations of the restoring 
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6

force did not occur in the longitudinal direction under the bilateral excitation. The strength in the 
transverse direction was 120.4 kN, 116.7 kN and 116.7 kN in the columns without an eccentricity and 
with the eccentricities of 0.5D and D respectively. The restoring force deteriorated to 71% and 75% of 
their strength in the columns with the eccentricities of 0.5D and D, respectively, at 3.5% drift.  

Fig. 10 shows the rotations of columns relative to the footings in the columns. The rotation 
occurred in the columns without an eccentricity was limited (0.005 radian). On the other hand, the 
maximum rotation was 0.014 and 0.022 radian in the columns with the eccentricities of 0.5D and D,
respectively. The rotation increases as the eccentricity increases. 
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4.  EFFECT OF LOADING HYSTERESIS 

To clarify the effect of loading hysteresis, a result of cyclic loading tests of reinforced concrete 
C-bent columns conducted by Kawashima et al is presented here. Two columns with an eccentricity of 
0.5D and two columns with an eccentricity of D were loaded unilaterally or bilaterally. In the bilateral 
loading, a rectangular orbit was used. Amplitude of the lateral displacement was stepwisely increased 
from 0.5% drift until failure with an increment of 0.5% drift. Three cyclic loading were conducted at 
each step. Due to the space limitation, only envelop curves of the lateral force vs. lateral displacement 
hysteresis are shown here. 

Fig. 11 compares the envelops of the hysteresis between the hybrid loading test and the cyclic 
loading test under the unilateral excitation in the longitudinal direction. Deterioration of the flexural 
strength initiated at 3% and 2.5% drift in the columns with the eccentricities of 0.5D and D,
respectively, under the cyclic loading test, while the restoring force was stable until 3% and 2.8% drift 
in the columns with the eccentricities of 0.5D and D, respectively, under the hybrid loading test. As a 
consequence, an extensive underestimation of the restoring force occurred at larger displacements 
under the cyclic loading test. 

Fig. 12 compares the envelops of the lateral force vs. lateral displacement hysteresis between the 
hybrid loading test and the cyclic loading test under the bilateral excitation. Again, it is apparent that 
more extensive damage progressed in the columns subjected to the cyclic loading than those subjected 
to the ground motion excitation.  

5.  CONCLUSIONS 

To clarify the seismic performance of reinforced concrete C-bent columns, a hybrid loading test 
was conducted. The following conclusions may be derived from the results presented herein.  
1) Extensive failure occurs at the plastic hinge in the eccentric compression side under both the 

unilateral excitation and the bilateral excitation. This results in a large residual displacement in the 

Table 2  Model Columns used in the Cyclic Loading Tests 

Models C-1 C-2 C-3 C-4 
Eccentricities 0.5D D 0.5D D

Longitudinal Reinforcement Ratio (%) 1.35 1.9 1.35 1.9 
Tie Reinforcement Ratio (%) 0.99 1.19 0.99 1.19 

Concrete Strength (MPa) 24.3 24.9 24.3 25.5 
Loading Type* 1 2 

*Loading Type=1: loading in the longitudinal direction, and Type=2: loading in the bilateral direction  
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8

eccentric compression side. The failure and the residual displacement under the bilateral excitation 
are more extensive than those under the unilateral excitation. 

2) The eccentricity results in rotations of the columns around their axis under both the unilateral 
excitation and the bilateral excitation. The rotation increases as the eccentricity is increases. 

3) The cyclic loading test with the rectangular orbit results in more extensive deterioration of the 
flexural strength than that under the hybrid loading test. 
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Abstract:  In this paper, three-dimensional non-linear earthquake responses of R/C structures were 

considered with one-mass-system. The restoring force characteristics were modeled based on the theory of 

plasticity, which was one of the macro models. Two types of the restoring force model were adopted. One 

was flexural type that could be seen in rigid frame structures, and the other was shear type that could be seen 

in R/C box wall structures. Parameters of the response analysis were natural period of the system and types 

of analysis those were three and two dimensional analyses. As a result, comparison between three and two 

dimensional responses, consideration of vertical response acceleration, and estimation of total energy input 

were carried out. 

 

 

1.  INTRODUCTION 

 

An earthquake response analysis of building is one of the effective methods in order to estimate 

the seismic safety. One-directional analysis is popular in the seismic design, and lateral two-directional 

effects are often considered. However, three-directional analysis is hardly made in the seismic design 

instead of its necessity. In this paper, three-dimensional non-linear earthquake responses of R/C 

structures were considered with one-mass-system. 

The restoring force characteristics can be represented with skeleton curve and hysterisis loop. It 

can be said that the characteristics of R/C structures can be classified into two types. One is flexural 

type that has large area in hysterisis loop, and the other is shear type that has small area in the loop, 

where the area means energy dissipation. The former one can be seen in rigid frame structures, and the 

later one can be seen in R/C box wall structures. The restoring force model presented by Nishimura 

and Takiguchi (2003), which was based on the theory of plasticity so-called analogy model that was 

one of the macro models, was used for both types with modification of stiffness of hysterisis loop. 

This model can describe axial deformation behavior on unloading that was one of the problems on 

analogy models of R/C structures (Takiguchi and Gao 2000). 

 

 

2. RESTORING FORCE MODEL 

 

2.1  Skeleton Curves 

The two types of restoring force model, which are called F-model and S-model in this paper, are 

represented in tri-linear skeleton curves as shown in Figure 1. The F-model has large area and the 
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S-model has small area in hysterisis loops. Figure 2 shows cracking surface and yield surface those are 

corresponded to first and second corners of the skeleton curve, respectively. The F-model has parabola 

surfaces and the S-model has ellipse, and the cracking surface and the yield surface are expressed as 

F
c
=0 and F

y
=0, respectively. The characteristics of Y-axis are assumed to be the same with X-axis. A 

force point and a deformation point are expressed as {P}=(QX, QY, N) and {δ}=(δX, δY, δZ), 

respectively, where X and Y axes are lateral axes and Z-axis is vertical axis. The restoring force 

models of one-direction shown in Figure 1 were expressed when N=CN. The yield surfaces and the 

cracking surfaces obey the mixed hardening rule that consist of isotropic hardening and Prager's 

kinematic hardening rule (Shield and Ziegler 1958). 

 

  

 

 

 

 

 

 

 

 

 

 

   

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

QX-δX relationship [N=CN] QX-δX relationship [N=CN] 

N-δZ relationship [QX=0 and QY=0] 

(a) F-model 

N-δZ relationship [QX=0 and QY=0]

(b) S-model 
Figure 1  Restoring Force Model on One-axis

Figure 2  Cracking Surface and Yield Surface
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range of

loading surface

[ZFl=0 ]

XQ

2.2  Loading Surface 

Loading surface that is corresponded to corner of hysterisis loop of F-model is assumed as F
l
=0 

(Nishimura and Takiguchi 2003). As shown in Figure 3, the loading surfaces are assumed on a virtual 

plane and Z-axis those are expressed as bF
l
=0 and ZF

l
=0, respectively. bF

l
=0 is represented as circle 

where {bP}=(bQX, bQY)
T
, and ZF

l
=0 decide the range of Z component of a force point.  

 

 

 

 

 

 

 

 

 

 

 

 

  

 

 

 

 

 

 

 

 

 

 

 

The force point {P} in tri-axial force space is transformed to the point {bP} on the virtual plane 

with the following equation, where {P'}=(bQX, bQY, 0)
T
 (Nishimura and Takiguchi 2003). 
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n
⋅









⋅

⋅
−⋅=

}{}{

}{}{
'     (1) 

 

[I] is unit matrix, {l} is normal vector of the corn shown in Figure 4, and {n} is a unit vector lies in 

positive direction of Z-axis. In this paper, kn is assumed as follows. 

 

{ }2)(1 c

m

c

Cn
NNNk −−=  for F-model, and { }21

c

m

c

Cn
NNNk −−=  for S-model.  (2) 

 

A center of the loading surface is also transformed in the same way as the force point. 

 

2.3  Rigidity Degradation 

Elastic rigidity degradation of F-model is assumed as shown in Figure 5. The elastic rigidity before 

yielding is decided as a point direct to the maximum point experienced. The rigidity after yielding is 

decided according to ratio between maximum yield deformation and initial yield deformation those are 

expressed as mδ
y
X and YδX in Figure 5, respectively. The following equation is given to express these 

rules. 
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Figure 4  Model of Direction of Plastic Deformation

loading surface
[ bFl=0 ]

X

YbQ

bQ

On Virtual Plane 

On Z-Axis 

Figure 3  Loading Surface 

δZ

δY

δX

T

{dδp}

{l}

- 423 -



 

X

XY

y

Xm

XX

e

X KK ⋅







⋅=⋅

γ

δ

δ
αα         (3) 

 

αX is the lower value between α
c
X and imQ

y
X/(YδXKX), where imQ

y
X is initial value of mQ

y
X. mδ

y
X, 

which initial value is equal to YδX, is assumed to increase as yield surface expands. α
el
X shown in 

Figure 5 is assumed as follows, which is considered axial force effects by using kn that is equal to 

Eqn.(2). 
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α
e
X of S-model is assumed as follows, which is also considered axial force effects. 

 
c

Xn

e

X
k αα ⋅= , where kn is equal to Eqn.(2).   (5) 

 

Rigidities of Y and Z axes are calculated the same as X-axis. 

 

2.4  Top of Corn 

A top of the corn shown in Figure 4 is made smooth by parabola to have no corner as shown in 

Figure 6 because the corner make calculation difficult. In this paper the range of parabola is mδ
y
X/50 in 

X-direction, and the range in Y- directions are calculated the same as X-direction. 

  

 

 

 

 

 

 

 

 

 

 

3. EARTHQUAKE RESPONSE ANALYSIS 

 

3.1  Numerical Program 

Earthquake responses of R/C structures were examined with the one-mass-system and the two 

types of restoring force model those were F-model and S-model. Newmark method [β=1/4] was used 

for the response analysis, and three earthquake ground motions those were Chi Chi 1999, Kobe 1995, 

and El Centro 1940 were inputted. Constants of the F-model and the S-model were decided based on 

experimental results of R/C columns (Takiguchi et al. 2001) and R/C box wall structures (Torita et al. 

1998), as shown in Table 1. Coefficient of damping was calculated with damping factor and instant 

stiffness of the system on each step. Parameters of the analysis were natural period ranged from 0.1 to 

0.6 and types of analysis those were three and two dimensional analyses. The natural period 

corresponds to initial elastic stiffness of the model. The restoring model of two-dimensional analysis is 

the same to the model of three-dimensional analysis except for having no Z-directional components. 

A total plastic deformation can be given as shown in Figure 7. A total plastic deformation ratio η 

Figure 5  Rigidity Degradation

T

range of parabola

δZ δY

δX

Figure 6  Top of the Corn 
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on one-dimension can be estimated by ∆h if p, β, and ξ. The equation shown in Figure 7 was adopted 

in three and two dimensional analyses. In this paper, earthquake response analyses were carried out as 

η get to 20.0 in F-model and 0.5 in S-model those are decided based on the past experimental study 

(Takiguchi et al. 2001, and Torita et al. 1998). ∆h corresponded to η was calculated, and then analyses 

were made as ∆h get to the calculated values. 

 

Table 1  Constants of the system 
 F-model S-model 

βX (=βY=βZ) 0.27 0.21 

pX (=pY=pZ) 0.001 0.001 

Axial force ratio 0.25 0.1 

Ratio of yield strength to cracking strength 2.2 3.3 

Axial yield strength ratio of tension to compression 0.25 0.25 

Axial cracking strength ratio of tension to compression 0.1 0.1 

γ shown in Eqn.3 -0.5 - 

Damping factor 0.02 0.05 

Ratio of vertical natural period to lateral natural period 0.3 0.3 

 

 

 

 

 

 

 

 

 

 

 

 

3.2  Numerical Results 

Figure 8 shows responses in case of inputting Kobe ground motion. Initial natural periods of the 

system are 0.2 for F-model and 0.1 for S-model. UD-axis takes compressive side as positive direction. 

As shown in Figure 8, the restoring force model shown in this paper could represent behaviors on 

unloading stage, which UD-directional deformation direct to compressive side. 

Figure 9 to 12 show numerical results when Chi Chi, Kobe, and El Centro ground motions were 

inputted. Circle and diamond marks represent the results of F-model and S-model, respectively. Black 

and White marks represent three and two dimensional analyses, respectively. D, A, AV, VE, and T 

express maximum lateral response deformation, maximum lateral absolute response acceleration, 

maximum vertical absolute response acceleration, equivalent velocity of total energy input (Akiyama 

1985), and initial natural period of the system, respectively. D is equal to a square root of sum of δNS
2
 

and δEW
2
. A is calculated in the same way as D. VE can be given as follows, where E and M are energy 

input and mass of the system, respectively. 

 

MEV
E

2=      (6) 

 

D-T, A-T, and VE-T relationships of three-dimensional analysis almost agree with the relationships 

of two-dimensional analysis as shown in Figure 9 to 11. These results indicate possibility that it is 

enough to consider two directional input of earthquake motion when we estimate lateral external force 

and maximum deformation in seismic design. It is important to know the maximum deformation to 

judge whether non-structural claddings of buildings can follow the deformation. 

Figure 7  Total Plastic Deformation
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Figure 9  Maximum Lateral response deformation 

Figure 10  Maximum Lateral Absolute Response Acceleration 

(b) S-model with 0.1 sec natural period 

Figure 8  Responses inputted Kobe wave

(a) F-model with 0.2 sec natural period
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Positive and negative sides of the maximum vertical absolute accelerations are both plotted in 

Figure 12. As shown in this figure, the values of positive and negative side were almost equal. The 

biggest values were about 940 cm/sec
2
 on the F-model of 0.3 sec natural period inputted Kobe wave, 

and about 1090 cm/sec
2
 on the S-model of 0.5 sec natural period inputted Kobe wave. It can be said 

that the numerical results of AV were obtained in the range of 300 to 1100 cm/sec
2
. Although this 

result may not be serious from the viewpoint of collapse of structures, we have to consider this result 

from the viewpoint of influence on inside of buildings. 
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3.3  Evaluation of Total Energy Input 

An evaluation of the total energy input was considered with a result of elastic response analysis, 

which damping factor is 0.1 (Akiyama 1985). Figure 13 show VE-T relationships where a solid curve 

express a result of three-dimensional elastic response analysis, which damping factor is 0.1. Circle and 

diamond marks are represented the results of F-model and S-model, respectively. The results were 

plotted by averaged period of initial period given by initial elastic stiffness and last period given by 

using last value of α
c
X shown in Figure 1. VE of F-model and S-model show good agreement with the 

elastic analysis results. There are some differences between the results of the elastic analysis and 

non-linear analysis in the range of longer period, however those are safety side and those differences 

aren’t large. Therefore, it can be said that VE of elastic analysis at averaged natural period have 

possibility to be able to evaluate VE of F-model and S-model. 
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Figure 11  Equivalent Velocity of Total Energy Input 

Figure 12  Maximum Vertical Absolute acceleration 

Figure 13  Estimation of Total Energy Input
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4.  CONCLUSIONS 

 

Three-dimensional non-linear earthquake responses of R/C structures were examined with 

one-mass system. The restoring force characteristics were modeled based on the theory of plasticity, 

which was one of the macro models. Two types of the restoring force model were adopted. One was 

flexural type that had large area in hysterisis loop, and the other was shear type that had small area in 

the loop. The former one can be seen in rigid frame structures, and the later one can be seen in R/C 

box wall structures. Parameters of the analysis were natural period ranged from 0.1 to 0.6 and types of 

analysis those were three and two dimensional analyses. The natural period corresponds to initial 

elastic stiffness of the model. Chi Chi, Kobe, and El Centro earthquakes were employed for input data. 

As a result, the following conclusions were found. 

1) Maximum lateral response deformation, maximum lateral absolute response acceleration, and total 

energy input of three-dimensional analysis were almost equal to the responses of lateral 

two-dimensional analysis. These results indicate possibility that it is enough to consider two 

directional input of earthquake motion to estimate lateral external force and maximum deformation 

in seismic design. 

2) Maximum vertical absolute response accelerations of three-dimensional analyses were obtained in 

the range of 300 to 1,100 cm/sec
2
. Although this result may not be serious from the viewpoint of 

collapse of structures, it is necessary to consider this result from the viewpoint of influence on 

inside of buildings. 

3) Total energy input of elastic response analysis with 0.1 damping factor showed good agreement 

with result of three-dimensional non-linear response at an averaged period that was an average of 

two periods associated with initial elastic stiffness and last stiffness that connected two maximum 

points of hysterisis loop diagonally. It can be said the result of elastic response analysis with 0.1 

damping factor has possibility to be able to evaluate the total energy input of three-dimensional 

non-linear earthquake response by using the averaged periods. 
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Abstract: In this study, the simplified truss model with a small number of members has been proposed for 

evaluating the shear carrying capacity and the failure pattern of PC slender beams without transverse 

reinforcement.  To investigate the failure mechanism, which is influenced mainly by prestressing force and 

type of the stress distribution, the parametric study using FEM has been carried out.  The estimated inclination 

of the critical stress flow and the thickness of struts assessed in terms of the width of bearing plates and the 

effective depth have been utilized to the proposed model.  The satisfactory prediction on the shear carrying 

capacity and failure pattern of PC slender beams without transverse reinforcement can be obtained.   

 

 

1. INTRODUCTION 

 

With the requirements of saving in dead load resulting from the concrete section together with a 

high resistance in the superhigh-rise structures, prestressed concrete (PC) becomes the significant 

structural members.  At present, it is recognized that the clear explanation and the well-predicted 

analytical results for the shear failure behavior of PC beams are still not achieved.  For the 

recommended method by JSCE (2002) called the decompression moment method, the scatter of 

predicted results is usually observed due to the neglecting of distribution of the prestressing force.  

Moreover, there is another method considering the resistance at the flexural cracking as the extra 

value to the shear resistance due to the contribution of compression, called Mcr method (Ito et al. 

1994).  It has been observed that, even in PC slender beams where shear span to effective depth 

ration, a/d, ≥ 2.5, after the diagonal cracking, the beams still maintain the resistance due to the arch 

action and finally fail in shear compression mode.  It is found that this method cannot be used to 

yield the comprehensive explanation about the shear compression failure of PC slender beams and 

how the resistance of the flexural cracking remains until the ultimate stage.  Thus, newly proposed 

method should be simple, accurate in prediction and able to clarify the mechanism of shear 

compression failure by considering the effects of prestressing forces and type of stress distribution.   

In this study, the simplified truss model has been proposed to assess the shear carrying capacity 

of PC slender beams without transverse reinforcement.  To obtain the important information for 

modeling, the parametric study using finite element method (FEM) of PC slender beams has been 

performed.  The failure mechanism influenced by the variation of significant parameters has been 

clarified.  The tendency of stress flows obtained from the analytical results is summarized and 

adopted to the model.  The shear carrying capacity and the failure patterns of the calculated and 

experimental results are compared in order to confirm the applicability of the proposed model.  
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2. PARAMETRIC STUDY USING FEM 

 

To investigate the failure mechanism of PC 

slender beams, the nonlinear FEM analysis using 

DIANA system has been carried out.  Details of 

geometric properties of the analytical model are 

illustrated in Figure 1. The values of prestressing 

force, P, in the upper and lower prestressing bars 

are proportionally adjusted and varied in the range 

of 100- 400 kN.  Based on the values of P and the 

location of applied axial force, the upper and lower 

fiber stresses (σu and σl, respectively) are 

calculated and changed in the range of –3- 6 and 

1- 15 MPa, respectively.  From the values of σu 

and σl, the types of stress distribution can be 

categorized into 4 types as shown in Figure 2.  

The shear span to effective depth ratio, a/d, the 

effective depth, d, and the compressive strength of 

concrete, fc’, are also considered as the significant 

parameters and varied from 2.5- 4.5, 400- 800 mm 

and 40- 80 MPa, respectively.  The width of 

beam, b, is assumed to be 200 mm for all cases.  

The longitudinal reinforcement ratio is set to be 

1.3% (fpy = 930 MPa).   
The samples of contour figures of stress flow 

at 90% analytical resistance at the ultimate stage 

(90%Vmax) of PC slender beams under triangle 

with zero upper fiber stress distribution (σu = 0 

MPa) are depicted in Figure 3.  It is found that, 

with the increase in σl, the slope of the 

concentrated stress flow becomes steeper (Figures 

3(a) and (b)).  However, when the value of σl 

becomes comparatively large, the concentration of 

this steep stress flow becomes weak, whereas the 

stress flow from the loading point to the support 

becomes remarkable (Figures 3(c) and (d)).  It 

implies that, not only the resistance along the 

diagonal crack, the stress flow curvedly 

transferring to the support also exists.  The 

comparison between the differences in types of 

stress distribution (variation of σu) is expressed as 

the example in Figure 4. With the increase in value 

of σu, the inclination of the stress flow becomes 

slightly steeper (Figures 4(a) and (b)).  On the 

other hand, the stress flow curvedly transferring to 

support becomes larger with the greater value of 

σu (Figures 4(c) and (d)).  That means, not only 

the value of σl, but the value of σu also influences 

on the inclination of concentrated stress flow.  

The estimation of inclination of the concentrated 

d
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Figure 1 Finite element analytical model of 

PC slender beam in the parametric study 
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stress flow is important for predicting the failure 

mechanism of the beams.  Therefore, the values 

of principal compressive stress, σ2, at each 

Gauss’s point are taken into the consideration.  

As demonstrated in Figure 5, between the upper 

and lower prestressing bars, the maximum 

absolute values of σ2 in each horizontal level, 

σ2i-max, are marked.  By considering the location 

of σ2i-max as the co-ordination in X-Y axes, (xi, yi), 

the correlation coefficient (equation in Figure 5) is 

employed to express the level of correlation 

between the values of x and y in the approximated 

relationship.  The part of marked Gauss’s points 

that has a high value of correlation coefficient (≥ 

0.95) is selected.  The relationship of the selected 

points is approximated and summarized in terms 

of m, where m = cotθ and θ is an angle of the 

estimated slope.  It should be noted that the value 

of m decreases with the increase in the value of σl 

(Figure 3) and also slightly decreases with the 

increase in the value of σu (Figure 4).  For the 

case that the stress flow curvedly transferring to 

support becomes the critical path, even though the 

concentration of the steep stress flow becomes 

weak, this steep inclination is assumed to evaluate 

the value of m.  This is in order to recapitulate 

the values of m in the same trend that is the value 

of m decreases with the increase in the value of σl.  

The relationships between the values of m and σl 

with σu, a/d, d, and fc’ are summarized.  As the 

example, in Figure 6, the relationship between the 

values of m from FEM results (FEM) and σl with 

σu are summarized and approximated (Approx.).  

It is found that the values of m become greater 

with the increase in values of a/d and fc’, while the 

value of d has a small effect on value of m.  The 

equation for predicting the value of m can be 

expressed as in Eq. (1).   
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3. SIMPLIFIED TRUSS MODEL 

 

Figure 7 demonstrates the simplified truss 

model with the prestressing forces in terms of the 

axial forces, P1 and P2, developed in this study to 
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calculate the shear carrying capacity of PC slender 

beams without transverse reinforcement.  As one 

of the main concepts that the model should be 

simple, the proposed model consists of 7 nodes 

and 11 members.  The modeling of concrete and 

reinforcement are expressed as in Figure 7.  After 

modeling by using the value of m, each member 

force, Fi, caused the externally applied shear force, 

V, can be determined by employing the principles 

of virtual work method.  The equivalent elastic 

analysis has been carried out for simplicity in 

calculation.  That is, the stiffness of concrete at 

the ultimate stage as the secant modulus and the 

concrete softening, η, are incorporated to the struts.  

The shear carrying capacity of the beam can easily 

be determined when the member force of one of 4 

struts becomes greater than its capacity.  The 

process of calculation is summarized in Figure 8.  

The location of two struts, [3] and [4], is simply 

assumed with the same horizontal distance in the 

level of flexural tension members as shown in the 

figure.  The thickness of the flexural compression 

member is set to be 2c, where c is the thickness of 

concrete cover.  The thicknesses of the transverse 

tension members [5] and [6] are assumed to be the 

distance from the loading point to the middle point 

between members [5] and [6] and the left distance 

to the middle point of support, respectively.  The 

sum of cross sectional area of reinforcements is 

applied as the cross sectional area of the flexural 

tension member. It is recognized that the thickness 

of strut is important for evaluating the resistance 

of concrete structure in shear compression failure.   

 

3.1 Thickness of Strut 

Based on FEM analytical results, compressive 

stresses in the vertical direction at each Gauss’s 

points, σyi, at about 90% of Vmax are considered.  

The range of 0.2d inner side of a beam from the 

upper prestressing bar is investigated.  In each 

level, the distribution of the ratio of σyi and the 

maximum values in that horizontal level, σyi-max, 

(∆i = σyi/σyi-max) along the beam axis is evaluated.  

For each horizontal level of Gauss’s point in the 

range of 0.2d, the horizontal width of the 

distribution, ti, where ∆i = 0.3 is measured.  The 

average value of ti is considered as the horizontal 

thickness of the strut, t.  The range in the vicinity 

area of the support above the lower prestressing bar is also treated with the same process to evaluate 

the horizontal width of the distribution.  Figure 9 shows the examples of obtained horizontal 
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thickness in the vicinity area of a loading point, tl, 

and support, ts, from FEM analytical results with 

the variations of σl and d.  By considering the 

effects of bearing plates and the effective depth 

(Niwa 1984), the values of tl and ts can be simply 

estimated with the width of a loading plate, rl, or 

support, rs, and d as rl+0.1d and 2(rs+0.1d), 

respectively.  In the proposed model, the 

members [1] - [2], and members [3] - [4] are 

considered to be affected by support and loading 

plates, respectively. The cross sectional area of 

each strut can be assumed as the values of tl or ts 

multiplied with b and its inclination.  

 

3.2 Division of Modeling 

As discussed in the previous section, based 

upon the analytical study, there are 2 types of 

failure pattern can be observed.  One takes place 

along the concentrated stress flow (Model 1) and 

the other one occurs along the stress flow 

curvedly transferring to the support (Model 2).  

By considering the value of m relating with the 

possible location of the critical strut, the proposed 

simplified truss model is divided into 2 models as 

depicted in Figure 10.   

In Model 1 (m > 1.0, Figure 10(a)), the 

distance md is adopted as the horizontal distance 

from the loading point to the ended node of 

member [3].  When m ≥ 2.0, since the effect of a 

loading plate is considered to become weak, the 

thickness of member [3] is set to be (a-md)sinθ3, 

where d ≥ a-md.  When the inclinations of struts are quite flat in case of m ≥ 2.0, 50 mm is set to 

be a lower bound value of wi avoiding the underestimation.  The applied upper bound value of m is 

set to be 0.9a/d in modeling.  The specimen with low up to medium level of prestressing stress is 

considered to match with this model.  

In Model 2 (m ≤ 1.0, Figure 10(b)), the distance md is adopted as the horizontal distance from 

the loading point to the ended node of member [4].  Due to the small effect of bearing plates on the 

size of members [2] and [3], which are expressing the stress flow curvedly transferring to the 

support, the thicknesses are set to be mdsinθ2 and (a-2md)sinθ3, where d ≥ a-2md.  Because of the 

inclinations of struts are quite flat, 50 mm is assumed as a lower bound value of wi in this case.  

This model is considered to fit for a specimen with comparatively high prestressing stress level.  

 

3.3 Compression Softening Parameter 

In calculation of the shear carrying capacity, the value of compression softening parameter, η, 

affected by the existence of cracks, should be considered.  For a sake of simplicity in calculation, 

the practical expression of η is equated with a slight variation from 0.6 to 0.4 in the range of fc’ of 

30 to 100 MPa as in Eq. (2).  
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4. COMPARISON OF CALCULATED AND EXPERIMENTAL RESULTS 

 

The outlines of the specimens and comparisons between the experimental and calculated results 

in order to confirm the applicability of the simplified truss model are tabulated in Table 1.  By 

checking the reliability of the test data by FEM as in the previous study (Tamura et al 2003) and the 

additional investigation, 31 cases of the experimental results from 9 references are collected (Arai et 

al 2000, Hamada et al 1999, Kar 1969, Kobayashi 1992, Mikata et al 2001, Mikata 2002, PWRI 

1995, Sato et al 1987, Tamura et al 2001).  All specimens failed by the shear compression mode of 

failure.  The data consist of the wide ranges of geometric properties, that is, the values of a/d vary 

in the range of 2.4 to 5.1 and the values of d change from 140 to 1000 mm.  The prestressing force 

in terms lower fiber stress vary from 2.0 to 21.0 MPa including all 4 types of stress distribution.  

In case that the roller loading was applied, the value of width of the bearing plate is set to be 50 mm 

in calculation.  In Table 1, the number of critical strut mentioned in Figure 10 is written for each 

case.  It is evident that the calculated results yield the well-predicted results compared with the 

experimental results, in many conditions of concrete properties, geometric properties, level of 

1 NC-40 3.0 167 36.4 50/50 -0.1 4.3 1.7 1.7 41 0.59 38 1.08 3

2 NC-80 3.0 167 36.4 50/50 -0.2 8.3 1.2 1.2 46 0.59 42 1.10 2

3 LC-40 3.0 167 36.5 50/50 -0.1 4.3 1.7 1.7 35 0.59 38 0.92 3

4 LC-80 3.0 167 36.5 50/50 -0.2 8.3 1.2 1.2 36 0.59 42 0.86 2

5 SC-40 3.0 167 37.4 50/50 -0.1 4.3 1.8 1.8 27 0.59 37 0.73 3

6 SC-80 3.0 167 37.4 50/50 -0.2 8.3 1.2 1.2 33 0.59 43 0.77 2

Hamada 7 45LC-0 3.5 300 47.0 65/150 -1.2 3.4 2.9 2.9 135 0.56 123 1.10 4

8 A-1 5.1 175 35.9 100/100 -1.0 6.0 2.5 2.5 26 0.59 23.0 1.13 2

9 A-2 5.1 175 34.8 100/100 0.0 5.0 2.6 2.6 24 0.60 23.0 1.04 2

Kobayashi 10 L5 2.4 167 38.0 R/R 0.0 3.9 1.5 1.5 63 0.59 58 1.09 3

11 P-0-20 3.2 140 41.9 R/R 0.0 2.0 3.2 2.9 49 0.57 50 0.98 2

12 P-0-30 3.2 140 43.0 R/R 0.0 3.0 2.6 2.6 53 0.57 47 1.13 2

13 P-0-40 3.2 140 43.0 R/R 0.0 4.0 2.1 2.1 48 0.57 49 0.98 2

14 P-20-40 3.2 140 43.0 R/R 2.0 4.0 2.1 2.1 52 0.57 49 1.06 2

15 P-40-40 3.2 140 43.0 R/R 4.0 4.0 2.0 2.0 48 0.57 50 0.96 2

16 HP-0-30 3.2 140 79.6 R/R 0.0 3.0 3.7 2.9 74 0.46 72 1.03 2

17 PRC-9 2.6 152 60.0 R/R -1.0 12.2 1.1 1.1 63 0.52 83 0.76 2

18 PRC-12 2.6 152 72.1 R/R -1.7 21.1 0.9 0.9 100 0.48 105 0.95 3

19 H3-35-30 3.0 350 92.0 100/150 -1.0 3.0 4.0 2.7 245 0.42 251 0.98 4

20 H3-35-60 3.0 350 86.3 100/150 -2.0 6.0 2.5 2.5 284 0.44 311 0.91 4

21 H3-35-90 3.0 350 70.3 100/150 -3.0 9.0 1.8 1.8 295 0.49 257 1.15 3

22 H3-55-30 3.0 550 84.0 100/150 -1.0 3.0 3.8 2.7 228 0.45 282 0.81 4

23 H3-75-30 3.0 750 88.5 100/150 -1.0 3.0 3.9 2.7 345 0.43 316 1.09 4

24 H3-95-60 3.0 950 71.4 100/150 -2.0 6.0 2.3 2.3 586 0.49 583 1.01 3

25 L3-35-60 3.0 350 40.6 100/150 -2.0 6.0 1.6 1.6 202 0.58 190 1.06 3

26 3-11 2.5 403 41.8 R/150 -3.1 8.9 1.1 1.1 171 0.57 193 0.89 3

27 4-6 3.2 337 40.1 50/50 -5.0 14.0 1.0 1.0 170 0.58 185 0.92 3

28 4-12 3.1 353 39.7 50/50 -4.7 14.5 1.0 1.0 162 0.58 190 0.85 3

29 45LC-3 3.8 1000 55.1 150/150 -1.1 2.6 4.1 3.4 505 0.53 406 1.24 3

30 45LC-5 3.8 1000 53.3 150/150 -2.0 5.0 2.7 2.7 569 0.54 684 0.83 2

31 60LC-5 3.8 1000 68.7 150/150 -2.4 5.8 2.9 2.9 600 0.49 734 0.82 2

AVE. 0.97

C.V. 0.13

Failed

member

Vexp.

(kN)

Sato

η
Vexp./

Vcal.

Researcher
m**

(model)

σu

(MPa)

σl

(MPa)

Mikata

fc'

(MPa)

Arai

Tamura

PWRI

Mikata

Kar

No.
# Specimen a/d

d

(mm)

rl/rs*

(mm)
m

Vcal.

(kN)

Table 1 Outline of experimental data and the comparison with the calculated results 

# : Model 2 is in bold. 

* : Unit is MPa   Italic characters : Prestressed reinforced concrete beams 

** : Applied values of m in modeling     : Lightweight concrete 

σu 
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σl 
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prestressing force and the types of stress 

distribution.  The comparisons between the crack 

patterns at the ultimate stage and the failed 

members of the predicted results are also carried 

out.  As the examples shown in Figure 11, the 

good agreement between the critical strut and the 

crack patterns of specimens, which are predicted to 

fail by the members [2], [3] and [4], can be 

observed.  The bold dashed line represents the 

critical strut in each specimen.  From the 

satisfactory prediction in case of the specimen 

P-40-40 as shown in Figure 11(a), it implies that 

this proposed simplified truss model is applicable 

for predicting the crack pattern even in case where 

σu is under compression (rectangular stress 

distribution).  From Figures 11(b) and (c), it is 

apparent that this proposed model can be utilized 

to predict the failure patterns of the normal 

(H3-35-30) and lightweight (L5) PC slender 

beams.  Moreover, it can also be said that the 

crack pattern of prestressed reinforced concrete 

beam can satisfactorily be estimated as shown in 

case L5 (Figure 11(b)).   

In order to confirm the high accuracy in 

prediction, the calculated results of the proposed 

simplified truss model (Proposed) are compared 

with the calculated results of Mcr method (Mcr) (Ito 

et al 1994).  The comparison is expressed in 

Figure 12 with the variation of lower fiber stress.  

It is found that the proposed model provides 

calculated results with the average value (AVE.) of 

0.97 and a coefficient of variation (C.V.) of 0.13, 

whereas Mcr method yields the calculated results 

which AVE. = 1.18 and C.V. = 0.22.  Based on 

these results, it can be said that the proposed 

model yields the better accuracy in prediction of 

shear carrying capacity. 

 

 

5. CONCLUSIONS 

 

The simplified truss model has been proposed 

based on the clarification of failure mechanism in 

the parametric study using FEM.  With the 

increase in value of σl, the inclination of critical 

stress flow becomes steeper.  In case of 

considerably high value of σl, the concentrated 

stress flow turns into the stress flow curvedly 

transferring to the support.  It can be said that the 

influence on the shear failure mechanism due to σu 

(a) Critical strut: Member [2]

Figure 11 Examples of the critical

members and actual crack patterns at

the ultimate stage 
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capacity between the proposed model and 
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(types of stress distribution) cannot also be neglected.  For calculating the shear carrying capacity 

of PC slender beams, the equivalent elastic analysis of the simplified truss model with a small 

degree of freedom has been performed.  The thickness of the considered struts assessing from 

FEM results is simply estimated in terms of the width of bearing plates and the effective depth.  

By adopting the evaluated thickness of struts and the value of m, the excellent correlation with the 

experimental data can be achieved.  It is apparent that the simplified truss model is applicable to 

evaluate the shear carrying capacity and the failure patterns of PC slender beams without transverse 

reinforcement.   
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Abstract: Analytical study for the seismic response of RC structures subjected to earthquake motion is 

presented.  Dynamic analysis using the 3D lattice model is performed on the actual RC structures.  The 

3D lattice model can offer the reasonable prediction of the shear-carrying capacity of RC columns and 

beams.  Analytical targets are two RC rigid-frame viaducts damaged at the 1995 Hyogo-ken Nanbu 

Earthquake.  The results of dynamic lattice model analysis are compared with the actual damages of RC 

viaducts.  The comparison reveals the reliability of the 3D lattice model at the structural system level.  

It is also found that the analysis can predict the damages including both the shear failure in the columns 

and the buckling of reinforcement in RC columns.  In addition, the influence of the vertical motions on 

the maximum displacement and the instable behavior due to large vertical load is clarified. 

 

 

1.  INTRODUCTION 

 

Hyogo-ken Nanbu Earthquake, which occurred at January 1995 in Japan, caused the 

destructive collapse to various structures, including reinforced concrete (RC) structures.  The 

observations following this earthquake show that the main causes of severe damage were due to the 

overestimation of both shear carrying capacity and ductility of structures.  It is also found that the 

structures had insufficient amount of transverse reinforcement.  On the other hand, it is noticed 

that there were many RC structures without almost any damages.  The difference of the degree of 

damage is influenced by several factors even if the dimensions of structures and the arrangements 

of reinforcement are almost identical. 

Many investigations for the damage of structures and the damage analyses have been carried 

out (Ishibashi and Okamura 1998, Committee 311 2000).  The seismic performance evaluation 

was also performed by the frame analysis based on the moment-curvature restoring characteristics 

or the analysis using the fiber technique (Tsuchiya et al. 1999, 2000).  The shortcoming of these 

models is the difficulty in predicting the behavior in the post-peak region, especially, when RC 

members fail in shear.  In these models, moreover, the shear deformation and torsional behavior 

cannot be directly predicted because the in-plane deformation is not taken into account. 

In this study, the 3D lattice model is used.  The 3D lattice model is the objective and simple 

procedure, which can explain the shear resisting mechanism for RC members appropriately.  The 

seismic response of RC rigid-frame viaducts is evaluated using the 3D nonlinear dynamic lattice 

model analysis.  Here, the RC rigid-frames in railroad viaducts are selected as the analytical 

targets.  The input ground motions determined by FDEL (Sugito et al. 1994) are used.  The 

analytical results are compared with actual damages of viaducts.  The interaction between the soil 

and the structures is not considered in the analysis. 
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 2

2.  ANALYTICAL MODEL  

 

2.1  Outlines of 2D Lattice Model 

The 3D lattice model is developed based on the concept of the 2D lattice model.  The 2D 

lattice model consists of members of concrete and reinforcement, as shown in Figure 1.  The 

column subjected to load from left hand side is shown.  With the RC column, the concrete is 

modeled into flexural compression members, flexural tension members, diagonal compression 

members, diagonal tension members, horizontal members and two arch members.  The 

longitudinal and the transverse reinforcements are modeled into vertical and horizontal members, 

respectively.  The characteristic of 2D lattice model is to incorporate the diagonal tension 

members and the arch members of concrete into the modeling.  This point is different from the 

conventional modified truss model.  The diagonal members are regularly located with the inclined 

angles of 45 and 135 degrees to the longitudinal axis of the column, respectively.  The arch 

members connecting the nodes at the opposite diagonal corners between the loading point and the 

bottom of the column are arranged according to the direction of internal compressive stress flows. 

Figure 2 shows a schematic diagram of cross section of RC column.  The concrete is divided 

into the truss part and the arch part.  When the value of t is defined as a ratio of the width of arch 

part to the width of cross section, b, the widths of the arch part and the truss part are given by b × t 

and b × (1 − t), respectively, in which 0 < t < 1.  The value of t is determined based on the theorem 

of the minimization of the total potential energy for the 2D lattice model with the initial elastic 

stiffness.  The total potential energy is obtained from the difference between the summation of the 

strain energy in each element and the external work.  The pre-analysis using the 2D lattice model 

is carried out for the small provided displacement at the loading point, where the value of t has 

changed from 0.05 to 0.95 with an interval of 0.05.  The strain energy of the 2D lattice model is 

accumulated one of each lattice component. 

 

2.2  Configuration of 3D Lattice Model 

In the 3D lattice model, it is assumed that the shear resisting mechanism is divided into arch 

action and truss action.  With the 2D lattice model, the 3D RC member is modeled into 2D based 

on the assumption of plane stress.  As illustrated in Figure 3, in the 3D lattice model of an RC 

column, four arch members are arranged connecting between the top and the end of the column at 

the opposite corners.  The resisting mechanism of RC column subjected to one certain load 

Truss part: b×( 1 − t ) 

Arch part: bt

b

bt d 

Flexural compression 

member 

Flexural tension 

member 

Diagonal tension 

member 
Diagonal compression 

member 

d
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Node 
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 d
 

Figure 2  Cross section of RC column 

modeled by 2D lattice model 

Figure 1  Outlines of 2D lattice model
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 3

consists of two arch members crossing each other.  The stiffness of these arch members is 

assumed to be equivalent to that of two arch members in 2D lattice model.  With the RC column 

subjected to load from the diagonal direction, it is assumed that the corner-to-corner arch action 

inside the RC column is idealized as a compressive strut that is represented by these arch members 

in the 3D lattice model. 

To represent the truss action, it is assumed that 3D space is comprised of an orthogonal 

coordinate system that is defined by three planes, x-y plane, y-z plane, and z-x plane.  Two 

crossed truss members are located on each truss plane so that unit element consists of 12 truss 

members in six truss planes as shown in Figure 3.  In each truss plane, the in-plane 2D 

constitutive law of concrete, considering the softening of the compressive strength for diagonally 

cracked concrete depending on the transverse tensile strain, can be used. 

In 2D lattice model, the value of t is defined by a ratio of the arch part width to the cross- 

section width of RC member as mentioned previously.  Based on the assumption that the global 

stiffness of 3D lattice model is equivalent to one of 2D lattice model, the cross-sectional area of the 

arch member can be calculated.  Here, the ratios of the arch part width to the width and the depth 

in the cross section of the column are defined as tb and td, respectively.  With the determination of 

values of t in 3D lattice model, not only the width of cross-section of the column but also the depth 

of cross-section of the column is varied in the pre-analysis.  According to the 2D lattice model, in 

the 3D lattice mode the values of tb and td are determined based on the theorem of minimization of 

the total potential energy. 

 

2.3  Material Constitutive Models 

In order to consider the effect of lateral confinement of concrete due to suitable arrangements 

of transverse reinforcement, the stress-strain relationship of confined concrete proposed by Mander 

et al. (1988) is applied to the diagonal compression members and the arch members.  For cracked 

concrete, the compressive softening behavior of concrete proposed by Vecchio and Collins (1986) 

is considered.  The ability of cracked concrete to resist compressive stress decreases as the 

transverse tensile strain increases. 

With the flexural compression member, which is assumed to represent the cover concrete, the 

stress-strain relationship represented by the quadratic curve (Vecchio and Collins 1986) is used.  

With the concrete model under cyclic loading, the stress is assumed to decrease with the initial 

stiffness in the unloading path.  In the reloading path, the stress is assumed to proceed to the 

Arch members Truss members

Figure 3  Discretization for 3D lattice model 
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 4

previous maximum state along with same path as unloading. 

For the flexural tension members of concrete, which are located near reinforcing bar, the 

concrete continues to contribute the tension force even after cracking due to the bond effect 

between the concrete and reinforcing bars.  Therefore, the tension-stiffening model (Okamura and 

Maekawa 1991) is applied.  On the other hand, for the diagonal tension members that consist of 

concrete far from reinforcing bar, after the crack occurs, the concrete can be assumed to show a 

tension strain-softening behavior.  Hence, the tension softening curve, so-called 1/4 model 

(Rokugo 1989), is applied.  The fracture energy of concrete GF, which is the area under the 

tension softening curve, is assumed to be 0.1 N/mm as a standard value of normal concrete.  In 

both tensile models of concrete, the unloading path is assumed to decrease directly to the origin and 

the reloading path is assumed to behave following to the unloading path. 

The envelope stress-strain curve of reinforcing bar is modeled as bi-linear in which the 

tangential stiffness after yielding is 0.01Es, where Es denotes Young’s modulus.  After yielding, 

the stiffness of the reinforcing bar decreases when the stress stage changes from tension to 

compression, while the similar behavior is observed when the stress stage changes from 

compression to tension.  In the analysis, this phenomenon, so-called Bauschinger effect, is 

considered by the numerically improved model of reinforcing bars (Fukuura 1997).  In addition, in 

order to evaluate the buckling behavior of longitudinal reinforcing bars, the buckling model 

proposed by Dhakal (2000) is used.  This model is characterized as the spatially averaged material 

model that accurately takes into account the inelastic behavior of buckling.   

 

 

3.  TARGET STRUCTURES AND LATTICE MODEL 

 

3.1  RC Viaducts 

The seismic performance evaluation is performed for two RC rigid-frame viaducts.  Figure 4 

shows the dimensions and arrangements in Shimokema R5 Viaduct.  Hansui R5 Viaduct has 

similar dimensions and arrangements as Shimokema R5 Viaduct.  They are beam-slab type 

rigid-frame with three-span.  Actual damage conditions of two viaducts after the earthquake are 

shown in Figure 5 (Committee 311 2000).  It was observed that there was the slight damage with 

crossed diagonal cracks at the upper column in Shimokema R5 Viaduct.  On the other hand, in 

Hansui R5 Viaduct, the severe shear failure with the collapse of columns and the drops of beams 

and slabs were observed.  The compressive strength of concrete of Shimokema R5 Viaduct was 

slightly stronger than that of Hansui R5 Viaduct.  The material properties used in these two 

viaducts are summarized in Table 1. 
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Figure 4  Dimensions and arrangements in Shimokema R5 Viaduct 

(a)  RC viaduct 

(b)  Cross section 

of column 

71
00

71
00

71
00

4500

1
1
6
0
0

24
90
0

6500

4
1
5
0

5
2
5
0

(c)  Cross section 

of beam 

700

1
1
0
0

60 60140

6
4

2@110
=220

6
0

9
1
6

6
0

2@110
=220

D32

D32

D16

D16

- 440 -



 5

The input ground motions determined by Frequency-Dependent Equi-Linearized technique, 

FDEL (Sugito et al. 1994) are used.  The weight of a superstructure including the slab is assumed 

to be 7200 kN.  The self-weight of viaduct is calculated by multiplying the volume of columns 

and beams by the specific gravities of concrete and reinforcement.   

 

3.2  Analytical Procedure 

The three-span viaduct is treated as a unit of the analytical model.  The model consists of 

columns and beams, while the slab is not included.  In the analysis, it is assumed that the masses 

corresponding to the self-weight of viaducts are uniformly distributed over all nodal points, using 

the lumped-mass idealization.  It is also assumed that there is a concentrated mass, which is equal 

to the weight of the superstructure and the slab, acting on the top nodes of columns and beams.   

In the dynamic analysis, Newmark’s method is used as a time integration scheme.  For the 

damping, the numerical damping of Newmark’s method (β = 0.36, γ = 0.70) is used.  The 

Newton-Raphson iteration method is adopted to iterate the calculation until an adequately 

converged solution is obtained.  With the termination of calculation, the out-of-balance force and 

the energy increment are compared with initial values during iteration.  Here, the convergence 

tolerances for the out-of-balance force and energy are set to be 0.001 and 0.01, respectively. 

 

 

4.  DAMAGE ANALYSIS OF ACTUAL RC VIADUCTS 

 

4.1  Seismic Response of RC Viaducts 

Figure 6 shows the analytical results by the dynamic 3D lattice model for Shimokema R5 

Viaduct and Hansui R5 Viaduct.  The analytical results of displacement time histories and particle 

traces of displacement at the mid-span of an upper beam in the transverse direction are illustrated in 

the figure.  With Shimokema R5 Viaduct, it can be observed that the stable response during 10 

seconds is predicted.  In the analysis, the buckling of reinforcement takes place at the bottom of 

the lower column.  It can be also observed that the buckling of reinforcement does not occur at the 

top of the column and the each end of the beam.  The cracks occur in the diaconal members of 

(a)  Shimokema R5 Viaduct (b)  Hansui R5 Viaduct 

Figure 5  Damage conditions in Shimokema R5 Viaduct and Hansui R5 Viaduct 

R6 R5 R5

Table 1  Material properties of concrete and reinforcement 
 

Concrete Longitudinal reinforcement Transverse reinforcement
Name of RC 

viaducts f c’  

(MPa)

f t 

(MPa) 

Ec 

(GPa)

f y  

(MPa)

f u  

(MPa)

Es 

(GPa)

f y  

(MPa) 

f u  

(MPa) 

Es 

(GPa)

Shimokema R5 31.7 2.43 16.8 349 533 197 296 436 204

Hansui R5 29.1 1.27 18.4 322 521 203 263 380 183
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 6

concrete at the upper and lower columns.  The behavior corresponds to the actual observation after 

the earthquake as shown in Figure 5 (Committee 311 2000).  On the other hand, the calculation is 

terminated due to the divergence in the case of Hansui R5 Viaduct as shown in Figure 6(b).  This 

is caused by the compressive softening of concrete in the diagonal and flexural members at the 

lower column.  Actually, it was observed in Hansui R5 Viaduct that the severe shear failure at the 

lower columns took place that induced the drops of beams and slabs.  It is also found that the 

direction, in which the beams and slabs dropped down after the lower column fails in shear, can be 

clearly estimated by the particle traces of displacement in Figure 6(b).  As can be judged from the 

analytical results, Hansui R5 Viaduct fails toward transverse direction during the displacement in 

longitudinal direction decreases.  The information about the state of deformation after the 

structure fails in shear is beneficial in terms of the restoration after the earthquake. 

 

4.2  Analytical Simulation of Shear Failure of RC Viaducts 

To verify the response of Hansui R5 Viaduct where the calculation in the dynamic analysis is 

terminated by the divergence, the detailed analytical investigation is performed.  With Hansui R5 

Viaduct, the elements of the lower column in the 3D lattice model are focused on.  Figure 7 

shows the stress-strain relationships of concrete flexural members and the strain time histories of 

concrete diagonal members.  In the figure, the deformed shape of 3D lattice model for Hansui R5 

Viaduct is also illustrated.   

It can be observed that the analysis can predict the compressive softening behavior in diagonal 

and flexural members of concrete.  The compressive softening behavior is observed in the 

elements D and E in the 3D lattice model, while the tensile strain of concrete increases in the 

element F.  This is because that the externally applied energy by the earthquake is locally 
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Figure 6  Analytical responses at an upper beam by the dynamic 3D lattice model 
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 7

consumed by the elements D and E and the element F in the surrounding portion releases the stored 

energy into localizing elements.  It is assumed that in the analysis the shear failure takes place at 

the column when the compression softening behavior of concrete in arch and diagonal members has 

been predicted.  The shear failure is predicted in spite of the decrease in shear stresses transferred 

across diagonal cracks by the aggregate interlock.  In addition, arch or diagonal members are 

assumed to include the severe diagonal cracks that have widely opened.  Because of widely 

opened diagonal crack, the compressive strength of concrete shows the softening as the tensile 

strain perpendicular to the compressive direction increases.  It is also found that the analytical 

response in the post-peak is milder than that in the actual brittle behavior. 

 

4.3  Influence of Vertical Loads on Seismic Response of RC Viaducts 

In order to investigate the influence of the self-weight of structure on the analytical response, 

two analyses are carried out.  Figure 8 shows the displacement time histories obtained by the 

dynamic 3D lattice model with and without vertical loads corresponding to the self-weight.  It is 
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 8

found that when the vertical loads are neglected, the analytical results of RC viaducts show the 

stable response during 10 seconds.  The stable behavior can be observed even if the analysis 

considering the vertical loads predicts the shear failure.  This is cased by the additional moment of 

P−∆ effect with the increase in the lateral displacement.  It is found that the collapse mechanism 

takes place due to the geometrical nonlinearity, which is associated with large vertical loads.  The 

analysis of RC viaducts shows that the flexural instability occurs with the vertical loads 

corresponding to the self-weight and the weight of the superstructure.  Therefore, it is 

recommended that the geometrical nonlinearity due to the material nonlinearity at the large 

deformation range should be considered in predicting the allowable ductility of RC columns with 

heavier weight of a superstructure. 

 

 

5.  CONCLUSIONS 

 

3D nonlinear analysis of actual RC rigid-frame viaducts is performed using the dynamic 3D 

lattice model.  The comparisons between the results of dynamic analysis and the actual damages 

of RC viaducts prove the reliability of the 3D lattice model.  It is also found that the analysis can 

predict damage conditions including both the buckling of longitudinal reinforcement in RC 

columns and their shear failure.  In addition, the dynamic analysis is carried out on the verification 

with respect to the vertical loading, which represents the self-weight and the weight of a 

superstructure.  The results of the analysis reveal the influence of the vertical loads on the 

maximum displacement.  From the analysis, it is found that when the columns in RC viaducts are 

subjected to large deformation, the collapse takes place due to the geometrical nonlinearity.  The 

analysis also shows that this instable behavior caused by a large vertical load appears when the 

lateral displacement significantly increases. 
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Abstract: In the improvement of seismic performance of a bridge structure, the weight reduction of a 

girder is one of the significant factors.  Recently, prestressed concrete (PC) composite bridge girders, 

which web member is made by various materials, have been developed.  In this study, new PC 

composite structural members using Ultra High Strength Fiber Reinforced Cementitious Composites 

(UFC) in a web truss member are examined.  UFC has high compressive strength around 200MPa, high 

ductility, and high durability.  Due to its predominant mechanical properties, UFC is applied to the web 

member of PC composite bridge girders and the self-weight of girders can be significantly reduced.  The 

aim of this research is to investigate the mechanical properties of PC composite members using UFC truss 

and evaluate the effect of weight reduction.  Then, PC composite beams are designed and experiments 

and analyses are carried out.  In addition, the level of weight reduction of a web member is examined. 

 

 

1 Introduction 

 

As for the improvement of seismic performance of bridge structures, the weight reduction of 

girders is one of the promising factors.  A PC composite girder, of which web member is made of 

different material from a flange member, has been developed.  Because of high strength of a web 

member, the cross sectional area of a web member can be reduced.  As a result of volume 

reduction, the total weight of a bridge is also reduced.   

Ultra High Strength Fiber Reinforced Cementitious Composites (UFC) (Sagawa et al. 2001) has 

been developed since 1994.  This material provides high compressive strength around 200MPa 

with high ductility because of the existence of steel fiber reinforcement and high durability.  

In this study, a PC composite girder utilizing UFC truss as web members is focused as shown in 

Figure 1.  In case that UFC is used as a precast truss, the complexity in the construction can be 

solved and the total cost of construction can be reduced.  Then, in order to clarify mechanical 

properties of this PC composite structural member, PC composite beams utilizing UFC precast truss 

as web members were constructed, and the loading test was carried out.  Parameters to be 

considered in this study were the joint method and the variation of cross sectional area of UFC 

truss.   

In addition, in order to clarify mechanical properties by analytical approach, nonlinear finite 

element method (FEM) analysis was performed and obtained analytical results were compared with 

experimental results. 

Finally, the PC composite beams were compared with RC beams, which provide the same load 

carrying capacity, in order to discuss the reduction in weight. 
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2 Experiments 

 

2.1 Experimental procedures 

In this study, there were 3 specimens of PC composite beams using UFC truss as a web member: 

named as 60A, 60B and 40B as listed in Table 1.  There were 2 parameters, which were considered 

in this study: joint methods between flange and web and the thickness of UFC in web.  The 

number in the specimen name stands for the thickness of truss in mm and the alphabet A or B 

represents the joint method.  Figure 2 illustrates two types of joint method, which are the 

penetration of PC bar with key joint (Joint A) and the reinforcing bar with vertical key joint 

(Joint B) as shown in the work by Kawaguchi et al. (2003).   

The test of simply supported PC composite beams under two points load was performed to 

compare the applicability of the joint A (specimen 60A) and the joint B (specimen 60B).  The 

vertical force, P, was applied monotonically to the specimen with two loading points as shown in 

Figure 3.  In order to reduce the friction at the supports, friction-reducing pads, i.e., two Teflon 

sheets sandwiching the grease, were inserted between the specimen and the support plates.  After 

determined the suitable joint method, the cross sectional area of UFC truss as a web member was 

discussed.  

In the web of PC composite beams, UFC was introduced because of its superior strength 

(compressive strength = 200MPa).  It results in significant weight reduction and provides nearly 

limitless structural member shape.  The mix proportion of UFC truss member is shown in Table 2.  

The mixing time of UFC is about 12-14 minutes.  There was no segregation and sinking of steel 

fiber from the matrix due to its high viscosity.  After casting, the formwork was covered by 

plastic sheet and put into the chamber, in which the temperature was controlled at 20˚C for 48 hours.  

After the formwork was removed, the specimens were cured again in air with 100% humidity at 

90˚C for 48 hours. 

The outlines of experiments and properties of specimens were summarized in Figure 4 and Table 

3, respectively.  The shear span for all specimens was set to be 1500mm.  In specimen 60A (Joint 

A), two φ17 PC bars (SBPR1080/1230; yield strength, fy = 1229MPa, Young's modulus, Es = 

200GPa) were applied to both top and bottom flanges (one bar per each flange).  The longitudinal 

reinforcement ratio was set to be 1.89%.  In specimens 60B and 40B (Joint B), four φ13 PC bars 

Figure 1 PC composite bridge using UFC 

Flange member: normal concrete 

Web member: UFC truss 

Table 1 Test parameters 

Joint method 

(See Figure 2) 

Thickness of truss

bw [mm] Specimen
name 

A B 40 60 

60A ○ - - ○ 

60B - ○ - ○ 

40B - ○ ○ - 

Figure 2 Joint methods

Steel Bar D19 

(b) Joint B: Reinforcing bar with vertical key joint

Vertical Key Joint 

Steel Bar D13 

(a) Joint A: Penetration of PC bar with key joint

UFC Web 

PC Bars 
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(SBPR1080/1230; fy = 1243MPa, Es = 201GPa) were applied to both upper and lower flanges (two 

bars per each flange).  The longitudinal reinforcement ratio was set to be 1.86%.  For all the 

specimens, the stirrup (D10 SD295A, fy = 349MPa, Es = 206GPa) was used as the shear 

reinforcement in both upper and lower flanges.  The shear reinforcement ratio was 0.59%. 

Table 4 tabulates the mix proportion of concrete used in the flange.  Before casting of concrete 

into the flange, the precast UFC truss web members were arranged and connected with each other 

by using epoxy glue.  After casting the flange part, the specimens were cured for 7 days.  Then, 

the prestressing force was applied to both upper and lower flanges in order to generate 3MPa and 

5MPa in compression as the upper and lower fiber stresses, respectively.  For all the specimens, 

grouting of cement paste was performed.  After that, specimens were cured for another 7 days, 

thus curing period of concrete in the flange was totally 14 days before loading. 

 

2.2 Comparison of joint methods 

As the first step, the comparison of joints A and B was made.  Table 5 shows the results of 

experiments.  From the experimental results of 60A and 60B, the first peak loads, Pm (not the 

maximum loading capacities), were 92.5kN and 115kN, respectively.  Figure 5 illustrates the 

load-deflection curve of beams with joint A and joint B.  According to Figure 5(a), from the 

beginning, the curves rise up to the first peak load, Pm. It should be noted that the values of Pm of 

the two beams show the different results.  After that the loads dropped until it reached the stable 

condition, and then gradually increased again.  After the deflections of beams reached 13mm, the 

behavior of 60A and 60B was the same. 

Table 3 Properties of specimens 
Specimen name 60A 60B 40B

Joint method A B B 

Thickness of truss (bw) [mm] 60 60 40 

Effective depth [mm] 340 350 350

Shear span to effective 

depth ratio 
4.41 4.29 4.29

Longitudinal reinforcement 

ratio[%] 
1.89 1.86 1.86

 

P/2 P/2 

Figure 3 Flexure-shear test of PC composite beams

Roller support 

Reaction frame 

Specimen 
UFC truss 

Normal concrete 

Friction reducing pad 

Table 4 Mix proportion of concrete  

Unit weight [kg/m
3
] Maximum size of 

coarse aggregate 

[mm] 

Water-cement 

ratio 

[%] 

Sand 

aggregate ratio

[%] Water Cement
Fine 

aggregate

Coarse 

aggregate 
Superplasticizer

15 30.0 53.3 170 567 871 765 9.1 

Figure 4 Outlines of experiments 

150P/2 P/2

66.67@4 133.33 Stirrup (D10 SD295A) 

Longitudinal Reinforcing Bar (D13 SD295A) PC Bar UNIT: mm

Joint A (bw=60) Joint B (bw=60,40)

200 1500

3500 

400 200 

300 PC Bars 

Anchor Plate 

bw 

Table 2 Mix proportion of UFC [kg/m
3
] 

Water Premix Steel fiber Superplasticizer 

180 2254 157 26 
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Figure 6 shows the crack patterns of specimens. First cracking loads of 60A and 60B were 69kN 

and 78kN, respectively. However, crack patterns of each specimen were similar (Figures 6(a) and 

(b)). In both cases, crack propagated in tension members of UFC truss on the left side and the 

failure was asymmetric.  After that, cracks occurred in compression members because of the 

bending as a result of sliding of upper and lower flanges as shown in Figure 7. 

Because the specimen 60B showed the higher loading capacity, this joint method is suitable to 

pursue in the study of the influence of UFC truss thickness for 40B. 

 

2.3 Influence of thickness of UFC truss 
By comparing the thickness of UFC truss, when the cross sectional area of UFC truss used in 

60B was decreased one-third of its cross sectional area, the first peak load, Pm of PC composite 

beam (specimen 40B) decreased about one-third of its Pm as shown in Figure 5(b).  This implies 

that the first peak load depends on the thickness of truss. 

From Figsure 6(b) and (c), there was not much difference on crack patterns between specimens 

40B and 60B. The influence of thickness of UFC truss cannot be observed.  It was also noticed 

that the failure was asymmetric. 

Table 5 Loading capacity of PC composite beams and material strength 

Concrete in Flange UFC in Web 

Specimen 
First peak 
load Pm 

[kN] 

Compressive
strength 
[MPa] 

Tensile
strength
[MPa] 

Young’s
modulus

[GPa] 

Compressive
strength 
[MPa] 

Tensile 
strength 
[MPa] 

Young’s
Modulus

[GPa] 

60A 92.5 71.2 3.2 34.3 

60B 115.0 69.1 3.5 32.9 
195.1 8.8 52.9 

40B 78.8 77.3 3.1 32.3 206.7 7.6 53.3 

Figure 7 Cracks of  

compression member

(b) 60B 

Figure 6 Crack patterns 
(c) 40B 

(a) 60A 
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3 Nonlinear FEM analyses 

 

3.1 Analytical procedures 

(1) Analytical model 

For the analysis, a two dimensional nonlinear FEM tool, DIANA was applied. Figure 8 shows the 

mesh division.  Four nodes isoparametric plane stress elements were adopted for concrete and 

UFC. The embedded reinforcement element was employed for reinforcements and PC bars.  In 

consideration of asymmetry of failure, a whole of specimen was analyzed.   

(2) Constitutive models 

For crack model of concrete and UFC, the rotating crack model was used. For UFC, from 

experimental results in previous work by Kakei et al. (2003), constitutive models as shown in 

Figure 9 were applied.  For concrete, Thorenfeldt's model was applied in compressive area (Figure 

10(a)) and in tension area, concrete behaves as an elastic body with the elastic modulus, Ec, until it 

reaches the tensile strength, ft. In the post peak region, Hordijk's model was applied (Figure 10(b)).  

Reinforcements and PC bars were assumed to be elastic bodies with elastic modulus, Es, until it 

reaches yield stress, fy, and then the stress increases gradually with 0.01Es after it reaches fy as 

shown in Figure 11. 

(3) Characteristics of materials 

Experimental results were applied to concrete and UFC. The yield strength, fy, of PC bars is 1250 

MPa and fy of SD295A is 340MPa. Tensile strength, ft, of UFC on the right side is assumed to be 

slightly higher than that of the left side by 0.5MPa. 

 

3.2 Results and discussions 

(1) Load-deflection curve 

Figure 12 illustrates load-deflection curves obtained by experiments and analyses.  In case 60B, 
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ultimately the compressive failure of concrete under the loading plate occurred in the analysis. 

However, the analysis expressed the behavior after the load fell until it reached the stable condition, 

and then gradually increased. Especially, the analytical first peak load, Pm, was almost consistent 

with the experimental one.  By the way, in FEM analysis of this study, the joint between web and 

flange was completely bonded.  Consequently, based on the agreement of value of Pm, joint B on 

the experiment yields the high performance of bond.  For case 40B, the load-deflection curve from 

analysis also expresses a good prediction compared with the experimental results as shown in 

Figure 12(b). 

(2) Crack patterns from analysis 
Figure 13 shows analytical crack patterns.  For all cases, it is found that cracks propagated in 

tension members of UFC truss on the left side similar to the experimental results.  That means the 

failure was asymmetric.  Because the compression member received bending force due to sliding 

of a flange member, cracks occurred in compression members like those obtained in the 

experiments.  Therefore, it can be said that, in all cases, the analyses provide adequately predicted 

results compared with the experimental results. 
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(3) Principal compressive stress patterns and deformations 

Figure 14 shows the principal compressive stress and deformations obtained by the analysis.  

Deformations are exaggerated by 10 times.  For all cases, from the deformations, it is shown that 

the tension members of UFC truss on the left side of a specimen are completely failed.  However, 

the tension members on the right side were hardly damaged.  It is found that the portion at the far 

left of upper flange was bended up. Moreover the compressive stress concentrated in the lower part 

of the upper flange.  The possible reasons are as follows: (1) the edge of a concrete member was 

pushed by the upper flange and pulled by the lower flange, (2) in the lower corner of concrete frame, 

cracks occurred and opened, and (3) the upper flange member was bended (Figure 15). 

From principal compressive stress patterns, for all cases, it was seen that the compressive stress 

of compression members of UFC truss on the right side was higher than that of the left side. 

 

 

4 Comparison with RC beams 

 

4.1 Design of RC beams 

RC beams which have the same load carrying capacity as the PC composite beams (case 60B and 

40B) were designed in order to examine the level of weight reduction of a web member.   The 

characteristics of RC beams are the same as in the PC composite beams as tabulated in Table 6 and 

the outlines of RC beams are shown in Figure 16.  The shear reinforcement ratio of RC beams was 

set to be 0.30%.  This value is specifically the upper limit.   

The shear carrying capacity, Vu, of RC beams can be obtained from the following Eqs. (1), (2), 

and (3) (JSCE code 2002).  

Vu=Vc+Vs        (1) 

s

)cos(sinjdfA
V

wyw

s

α+α

=        (2) 

db)p100()
d

1000
()f(2.0V

w

3/1

w

4/13/1'

cc
=       (3) 

where, Aw: cross sectional area of stirrup [mm
2
], fwy: yield strength of stirrup [MPa], j: 1/1.15, d: 

effective depth [mm], α: inclined angle of stirrup to axis of RC beam (=90˚), s: spacing of stirrup 

[mm], fc': compressive strength of concrete [MPa], pw: longtudinal reinforcement ratio (=As/(bw·d)) 

[%], and bw: web thickness of RC beams [mm]. 

 
Table 6 Characteristics of RC beam and its materials 

Compressive strength (fc') [MPa] 60 

Shear span (a) [mm] 1500 

Effective depth (d) [mm] 350 

Cross sectional area of longitudinal reinforcement (As) [mm
2
] 1058 

Yield strength of longitudinal reinforcement (fy) [MPa] 1250 

Cross sectional area of stirrup (Aw) [mm
2
] 142.6 

Yield strength of stirrup (fwy) [MPa] 295 
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By setting the value of 2Vu to be corresponding to the maximum loads of PC composite beams, 

bw was determined.  Here, the maximum load was obtained when deflections reached 30mm in the 

experiments (Figure 5(b)).  From the densities of RC and UFC of 2.5t/m
3
,  the weights of a web 

member of RC beams and PC composite beams were compared. 

 

4.2 Comparison of weight 

Table 7 shows the designed results of RC beams with the same load capacity as PC composite 

beams.  It was found that the weight of a web member can be reduced to about 70-75%.  That means 

the PC composite girder can make a large contribution to the weight reduction of a web member. 

This implies that the self weight of a web member of the PC composite girder using UFC truss is 

enormously reduced compared with RC girders. 

 

 

5 Conclusions 

 

The study of mechanical properties of PC composite beams using UFC truss as a web member 

was carried out.  In addition, by the experiment and the nonlinear FEM analysis, the level of 

weight reduction of a web member by using UFC truss was investigated in comparison with RC 

beams. 

The conclusions of this study are as follows: 

1) From the experimental results, it is noteworthily turned out that the reinforcing bar with vertical 

key joint is more suitable joint method than the penetration of PC bar with key joint. 

2) Based on experimental results, it is proved that, by reducing one-third of UFC volume in web, 

the first peak load of PC composite beams also decreased by one-third. 

3) By nonlinear FEM analysis, the mechanical behavior of PC composite beams and the stress 

flow can be properly predicted.  

4) By comparing PC composite beams with RC beams having the same resistance, the weight of a 

web member can be reduced about 70-75% when using the UFC truss.  Therefore, the seismic 

performance of PC composite bridge structures using UFC truss can be enormously improved. 
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Table 7 Designed results of RC beams 

Specimen Maximum load [kN] 
Thickness of web of 

RC beam [mm] 

Weight of web in 

PC composite beam [kg]

Weight of web in 

RC beam [kg] 

Weight reduction 

rate [%] 

60B 119.5 70.4 33.0 112.6 70.7 

40B 99.4 55.5 22.0 88.8 75.2 
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Abstract:  The use of concrete for the seismic reinforcement of historical masonry buildings has been related to

the accumulation of alkali salts on external brickwork, resulting in accelerated decay of the original masonry. A

survey of a reinforced historical building revealed that efflorescence occurs most heavily in areas that become

wet due to rainfall. This mode of efflorescence was successfully reproduced using a test wall of brickwork with

cement mortar backing. Efflorescence was found to accumulate most heavily on areas of the brickwork that

become wettest, and efflorescence was shown to progress with repeated wetting and drying of the brickwork.

The porosity of brick after the efflorescence tests was also measured using a mercury intrusion method, and it

was confirmed that the porosity of brickwork in regions with heavy efflorescence is much lower than in areas

with little surface efflorescence.

1.  NTRODUCTION

The conservation and renovation of historical buildings through the application of modern

construction techniques such as masonry, reinforced concrete, and steel-frame structures has become

widespread. Most historical buildings need to be seismically reinforced using appropriate conservation

and renovation methods in order to preserve the buildings, which were built predominantly in urban areas,

for continued use. In the planning of reinforcement of these historical buildings, due consideration should

be given to their historical value, the original method of construction, the original materials used, and the

intended manner of reinforcement, as inappropriate reinforcement methods can reduce the historical

value of the building and in fact promote decay.

In Japan, seismic reinforcement is necessary in many cases because the original building does not

provide sufficient seismic safety. Of the various materials such as concrete, steel, synthetic resins, and

high-strength fibers that have been used for seismic reinforcement, concrete is most widely used as inner

wall, column or slab reinforcement. The reinforcement effect expected in such cases is quite good

considering the similarity to masonry walls in terms of rigidity. However, reinforcement with concrete

has been noted to cause heavy efflorescence on brickwork due to the leaching of alkali salts from the

cement, resulting in extensive decay of the original structure.

This paper experimentally analyzes the mechanism of efflorescence on historical masonry buildings

that have been seismically reinforced with concrete.
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2. EXAMPLE OF MASONRY BUILDING

REINFORCED WITH CONCRETE

Many historical masonry buildings have been

reinforced with concrete in Japan. An example of such a

building, built in 1890 and reinforced with inner concrete

walls in 1977, was assessed in 2003 to evaluate the

extent of efflorescence on exterior walls. Figures 1 and 2

show examples of the efflorescence on the exterior wall

of this historical masonry building. Efflorescence was

observed on most exterior walls, with a considerable

accumulation below the eaves, around cornices, below

window frames, and at joints between walls - areas that

are likely to remain wet after rainfall. Spalling of the

brickwork was also observed, as shown in Figure 3. It is

supposed that this spalling is induced by the

accumulation of crystalline salt residue inside the brick.

From this survey it was inferred that the mechanism

of efflorescence on masonry buildings reinforced with

concrete appears to be related to the movement of

moisture and salt in the masonry wall.

3.  MODEL TEST FOR EFFLORESCENCE

3.1  Test Wall

The model wall fabricated to attempt to reproduce

the efflorescence appearing on masonry walls reinforced

internally with concrete is shown in Figure 4. Brickwork

was laid using cement lime mortar and allowed to cure

for 28 days. A lining of cement mortar was then formed

in direct contact with the brickwork. The joint mortar

included a lime constituent, as commonly employed

before the Second World War. The conditions of

specimens are listed in Table 1.

3.2  Test Method

Epoxy resin was applied to the surfaces as shown

in Figure 5. The test procedure is outlined in Figure 6.

In the test, a reservoir on the top of the specimen was

Position

of brick

Absorption of

cold water (%)
Joint mortar

Cement mortar

backing

Upper 8.0

Lower 9.0

Upper 9.0

Lower 8.6

Cement

mortar
backing

No  backing

cement:lime:sand=1:3:12

(by volume),

lime:water=1:1

(by weight)

w/c=0.6,

cement:sand=1:2.5

Table 1 Absorption of brick, joint

mortar and cement mortar backing

Figure 3 Spalling caused by crystalline salt residue

inside the brickwork

Figure 1 Efflorescence on a historical masonry

building reinforced with concrete

Figure 2 Efflorescence at joints between walls

Below the eaves

Wall of upper level

Around the cornice

Joints between walls

Figure 4 Test wall specimen

210 mm

50 mm
50 mm

Cement mortar

130 mm

Brick

Form

Cement lime
mortar

60 mm
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filled with a fixed quantity of water (300 mL), and the efflorescence was observed after the brick surface

had dried. This process was repeated. The test was carried out in a thermostatic chamber maintained at 20

ºC and 60% relative humidity, and airflow was applied to the brick surface to accelerate drying.

3.3  Results

The test results are shown in Figure 7. The

ratio of efflorescence area to the total exposed

brickwork area (except joints) was also

calculated (see Figure 8) and the results are

shown in Figure 9. The efflorescence area

increased with repeated wet/dry cycles. The

joint mortar (cement-lime) appeared to

contribute little to the efflorescence compared

to the cement mortar backing, indicating that

cement lime mortar supplies less salts than the

cement mortar backing.

The distribution of efflorescence

accumulation was not uniform, with heavy

efflorescence appearing on the upper portion of

the brickwork. This is attributed to a non-

uniform distribution of water content in

brickwork, varying from high content near the

top (closest to the reservoir), to low water

content near the base.

Cement
mortar

Brick

Water
Epoxy resin

O
b
serv

atio
n
 su

rfaceBrick

Airflow

Cement lime
mortar

When brickwork is completely

dry, observe efflorescence

Accelerated drying

1
 c

y
cl

e

Fill reservoir with fixed

volume of water

Figure 5 Summary of test method Figure 6 Procedure of test

Figure 8 Example of before and after

pictures (7 cycles)

Figure 7 Test result: View of observation

surface at each cycle

No backing Cement mortar backing
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4.  POROSITY CHANGE IN BRICK DUE TO CEMENT SALTS

4.1  Test of Efflorescence without Joint Mortar

4.1.1  Test Method

The effect of cement salts leached from the concrete reinforcement and accumulating in the masonry

brickwork was investigated in more detail using a test model consisting of bricks and a cement mortar

backing, without joint mortar. The specimen is shown in Figure 10. The absorption of water into the brick

after 24 h immersion in cold water was 8.0% (by weight). The backing cement mortar had a water

content of 0.6 and a cement:sand ratio of 1:2.5. The test configuration is shown in Figure 11. The test

procedure and conditions were the same as in the previous experiments.

4.1.2  Results

Figure 12 shows photographs of the brick

surface before the test and after 6 cycles. Heavy

efflorescence can be seen due the cement mortar

backing. Again, the distribution of efflorescence

was not uniform, but in this case, heavy

efflorescence accumulation occurred on the

lower part of the brick. The ratio of efflorescence

area to total exposed brick surface calculated

from such photo pairs is shown in Figure 13.

These results clearly show that efflorescence

Figure 9 Ratio of efflorescence area to total brickwork surface area except joints
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accumulated progressively on the brick surface

with repeated wet/dry cycles.

4.2  Porosity of Brick after Efflorescence Test

Although the cement salts could be readily seen

to accumulate on the brick surface, it is also important

to investigate whether cement salts are crystallizing

inside the brick as well, which may be the cause of

spalling and decay. This was examined by measuring

the porosity of the bricks using a mercury intrusion

method.

The samples for measurement were cut from two

places of the specimen after the accelerating test, as

shown in Figure 14, from an area exhibiting little

surface efflorescence and an area with a heavy

accumulation of efflorescence. The measurement

results are shown in Figure 15. While pores of

approximately 10 µm or more in diameter are present

in the upper part of the brick (low efflorescence), the

porosity of the lower part is significantly lower, from

1 µm to 10 µm. This difference in porosity between

the upper and lower parts of the same brick after the

efflorescence test indicates that cement salts were

crystallizing inside the brick due to efflorescence,

reducing the porosity of the brick in regions that

exhibit heavy efflorescence on the surface.

5.  CONCLUSIONS

This study considered the mechanism of efflorescence on historical masonry buildings that have been
seismically reinforced with an internal backing of concrete. A survey of a historical masonry building that
had been reinforced with concrete, revealed that efflorescence occurred on most areas of exterior walls,

Figure 13 Ratio of efflorescence area to total brick area
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with particularly heavy accumulations below the eaves, around cornices, below window frames, and at
joints between walls, which are area that are likely to become wet due to rainfall. An experiment using a
model wall with a concrete backing successfully reproduced the efflorescence observed in the field, and
showed that the efflorescence on brickwork accumulates with repeated wetting and drying of the
brickwork The distribution of surface efflorescence was not uniform, and is considered to be related to
the vertical variation in water content in the brickwork. Finally, the porosity of bricks after efflorescence
tests was measured using an mercury intrusion method, and it was found that the porosity of brick in
areas with heavy surface efflorescence was significantly lower than that in areas exhibiting less surface
efflorescence.
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Abstract:  In the present study, two types of multi-channel planar array probes have been developed. The 

first is planar pitch-catch array probe and the second is planar tandem array probe. Both of them are designed 

to detect weld defects in structural connection based on the normal-beam and angle-beam techniques, 

respectively. The planar pitch-catch array probe is the assembly of 16 normal-beam transducers arranged in 

4-by-4 matrix, and the planar tandem array probe is the assembly of 15 angle-beam transducers arranged in 

3-by-5 matrix. The ultrasonic detection system, which is designed to use with these probes, is developed for 

fastness and compactness. The 3D-SAFT algorithms, which are applicable and appropriate to both types of 

probes, are studied and developed. The 3D-SAFTs are applied to the A-scans obtained by the flaw detection 

system and make the interpretation of internal defect information.  

 

 

1.  INTRODUCTION 

 

In the Great Hanshin Earthquake, brittle fracture caused the collapse of steel bridge piers. The 

results from many investigations had been reported that the brittle fracture was originally expanded 

from the weld defect in the structural connection. Therefore, in viewpoint of retrofitting works of the 

existing bridges, it is necessary to observe the internal condition and information of the structural 

connections, nondestructively. 

Ultrasonic testing, one of techniques in nondestructive testing, has been widely used for in-situ 

inspection of in-service structures (Achenbach 2000). Main tasks of ultrasonic testing are to detect 

flaws and defects inside the structural connection and to give accurate information of defect such as 

shape, size, and orientation. In the conventional testing, single-probe technique is the most widely 

used method (Krautkrämer et al. 1983). This method refers to the procedure that uses one reversible 

transducer (longitudinal or shear waves) to scan for the location of defects in structures. However, this 

technique, sometimes, leads to the lack of information of defects, which reflect the incident waves in 

two or three dimensions. 

Therefore, in order to increase the detectability of defects, two-probe testing techniques have 

been developed such as the time-of-flight diffraction (TOFD) technique and the tandem technique. In 

those methods, transmitter and receiver are separated and the receiver is mechanically scanned for the 

reflected wave. 

Unfortunately, such methods face three major problems. First, scanning the probe mechanically 

will cause error in evaluation of position of defects. Second, during manual scanning, thickness of 

coupling material between the probe and specimen changes. As a result, the wave amplitude will be 
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relatively changed. Third, inspection for one target area spends long time for mechanically manual 

scanning and recording the A-scans. Furthermore, inspection of bridge components is difficult due to 

the restriction of inspection time and lack of accessible space. Therefore, in order to cope with such 

problems, the planar array probes with the fast ultrasonic flaw detection system should be developed. 

In general, the data of ultrasonic testing are presented in form of unprocessed radio frequency 

(RF) signals or A-scans. These A-scans are very difficult to evaluate and may lead to unreliable 

inspections. Therefore, image reconstruction systems have been developed and introduced to 

ultrasonic testing for managing and analyzing the A-scans. One of the famous imaging systems is 

synthetic aperture focusing technique (SAFT), which is originally used in radar system for military 

and surveillance missions (Soumekh 1999). With the application of the SAFT imaging, information of 

defect in form of images is obtained accurately and easy to evaluate with reliability. 

The objectives of this study are 1) to propose multi-channel array probes in order to increase 

detectability of three-dimensional defects, 2) To develop the fast and compact in-situ ultrasonic flaw 

detection system, and 3) To propose the 3D-SAFT imaging algorithms, which are applicable to the 

planar array probes. 

 

 

2.  MULTI-CHANNEL PLANAR ARRAY PROBES AND FLAW DETECTION SYSTEM 

 

In this study, two types of planar array probes have been developed. The first is the planar 

pitch-catch array probe and the second is the planar tandem array probe. Both of them are designed to 

use in different situations. The planar pitch-catch array probe is based on the normal-beam technique, 

while the planar tandem array probe is based on the angle-beam technique. 

 

2.1  Planar Pitch-Catch Array Probe 

The planar pitch-catch array probe has been developed with the assembly of 16 normal-beam 

transducers in form of 4-by-4 matrix as shown in Figure 1. Geometry is shown in Figure 2. This array 

probe has 16 channels. Each channel generates longitudinal wave with central frequency of 2MHz. 

 
Figure 1  Planar Pitch-Catch Array Probe 

 

Figure 2  Geometry of Planar Pitch-Catch Array Probe 

 
Figure 3  Longitudinal Wave Signals from The Planar

Pitch-Catch Array Probe 

 

Figure 4  Spectrum of Longitudinal Wave Signals
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The wave signals generated from each channel are observed and shown in Figure 3. Applying 

Fourier transformation to these waveforms gives frequency spectrums as shown in Figure 4. 

Spectrums of all waveforms show almost practically agreement. 

 

2.2  Planar Tandem Array Probe 

Figure 5 is the planar tandem array probe and its geometry is shown in Figure 6. It is an assembly 

of 15 angle-beam transducers arranged in form of 3-by-5 matrix (3 columns and 5 rows). Each 

channel is reversible type and can transmit shear waves with angle of refraction of 65 degree. The 

waves propagate in the same direction for all channels. Each channel has central frequency of 5 MHz.  

The plot of received waveforms of all channels is shown in Figure 7 and the plot of their 

spectrums is in Figure 8. All waveforms and spectrums show practically identical shapes.  

Results from both array probes show that all waves generated from each channel have the same 

properties in shape and frequency. Each channel can receive waves generated from another channels. 

Therefore, the two-probe technique can be used properly in both probes. 

 

2.3  Ultrasonic Flaw Detection System 

In this study, we developed the ultrasonic 

flaw detection system, which is compatible to the 

planar array probes. The system consists of 

personal computer, pulse generator, and channel 

controller. They are connected to array probe as 

shown in Figure 9. 

Channel controller is used for controlling 

channels of transmitter and receiver. Personal 

computer is used for data acquisition and 

controlling pulse generator, which is used for 

sending wave pulses. In our system, each channel is used for transmitting incident waves and 

receiving reflected waves generated from another channels. Therefore, a total of 256 and 225 files of 

 

Figure 5  Planar Tandem Array Probe 

 

Figure 6  Geometry of Planar Tandem Array Probe 

 

Figure 7  Shear Wave Signals from The Planar

Tandem Array Probe 

 

Figure 8  Spectrum of Shear Wave Signals 

Figure 9  Ultrasonic Flaw Detection System 

Computer 

Pulse generator 

Channel controller

Array probe 
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the A-scans can be, respectively, obtained from the pitch-catch and tandem array probes without time 

consumption, which is appropriate for in-service inspection.  

 

 

3.  3D-SYNTHETIC APERTURE FOCUSING TECHNIQUE 

 

SAFT processing relates to many parameters, such as coordinates of probe position and 

reconstruction areas, direction of wave incidence, material wave velocities, received A-scans, and 

possible sound paths. In this chapter, the specific 3D-SAFT algorithms for the planar pitch-catch and 

tandem array probes are proposed. 

 

3.1  3D Pitch-Catch SAFT 

Figure 10 demonstrates the principle of the 3D pitch-catch SAFT algorithm. Reconstruction 

volume (volume of inspection) is divided into many voxels with their coordinates (Xi,Yi,Zi). 

Transmitter (XT,YT,ZT) generates wave with certain direction and receiver (XR,YR,ZR) gains the 

A-scan of reflected waves. 

Assuming the considering voxel (Xi,Yi,Zi) in Figure 10 is a part of defect, the incident wave is 

incident to and reflected at this voxel and returned to the receiver by the assumed sound path 

illustrated in the figure. The sound paths of incident and reflected waves are pre-assumed in the SAFT 

process. All possible sound paths should be considered for an A-scan of a pair of transmitter and 

receiver. However, many assumptions of sound paths generally result in the artefacts (ghost images), 

which are caused from mistake assumption of sound path. Therefore, in this pitch-catch SAFT 

algorithm, the sound paths of the incident and reflected waves are considered only the direct path, 

which is the straight-line connecting the probe to the voxel. Then, the time of flight (TOF) is 

determined as follows: 

( )IN REF

P

L +L
TOF = 

C
 (1) 

2 2 2

IN T i T i T i
L  = (X -X ) +(Y -Y ) (Z -Z )+  (2) 

2 2 2

REF R i R i R i
L  = (X -X ) +(Y -Y ) (Z -Z )+  (3) 

where LIN and LREF are lengths of incident and reflected paths, respectively. CP is longitudinal wave 

velocity of material.  

Amplitude value of received A-scan is added up to that voxel with respect to the TOF as 

followings: 

( )i i i
H(X ,Y ,Z ) = f TOF  (4) 

 

Figure 10  3D Pitch-Catch SAFT 

 

Figure 11  3D Tandem SAFT 
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where H(Xi,Yi,Zi) is amplitude intensity at specific voxel (Xi,Yi,Zi) and f(TOF) is amplitude of 

considering A-scan at time TOF.  

Then the summation of amplitude values at the specific voxel is done for A-scans of another pairs 

of transmitter and receiver from 1 to A as follows: 

( )
A

i i i a

a = 1

H(X ,Y ,Z ) = f TOF∑  (5) 

Conducting the process in Eq. (5), the voxel, which respects to the actual defect, will be resulted 

in high intensity of amplitude values. 

 

3.2  3D Tandem SAFT 

In case of single-probe method, the sound paths for angle-beam technique are certain and simply 

assumed. However, assumption of sound path is difficult in case of tandem technique. Unlike the 

pitch-catch SAFT, the tandem SAFT, demonstrated in Figure 11, involves boundary condition of the 

test steel plate. In this section, the incident path is considered separately of the reflected path.  

Incident path can be certainly determined, because the direction of wave incident in the test 

specimen is known. Figure 12 demonstrates the incident paths of waves to specific pixel (Xi,Yi,Zi). As 

shown in figure, the incident path depends on the angle of refraction and boundary of test specimen. 

As a result, waves propagate in steel plate can have multiple reflection at boundary before the 

reflection at defect. Therefore, we classify the incident paths into many orders, for ease, referring to a 

number of straight lines composing the sound paths. For example, the incident paths are of orders 1, 2, 

and 3 in cases of Figures 12(a), (b), and (c), respectively. 

In many testing situations, the thickness of test specimen and the angle of refraction are given. As 

a sequence, an order, n, of the incident path of waves, generated by transmitter (XT,YT,ZT), 

 

Figure 12  Dependency of Incident Path of Wave on Boundary of Specimen: a) 1st , b) 2nd , and c) 3rd Orders 

 
Figure 13  Dependency of Reflected Path on Defect Orientation: (a) 1st , (b) 2nd , and (c) 3rd Orders 

 
Figure 14  Determination of Lengths of Boundary-Reflected Sound Paths 

(a) (b) (c)

(a) (b) (c)
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propagating to the specific pixel can be determined using following formula: 

( ) ( )
2 2

T i T i
X -X Y -Y

Order n=integral part of 1
T×tanθ

 +
  +
 
 

 (6) 

where T is the plate thickness and θ is the angle of refraction.  

Reflected path also depends on boundary of test object as the incident path, but it is more 

complicated because it additionally depends on the orientation of defects as shown in Figure 13. As 

same as the incident path, the reflection paths in Figures 13(a), (b), and (c) are, respectively, classified 

to orders 1, 2, and 3. 

In order to determine lengths of sound paths of any orders, we propose an idea as demonstrated 

in Figure 14. Sound paths of waves, which are reflected at boundary, are unwrapped to be straight line 

as shown by dashed line. For odd-number orders such as 3
rd

 order, sound path is flipped up making a 

straight line from voxel (Xi,Yi,Zi) to new probe position (XT,YT,ZT+2T). On the contrary, sound paths 

are flipped down in cases of even-number orders such as 2
nd

 and 4
th
 orders. Equation for the lengths of 

the sound paths for any orders (n) can be summarized as followings: 

th 2 2 2

T i T i
Length of sound path at n  Order: (X -X ) +(Y -Y ) + Z∆ , (7) 

n+1
η=n-1 for n=odd number

∆Z = η T+(-1) D  
η=n for n=even number 


⋅ ⋅ 


 (8) 

where D = |ZT-Zi|.  

As same as the principle of the SAFT in the pitch-catch method, the time of flight (TOF) is 

determined as follows: 

( )IN REF

S

L +L
TOF = 

C
 (9) 

where CS is the shear wave velocity. LIN and LREF are determined from Eq. (7). 

As mentioned that the reflected path depends on test object boundary and orientation of defects, 

therefore, for a pair of transmitter and receiver, the order of the reflected path (nr) is varied from 1 to 

appropriate numbers (N). The amplitude intensity at specific voxel (Xi,Yi,Zi) for a number (A) of 

A-scans can be written as: 

( )
r

A N

i i i a

a = 1 n  = 1

H(X ,Y ,Z ) = f TOF
 
 
 

∑ ∑ . (10) 

 

 

4.  APPLICATION OF 3D SAFTs TO FLAW DETECTION SYSTEM 

 

In this chapter, the planar array probes with the 

3D-SAFTs are applied to the specimens in order to verify 

the validity and advantage of this system.  

 

4.1  Graphical results of the planar pitch-catch array 

probe 

Experimental setup and specimen are shown in 

Figure 15. The half spherical specimen with radius of 

100 mm is used as test specimen. The bottom surface of 

this specimen has a curvature shape, which is supposed 

 

Figure 15  Experimental Setup of The Pitch-Catch 

Array Probe. 

R = 100 mm 
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to reflect the waves in three dimensions. 

The 3D pitch-catch SAFT is applied to the A-scans gained by the planar pitch-catch array probe. 

The graphical result of the half spherical specimen is shown in Figure 16. Figure 16(a) shows the 

volumetric data in form of sliced-plane image, while Figures 16(b) and (c) show by isosurface images. 

Both types of image interpretations show information of three-dimensional curve at specimen bottom 

surface. 

However, the isosurface images of the volumetric data, shown in Figures 16(b) and (c), give us 

in-depth information of orientation, location, and shape in three dimensions. Therefore, it is strongly 

recommended for interpretation of the volumetric data. 

 

4.2  Graphical results of the planar tandem array 

probe 

In this section, we use the steel plate, which has 

15 mm in thickness, for the experiment. Experimental 

setup is shown in Figure 17. Plate edge of this plate is 

supposed to be the planar defect. In order to confirm 

the detectability of three-dimensional planar defect, we 

rotated the probe around one corner making the plate 

edge angled to the probe front for 0, 6, 12, and 18 

degrees. 

Top views of the isosurface images for θ = 0, 6, 

12, and 18 degrees are compared and shown in Figures 

18(a), (b), (c), and (d), respectively. Red lines indicated in the figures are actual orientation of plate 

edges. In case of θ = 0˚, isosurface image shows the same orientation with plate edge.  

In cases of inclined orientation at θ = 6˚ and 12˚, isosurface images in columns 1 and 2 show very 

good relation with actual plate edge orientation. The reason that isosurface images in column 3 do not 

show good relation with actual orientation can be explained based on probe geometry. The waves 

generated from transmitters in column 1 can be detected by receivers in columns 2 and 3, and the 

waves generated from transmitters in column 2 can be relatively detected by receivers in column 3. 

However, the waves generated by transmitters in column 3 cannot be detected, because there is no 

column of receivers to detect reflected waves.    

In case of θ = 18˚, images do not relate to plate edge for all columns, because angle of plate edge 

to the probe front is very large so that the reflected waves cannot be efficiently detected.   

Note that we cannot gain any three-dimensional information, such as orientation and shape as 

shown in Figures 16 and 18 by using only a single-probe technique. These results show the importance 

and necessity of the three-dimensional ultrasonic flaw detection system. 

 

Figure 16  Images of Bottom Surface of Half Spherical Specimen: (a) Sliced-Plane Image, (b) and (c) Isosurface Images

(a) (b) (c)

 
Figure 17  Experimental Setup of The Tandem 

Array Probe 
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5.  CONCLUSIONS 

 

In this study, multi-channel planar pitch-catch array probe and planar tandem array probe have 

been developed to improve detectability of three-dimensional defect. The ultrasonic flaw detection 

system and specific 3D-SAFT imaging algorithms have been particularly developed to use with these 

array probes.  

Advantages of the planar array probes and flaw detection system are 1) no mechanical scan 

required, 2) saving inspection time, 3) increasing detectability of three-dimensional defect, and 4) with 

application of 3D-SAFT system, three-dimensional information of defect can be obtained with high 

accuracy.  

The results of this study show great contribution to current ultrasonic detection technique that the 

defect information can be greatly extracted by using the planar array probe with application of 

3D-SAFT.  
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Figure 18 Comparison of Top Views of Isosurface Images of Specimen Edge at Ө= (a) 0˚, (b) 6˚, (c) 12˚, and (d) 18˚ 

(a) (b) (c) (d)
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Abstract:  In the Northridge (1994) and Kobe (1995) Earthquakes, some buildings suffered damage and 

lost their functions, although many buildings avoided collapse so as to save human life. If a heavy earthquake 

occurred in urban areas, the stop of the function of urban facilities would cause the severe economical loss. It 

is very important for structural engineers to consider restoring buildings at the early stage after an earthquake. 

That is to say, not only structural performances but also easy repairs after an earthquake are required for 

buildings. One of methods that make buildings have these abilities is the Damage-Controlled-Structure. This 

system consists of a mainframe and dampers. The mainframe can remain in elastic range during an 

earthquake, because dampers absorb the input energy of the earthquake. Today, by such a seismic design 

concept and developments of efficient dampers, many high-rise buildings with easy repairs are being 

constructed in urban area. However, in urban areas, there are many low-rise or medium-rise buildings which 

are not suitable for applying dampers. And even if they were buildings with dampers, high rotation capacities 

might be required at beam-ends of a mainframe. Since the earthquakes above occurred, a lot of studies have 

been carried out on beam-to-column connections, and new details at beam-to-column connections have been 

proposed. Nevertheless, the seismic design with these new details is based on plastic rotation capacity of 

principal members in a mainframe. In other words, these details cannot give easy repairs to structures. 

The purpose of this study is to propose new ductile steel structure, which realizes easy repairs as well as 

structural performances. Main feature of this system is to limit plastic deformations (damage) to the 

connection elements, the weak-web-split-tee, at the bottom flange of beam-ends. 

 

 

1.  INTRODUCTION 

 

In the Northridge (1994) and Kobe (1995) Earthquakes, some buildings suffered damage and lost 

structural functions, although many buildings avoided collapse so as to save human life. If a heavy 

earthquake occurs in urban areas, the loss of the function of urban facilities would cause severe 

economic loss. In urban areas, social and industrial activities cannot be lost for long. Therefore, it is 

very important for a structural engineer to consider restoring buildings soon after an earthquake. One 

of the methods that give buildings this ability is the Damage-Controlled-Structure (Wada et al., 1992 

and Y. H. Huang, 1995) and it is shown in Fig.1. This system consists of a mainframe and dampers. 

The mainframe only supports gravity and can remain in elastic range during an earthquake, because 

dampers absorb the input energy of the earthquake. Therefore, buildings can be used continuously by 

repairing and exchanging dampers. Today, many high-rise buildings based on the design method of 

Damage-Controlled-Structure are being constructed. 
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However, in urban areas, there are many low-rise or medium-rise buildings which are not suitable 

for applying dampers. In the case of these buildings, naturally, energy absorption of an earthquake 

must be expected at the beam-ends (shown in Fig.2 (a)). And even if there were low-rise or 

medium-rise buildings with dampers, high rotation capacities would be required at the beam-ends of a 

mainframe (shown in Fig.2 (b)). It means that most low-rise or medium-rise buildings had been built 

based on the seismic design permitting damage at the beam-ends. 

In the two earthquakes mentioned above, many steel structures suffered damage at beam-to-column 

connections, and some fractures of bottom flanges occurred at the beam-to-column connections. After 

these earthquakes, a remarkable number of studies have been made on beam-to-column connection. 

Some of them tried to investigate the causes of these fractures, and others proposed the new 

connection details to resolve the issues. Examples of the proposed details are as follows: the reduced 

beam section detail (RBS), the horizontal-haunch beam detail, the no-weld access hole detail, and the 

improved weld access hole detail. And many test results have showed us that each of them prevents a 

premature fracture and has a large plastic rotation capacity. As the result, The RBS detail has been 

recommended in the U.S. and no-weld access hole detail has been adopted in Japan. Nevertheless, 

seismic design with these details is based on the plastic rotation capacity of main members in the 

mainframe. And in those studies, little attention has been paid to repairing the connections. 

Consequently, we cannot easily repair the buildings when using these details. In other words, these 

proposed details have not been able to solve the issues that the past disasters caused. 

If we can easily repair the mainframe with or without dampers, the buildings can be restored soon 

after an earthquake. We can do it even if they are naturally low-rise or medium-rise buildings. The 

purpose of this study is to propose a new ductile steel structure, which realizes not only structural 

performance but also easy repair after a heavy earthquake. Main feature of this system is that plastic 

the Damage-Controlled-Structure mainframe dampers 

= + 

Fig.1  the Damage-Controlled-Structure (Wada et al., 1992 and Y. H. Huang, 1995) 

dampers absorb the input energy 

mainframe can remain in elastic range 

(mainframe does not suffer damage) 
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deformation concentrates on connection elements (the weak-web-split-tee, see 2.2.) at the bottom 

flange of beam-ends in the mainframe. In this paper, first, why damage has to concentrate on the 

connection elements at the bottom flange is shown. Next, the ability of the connection elements 

required in order to realize the proposed system is shown. Finally, the detail of the connection 

elements that satisfy the requirements is shown. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

2. PROPOSAL OF NEW DUCTILE STEEL FRAMES 

 

2.1  NEW DUCTILE STEEL FRAMES 

 

There are two conditions that must be met to make structures easily repairable. One of them is to 

constitute structures using exchangeable members. The other is to limit damage to some of these 

exchangeable elements. In the Damage-Controlled-Structure, dampers on which damage concentrates 

are connected to a mainframe by exchangeable high-strength bolts. Naturally, beams and columns of 

the mainframe that are connected by high-strength bolts are more easily repairable than those that are 

welded. And it is thought that, by designing connection elements (Split-Tee (T-stub) or Angle) that are 

weaker than the beam and column, it is possible to limit damage to the connection elements. However, 

conventional Split-Tee (T-stub) shows different behaviors in tension and compression. This 

characteristic behavior prevents limiting damage to exchangeable elements. A behavior of a frame 

with conventional Split-Tee is shown in Fig.3. In the state of this deformation, a compression force 

occurs on the beam because the rotation points of left and right side differ. Consequently, at the 

connection, stiffness and yield strength would increase with this compression force, and local buckling 

on the bottom flange might be caused by this compression force. It means that the state of the 

(a) buildings without dampers

energy absorption of an earthquake  

  must be expected at the beam-ends 

high rotation capacity 

  would be required at the beam-ends 

(b) buildings with dampers 

Fig.2  a seismic design based on damage at the beam-ends (low-rise or medium-rise buildings) 
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deformation with conventional Split-Tee is not suitable for limiting damage to connection elements. 

With regards to limiting damage, the desirable state of the deformation with bolted connections 

would be shown in Fig.4. Main feature of this behavior is that plastic deformation is limited to the 

connection elements at the bottom flange. Consequently, The rotation points of left and right side stay 

at the top flange. Naturally, it avoids damage to the connection elements on the top flange, which is 

difficult to exchange. The point we wish to emphasize is that we can concentrate deformations of a 

mainframe on Split-Tee at the bottom flange, if the connection elements show the same behaviors in 

tension and compression (see 2.2.). By repairing and exchanging the connection elements at the 

bottom flange after an earthquake, buildings can continue to be used. Consequently, even if the 

building is not suitable for applying dampers or cannot absorb the input energy with only dampers, it 

can be repaired easily, such as the Damage-Controlled-Structure. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

2.2   NEW CONNECTION ELEMENTS (THE WEAK-WEB-SPLIT-TEE) 

 

In order to form the desirable deformation to limit damage (shown in Fig.4), the damage must 

concentrate on the connection elements at the bottom flange. It means that the elements have to show 

same behavior in tension and compression. The new connection elements (shown in Fig.5), which are 

proposed by us, satisfy the requirement. A feature of the connection elements is that they have a 

reduced section at the web plate. By designing the weak section, it allows the connection to reach 

yield strength earlier than the beam, column, and the connection elements at the top flange. As the 

result, the rotation point of beam-ends would stay at the top flange, and deformation of the mainframe 

would concentrate on the connection elements at the bottom flange. Nevertheless, naturally, buckling 

occurs at the weak section when it is in compression. Therefore, we use the buckling resistance 

equipment shown in Fig.5 (a). Buckling of the weak web is avoided by putting the weak web between 

the bottom flange of the beam and the resistance equipment. By using the buckling resistance method, 

the Split-Tee can show the stable deformation capacities in tension and compression (shown in Fig.5 

(b)). 

Fig. 4  The desirable deformation 

(with the weak-web-split-tee (see 2.2.))

Fig. 3  The conventional deformation 

(with conventional Split-Tee) 

beam and column can remain in elastic range

compression 

the exchangeable elements 

difficult to exchange it 

local buckling might occur

- 470 -



 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

3.  CONCLUSIONS 

 

Many steel structures suffered damage at beam-to-column connection under the past heavy 

earthquakes. After these disasters, although a lot of researchers proposed new connection details, most 

of them paid little attention to repairing after an earthquake. In urban areas, social and industrial 

activities cannot stop for long, because it causes the severe economic loss. Therefore, to consider 

restoring buildings is very important for structural engineers and urban areas. Today, structural 

engineers and urban areas require buildings that can do it. 

The purpose of this study is to propose the new ductile steel frames, which realize not only 

structural performances but also easy repair after an earthquake. Main feature of this system is limiting 

damage to connection elements at the bottom flange of beam-ends. In this paper, first, why damage 

has to concentrate on the connection elements at the bottom flange was shown. Next, the ability of the 

connection elements required in order to realize the proposed system was shown. Finally, the detail of 

the connection elements (the weak-web-split-tee, see 2.2.) that satisfy the requirements was shown. 

 

 

 

the weak-web-split-tee 

beam 

the buckling resistance equipment 

the rotation point 

 (the conventional Split-Tee remains elastic) 

Compression 

Tension 

Fig. 5  the beam-to-column connection with the weak-web-split-tee 

(a) detail of beam-to-column connections (b) behavior of the weak-web-split-tee 
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Abstract:  Pounding between closely spaced structures can be a serious hazard in seismically active 

metropolitan areas. Peak relative displacement between these structures can be obtained by the proposed 

spectral difference (SPD) rule. Unlike time history analysis method, a closed form solution can be applied to 

discuss trends of relative displacement of buildings in terms of periods, damping ratios, yield strength, 

ductility demands of the buildings as well as earthquake spectrum. In this study, practical implementation of 

the SPD rule through a simple procedure is proposed in order to estimate required separation to preclude 

pounding between adjacent structures. Validation study is conducted, using a relatively large ensemble of 33 

ground motion records on a number of various adjacent building pairs that are consistent with the current 

code requirements for strength and stiffness. Inconsistencies of other spectrum methods and the accuracy of 

SPD-based method are explained through comparisons with the time history analysis results.   

 

 

1.  INTRODUCTION 

 

In recent years, there has been an increased awareness of the potential impact of buildings during 

moderate to strong earthquakes due to insufficient separation distance (Bertero 1986, Rosenblueth and 

Meli 1986, Kasai and Maison 1997). Controlling the relative displacement between adjacent buildings 

(Fig. 1) is an important method for preventing these buildings pound each other during seismic 

excitation. The magnitude of the required seismic gap sreq can be estimated by calculating their peak 

relative displacement through time history analysis. However, since one cannot determine specifically 

the future earthquake time history, a spectrum approach that uses an ensemble from the past as well as 

potential earthquakes would be more reliable and preferred.  

In fact, the peak relative displacement depends not only on the peak displacement of each separate 

structure but also on the vibration phase, which is associated with their elastic and inelastic responses. 

Therefore, the key parameters such as adjacent building’s vibration periods, damping ratios, heights, 

ductility demands, and even hysteresis types must be taken into account for determining reasonable 

gap between structures. Kasai et al. (1996) presented a method called “spectral difference (SPD) rule” 

using response spectrum to estimate the maximum relative displacement. The method provides a 

closed-form solution that relates those key parameters with the buildings’ relative motion. However, 

using directly this SPD rule requires either inelastic response spectrum or time history analysis to 

obtain peak inelastic displacement of each separate building. 

This study is to propose a practical SPD-based method by implementing more simplifications. The 

proposed method employs only elastic response spectrum to approximate peak inelastic displacement 

of each structure. Then it considers a number of various adjacent building pairs having stiffness and 

strength consistent with the Japanese seismic code and an ensemble of 33 earthquakes scaled to 
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different levels for the validation study. The 

accuracy of the SPD-based method is 

illustrated by comparing results with time 

history analysis and other methods. We also 

clarify the trend of the peak relative 

displacement by explaining the complex 

effect of the mentioned key factors through 

this SPD-based method. This work aims to 

emphasis on the significant effect of yielding 

on building’s phase motion and relative 

displacement. The study would be useful for 

understanding and controlling the relative 

displacement of adjacent structures.   

 

 

2. RELATIVE DISPLACEMENT AND VARIOUS ESTIMATES 

 

2.1  Past Rules 

From Fig. 1, the relative displacement urel(t) between buildings A and B is urel(t) = uA(t) – uB(t), 

where uA(t), uB(t) = displacement time histories at potential pounding locations. From now on, the 

subscripts “A” and “B” shall refer to buildings A and B, respectively. 

Required separation between buildings A and B can be determined as urel(TH) = max urel(t) , 
‘TH’ indicates results from time history analysis, and pounding is avoided if the separation distance 

sreq > urel(TH). 

Two other methods for estimating the peak relative displacement are the absolute-sum (ABS) rule: 

urel(ABS) = uA+uB and the square-root-of-sum-of-squares (SRSS) rule: ( ) 2

B

2

Arel
SRSS uuu += , where 

uA, uB = the absolute peak displacements of the buildings, which can be obtained from the response 

spectrum. The use of the SRSS rule is stipulated in the U.S. seismic code (IBC, 2000). 

 

2.2  Spectral Difference (SPD) Rule 

Unlike the ABS and SRSS rules, the SPD rule (Kasai et al. 1996) uses a cross correlation 

coefficient ρAB, and 

  

 ( )
BAAB

2

B

2

Arel
2SPD uuuuu ρ−+=  (1) 

 

The ρAB reflects vibration phase of buildings A and B, and it was derived from a random vibration 

theory as follows (Kasai et al. 1996, Der Kiureghian 1980): 
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where *β = ratio of effective vibration periods *

A

*

B
TT , *

B

*

A
 and ξξ = effective damping ratios. Note that 

0≤ ρAB ≤1, and larger ρAB means more in-phase motion, and consequently smaller urel (Eq. 1).  

Eq. 2 explains that T
*
 and ξ

*
 play a key role in vibration phase. When *β is close to 1, 

and/or *

B

*

A
 and ξξ are large, ρAB approaches 1, and in-phase motion develops. Inclusion of damping 

comes from the fact that damping tends to eliminate a free vibration portion of the seismic response, 

and mainly a forced vibration portion remains, making the two buildings vibrate similarly to the 

Figure 1. Relative Displacement of Adjacent Bldgs.
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ground motion (Kasai et al., 1996; Kasai et al., 2002). 

For the buildings of bilinear hysteresis (Fig. 2a) and stiffness degrading hysteresis (Fig. 2b), the 

above effective properties are given as: 

 

Bilinear:   ( )[ ] ( ) 3.1**
1084.0;109.01 −+=−+= µξξµTT  (3a) 

 

Degrading: ( )[ ] ( ) 9.0**
116.0;118.01 −+=−+= µξξµTT  (3b) 

 

where T, ξ, µ = initial elastic vibration period, initial viscous damping ratio, and peak ductility demand, 

respectively. 

 

 

 

 

 

 

 

 

 

 

 

3.  TRENDS OF RELATIVE MOTION AND PHASE 

 

3.1 Trends of Relative Motion 

Consider two single-degree-of-freedom (SDOF) systems A and B with initial vibration periods TA 

and TB = 1.0s, 1.3s, and initial viscous damping ratios ξA = ξB = 0.02. The stiffness degrading 

hysteresis model (Fig. 2b) is used with strain-hardening ratio 5%. The system is designed under the 

three cases described below, and they are subjected to the 1940 Imperial Valley earthquake (117 El 

Centro station, 0.35g). 

Case 1: Systems are elastic and only small damping is given. Thus, they must vibrate mostly 

out-of-phase. 

Case 2: Systems are inelastic and designed to develop µA = µB = 3. In-phase motion is promoted 

due to the hysteretic damping. 

Case 3: Systems are inelastic, and designed to develop distinct values of µA = 6 and µB = 3. Like 

case 2, in-phase motion develops due to hysteretic damping. In addition, although TB/TA = 1.3, 

different µA and µB causes *

A

*

B
TT ≈ 1, may lead to strong in-phase motion. 

As Fig. 3a shows, Case 1 develops out-of-phase movement between the elastic systems A and B 

due to their different periods. In contrast, the responses of inelastic systems in Cases 2 and 3 are 

significantly in phase (Figs. 3b, and 3c). Fig. 3d plots urel(t)/(uA+uB), which highlights increasing trend 

of the in-phase motion in the order of Cases 1, 2, and 3. Table 1 lists magnitudes of each response 

quantity. 

The SPD, SRSS, and ABS rules are used to estimate urel of the above three cases by using the peak 

displacements uA, uB obtained from the time history analyses. In case of the SPD method, the values 

are also divided by the yield displacements to calculate µA, µB, and the cross correlation ρAB (Eq. 2) 

Table 2 indicates superior prediction of urel by the SPD rule. The errors of the SRSS and ABS rules 

increase, especially when buildings exhibit large inelastic deformations. Eqs. 1 to 3 of the SPD rule, 

therefore, could clarify the complex effects from the initial vibration periods, viscous damping ratios, 

and ductility demands varied herein. This point will be further demonstrated below. 

Figure 2. Hysteresis Behavior: (a) Bilinear Building 

Model, and (b) Stiffness Degrading Model. 
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3.2 Trends of Vibration Phase 

Fig. 4 beside plots cross correlation 

coefficients ρAB (Eq. 2) in order to illustrate 

general trends of systems’ phase. For elastic 

systems (Fig. 4a), the ρAB is high only if both 

TB/TA ≈1 and ξB/ξA ≈ 1, and it is very low 

otherwise. For inelastic systems, however, 

TB/TA ≠ 1 can lead to the largest ρAB, 

depending on the values of µA and µB (Figs. 4c 

and 4d). This is because the effective period 

and damping, instead of initial period and 

damping, governs ρAB when systems are 

inelastic. Case 3 gives a typical example, 

where *

A

*

B
TT ≈ 0.93 (Table 2) in contrast to 

TB/TA = 1.3, and it gave the smallest urel 

among all cases (Fig. 3). 

Since T
*
 and ξ

*
 are affected by the ductility 

demand µ, Fig. 4 provides the direct and 

useful information regarding the effect of µ. 

The peaks of the ρAB-curves are close to 1.0 

for a wide range of TB/TA when µ > 2, 

indicating importance of including even moderate amount of yielding. 

Thus, large ρAB results even when the initial period ratio TB/TA ≠ 1, and maximum ρAB is obtained 

when systems A and B have different µ’s. This is the reason why Case 3 shows more in-phase motion 

than Case 2. 

 

Figure 3. Time History Responses of the Systems in 

Three Cases. 
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Table 1. Results of Three Considering Cases. 

 

Ductility Peak Disp. (cm) 
Case

µA µB uA uB urel 
),max(

BA

rel

uu

u

BA

rel

uu

u

+

1 1 1 16.81 11.09 20.02 1.19 0.72 

2 3 3 9.70 11.77 6.50 0.55 0.30 

3 5 3 11.84 11.77 4.23 0.57 0.18 

Table 2. Approximation Results Using SPD and 

Other Methods. 

 

Effective Parameters
Case

*

A
T

*

B
T

*

A
ξ *

B
ξ

ρAB
)TH(

)SPD(

rel

rel

u

u
 

)TH(

)SRSS(

rel

rel

u

u

)TH(

)ABS(

rel

rel

u

u

1 1.00 1.30 0.02 0.02 0.02 1.00 1.01 1.39 

2 1.36 1.77 0.32 0.32 0.85 0.96 2.35 3.30 

3 1.90 1.77 0.70 0.32 0.91 1.19 3.95 5.58 

Figure 4. General Trends of Buildings’ Phase.
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4.  SIMPLIFIED SPD-BASED METHOD 

 

4.1  Inelastic Displacement Prediction by Elastic Spectrum 

Studies have been conducted worldwide to predict inelastic response via elastic spectrum. They 

utilize the strong correlation between the ductility demand µ and the strength reduction factor Rµ. 
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 (4) 

 

where Qy, ∆y = yield shear and yield displacement of the system given, and Qe, ∆e = base shear and 

displacement when the system is presumed to behave elastically. The above displacements are defined 

at the effective height (Chopra 1995) Heff of the building. 

The µ - Rµ relationships have been proposed by Newmark and Hall (1973), Uang (1992), and 

others. In the present study, we will utilize Nassar and Krawinkler’s rule (1991) as follows: 
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where a and b depend on the strain-hardening ratio α. 

Once ∆e is estimated from an elastic spectrum, µ is obtained from Eqs. 4 and 5, and the peak 

inelastic displacement ∆ at height Heff is  

 

 ∆ =µ ⋅ ∆y   (6) 

Following Nassar and Krawinkler (1991), Uang (1992), and Kasai et al. (2003), the damping ratio 

shall be 5% when using the elastic spectrum. 

 

4.2  Step-by-Step Procedure for Simplified SPD-Based Method 

For simplified prediction of urel without conducting time history analysis, we combine the SPD 

rule with elastic response spectrum. The height of building A is set equal to or greater than that of 

building B, i.e., HA ≥ HB will be considered (Fig. 1). 

The procedure obtains the following parameters in order: 

(1) Elastic displacements ∆eA and ∆eB from elastic spectrum. 

(2) Inelastic displacements ∆A and ∆B using Eqs. 4 to 6. 

(3) Inelastic displacements uA and uB at the common critical height. 

(4) Effective periods *

B

*

A
 and TT , damping ratio *

B

*

A
 and ξξ  from Eqs. 3. 

(5) Cross correlation ρAB from Eq. 2, and sreq = urel(SPD) from Eq. 1. 

In the present study, a simple straight-line building deformation mode is assumed. For step (3) 

above, therefore, effective height Heff = 2H/3 is considered for each building, and the following 

relationship is used: uA = 1.5(HB/HA) ∆A , and uB = 1.5 ∆B 

 

4.3  Building Models Consistent with Code 

Building models to be used in the following sections will be defined here. The preliminary data 

required for the application of the SPD-based method are the initial period T and the yield 

displacement ∆y of each building. From now on, T is assumed to coincide with that given by the 

Japanese Seismic Code (IAEE, 1996), i.e., T = 0.03H and T = 0.02H, where H = total height of the 

building in meters, for steel building and concrete building, respectively. 

Building yield shear is set to Ω⋅Qy , where Ω = overstrength factor, and Qy = yield shear required 

by the code such as: 
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 Qy = C0⋅Rt⋅W (7) 

 

In Eq. 7, C0 = 0.25 and 0.30 are assumed for the steel and concrete buildings, respectively. The 

values are somewhat arbitrary as long as C0 ≥ 0.2, and they are made equal to the Ds-factors (IAEE, 

1996). Indeed, these higher values may better approximate the actual behavior. However, note also 

that the overstrength factor Ω can be varied, making the specific C0 –value less significant.  

The design spectral coefficient Rt is obtained from the formula as specified in Japanese Seismic 

Code (IAEE, 1996), where medium soil can be assumed. Based on these, the yield displacement ∆y at 

height Heff is calculated as: 

 

 ( )2
0

2πTgRC
ty
⋅⋅=∆  (8) 

 

 

5.  VALIDATION OF SIMPLIFIED SPD-BASED METHOD 

 

5.1  Parameters Considered for Validation 

A validation study is now conducted in order to examine the accuracy of the SPD-based method, 

and to obtain the general trend of urel between the building pairs consisting of various steel and 

concrete frames. In this study, buildings have 8 different heights of 3, 6, 9, 12, 15, 18, 21, and 24 

stories with a common story height of 4m. For building pairs A and B, all possible combinations of 8 

different heights are considered with the condition of HA ≥ HB  (Fig. 1). The total number of building 

pairs is 36.  

Additionally, 4 cases of material type combinations for buildings A and B are assumed: steel vs. 

steel; concrete vs. concrete; steel vs. concrete; and concrete vs. steel, respectively. In total, the number 

of building pairs is 144 [(36 height combinations) x (4 material type combinations)]. 

For each building pair, 31 past earthquakes and 2 artificial earthquakes (Kasai et al. 2003) are used, 

and each record is applied in both positive and negative directions. The records cover a variety of 

seismic intensities, and it is reasonable to scale them to the same peak ground acceleration (PGA). 

Thus, 4 different PGA scales of 0.2g, 0.4g, 0.6g, and 0.8g are considered for each record. In total, the 

number of earthquakes considered for each building pair is 264 [(33 earthquakes) x (2 directions) x (4 

PGA scales)].  

Fig. 5 shows the mean acceleration spectrum and mean ± standard deviation of 33 records scaled 

to 0.4g. Fig. 5 also shows Rt⋅g curve for the medium soil condition. Yield strengths of 8 steel buildings 

and 8 concrete buildings are also plotted, 

respectively. 

Using the elastic spectrum of each 

earthquake, inelastic peak displacement is 

estimated, and used for all the SPD-, SRSS-, 

and ABS-based methods. Also, in order to 

obtain exact solution for urel, dynamic time 

history analyses are conducted using a 

SDOF nonlinear analysis program 

NONSPEC (Mahin and Lin 1983). In 

summary, this validation study examines a 

total of 38,016 cases [(144 building pairs) x 

(264 scaled records)]. 

 

5.2  Validation Results 

For each of the cases mentioned above, the ratios of urel(SPD), urel(SRSS), and urel(ABS) to the 

Figure 5. Mean and Deviation of 33 Acceleration 

Spectra (PGA=0.4g), Design Spectrum and Design 

Strength of Buildings. 
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urel(TH) are obtained, and they are averaged over 36 height combinations and 2 earthquake directions 

per combination of material type, earthquake, and PGA scale. The average values are shown in Fig. 6.  

Fig. 6 shows that urel(SPD)/urel(TH) ≈ 1 for most cases, indicating superior accuracy of the 

SPD-based method. ABS- or SRSS-based method appears to be largely conservative, as the PGA scale 

increases. This is because they do not account for the important effect of inelastic deformation, which, 

under stronger earthquake causes more in-phase motion between the two buildings. 

The important effect of inelastic in-phase motion is seen especially for the strong earthquakes like 

Kobe Japan (earthquakes 7 to 12), Iran and Northridge (earthquakes 17 to 22). These earthquakes, 

even scaled to the same PGA as other earthquakes, force each building to deform larger due to their 

higher spectral values over a wide period range, but they also produce at the same time more in-phase 

motion between the two buildings. Such tendencies are accurately predicted by the simplified 

SPD-based method. 

When PGA is 0.2g, the SRSS-based method is almost as accurate as the SPD-based method. This 

is because the average spectrum of 0.2G earthquakes approaches the buildings’ design strength spectra, 

as can be imagined from Fig. 5. Thus, the buildings responded almost elastically, resulting in the small 

effective damping and consequently the small correlation ρAB. 

Note also that, unlike the other methods, the SPD-based method implicitly includes material types 

and corresponding hysteretic characteristics, and it always gives very stable estimates, irrespective of 

any material type combinations. Although we observe some scattering of its estimates for stronger 

earthquakes of 0.8g PGA, the standard deviation (not shown for ABS and SRSS methods) does clearly 

strengthen the stable degree of the SPD-based method over the ABS- and SRSS-based methods. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 6. Average Ratios of urel(SPD), , urel(SRSS), and urel(ABS) to Exact Solution urel(TH).
(Thick and thin horizontal lines represent average accuracy and average ± standard deviation of the SPD-based method) 
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6.  CONCLUSIONS 

 

This paper has proposed a new method to estimate the seismic peak relative displacement between 

two inelastic buildings, by combining the writers’ spectral difference (SPD) rule and elastic response 

spectrum. The conclusions are as follows: 

(1) The method is validated through extensive numerical experiments using numerous 

code-compatible building pairs with different heights and material combinations, as well as 33 

earthquakes of 2 directions, scaled to 4 different levels. The method is found to accurate estimate the 

relative displacement, with a narrow variability of error.  

(2) Determination of relative displacement requires considerations of many factors such as; 

building heights, elastic vibration periods, initial yield strengths, hysteresis types, and spectrum 

characteristics as well as intensities of the earthquakes. Only the SPD-based method explicitly 

accounts for and clarifies the complex effects of these key parameters, and its use is simple.  

(3) The ABS-based method is excessively conservative for the level of earthquake as well as 

building stiffness and strength, specified in the current code. The SRSS-based method gives 

reasonably conservative estimate for moderate earthquakes, but remains incorrect for strong 

earthquakes because of not accounting for the relevant effect of hysteresis damping. 
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Abstract:  This paper proposes a pratical theory for peak response evaluation method and a design 

approach for elasto-plastically damped structure in preliminary seismic design.  The proposed theory is 

based on the single- degree-of-freedom (SDOF) idealization of multistory building structure, and uses the 

so-called “control performance curve” which simultaneously expresses the seismic performance as a function 

of stiffness parameter, ductility demand and seismic response spectrum.  A rule to convert a SDOF design to 

a multi- story design and arrangement of damper stiffness over the height of structure is also presented.  The 

accuracy of this method is validated via extensive time history simulations over a wide range of building 

models. 

 

 

1.  INTRODUCTION 

 

In recent years passive control of building structures by incorporating various energy dissipation 

devices (dampers) has become common in Japan.  In particular, the use of elasto-plastic (EP) damper, 

such as buckling-restrained brace, for passively-controlled structure have gained widespread practical 

applications.  The EP dampers substantially reduce story drifts and member forces by adding 

hysteretic damping and stiffness to the primary structure (frame) under earthquake excitation.  In 

preliminary seismic design, however, lack of comprehension of the relationship among response 

reduction, amount of damper and input ground motion induces an irrational approach, which requires 

numerous time history simulations.  

Objectives of this paper are to propose a practical theory for peak response evaluation method and 

a design approach for elasto-plastically damped structure in preliminary seismic design, and to verify 

the accuracy of this method.  The proposed theory employs the SDOF idealization of multistory 

building structure and equivalent linearization technique.  A rule to convert a SDOF design to a 

multi-story design and arrangement of damper stiffness over the height of structure is also presented.  

The accuracy of this method is validated via time history simulations over a wide range of building 

models.  Basic part of this paper is adopted in “JSSI manual for design and construction of 

passively-controlled buildings in Japan (2003)”. 

 

 

2. DYNAMIC PROPERTIES OF SDOF EP SYSTEM 

 

2.1  Damper and System 

As Figure 1 shows, SDOF model of EP system consists of a mass and two springs which show EP 
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damper and frame connected in a row to the mass.  EP damper is modeled as elasto-perfectly-plastic 

with elastic stiffness Kd and ductility demand µd, whereas frame behaves linearly with elastic stiffness 

Kf (Figure 2(a),(b)).  Fundamental vibration period and damping ratio of frame are defined as Tf and 

h0.  Elastic stiffness K0, fundamental vibration period T0 and ductility demand µ of EP system are 

given by Eq. 1(a)-(c). 
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Equivalent linear (secant) stiffness of EP system Keq is  
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where p = ratio of post-yield stiffness to elastic stiffness of the system. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

2.2   Equivalent Period and Equivalent Damping Ratio of System 

According to Eq. 2(a), the equivalent vibration period Teq of system is 
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The damping ratio of the EP system at ductility demand µ’ can be evaluated as the energy 

dissipated per cycle divided by 4π times the elastic strain energy obtained from secant stiffness.  We 

define the equivalent damping ratio heq of system as the average of the damping ratio corresponding to 

ductility factor µ’, considering the randomness of earthquake motion as shown in the work by Kasai et 

al (1998).  
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3.  SYMPLIFIED RESPONSE EVALUATION FOR SDOF EP SYSTEM 

 

3.1  Response Reduction Factor of Displacement and Acceleration 

Peak response of the EP system will be obtained from a linear response spectrum using Teq and heq 

indicated above.  We define Sd, Spv, and Spa as response displacement, response pseudo velocity and 

response pseudo acceleration spectra, respectively.  For the frame, their values are obtained from an 

expected seismic response spectrum, Tf and h0.  With the response of frame, peak response of the EP 

system is expressed by considering following two effects due to inserting the damper. 

 

1. The effect of vibration period change (from Tf to Teq) tends to reduce response displacement 

and increases response acceleration.  

2. The effect of hysteretic damping increase (from h0 to heq) reduces both response displacement 

and response acceleration.  This effect is represented by damped effect factor Dh, which is an 

“average” reduction of Sd, Spv, and Spa (Eq. 5). 
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where α = 25 (for an ensemble of 31 observed earthquakes from 0.2 to 3 sec of vibration period (Kasai 

et al., 2003)).  Peak responses of the EP system Sd (Teq, heq) and Spa (Teq, heq) normalized to those of 

the frame Sd (Tf, h0) and Spa (Tf, h0) are defined as displacement reduction Rd and pseudo acceleration 

reduction Rpa (for EP system acceleration reduction Ra = Rpa), respectively.  Considered the two 

effects indicated above, also Spv will be assumed to be period-independent as often assumed for a 

medium-long period structure.  They are given as 
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Also, for a short period structure, Spa will be assumed to be period-independent, Rd and Ra are given as 
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3.2  Control Performance Curve 

The previous equations can clarify the complex interactive effects of stiffness parameter, ductility 

demand, vibration period, damping and seismic response spectrum on the response reduction of the EP 

system.  Figure 3 shows the curves for drift reduction Rd and acceleration (base shear) reduction Ra of 

SDOF EP system under a period-independent Spv, and Spa, respectively.  The initial damping ratio of 

frame is h0 = 0.02. 

The control performance curves for EP system depend strongly on two parameters: damper 

stiffness ratio Kd / Kf and ductility demand µ.  In Figure 3, the point Kd / Kf = 0 gives the frame 

response Rd = Ra = 1.  In case of independent-period Spv, to a point, larger Kd / Kf (stiffer damper) leads 

to smaller drift (Rd) and force (Ra) (Figure 3(a)).  Thereafter, the drift continues to decrease, but base 

shear increases sharply. Also, larger µ (lower yield strength) leads to smaller drift (Rd) and force (Ra).  

In case of independent-period Spa, larger Kd / Kf and µ lead to smaller drift (Rd) and force (Ra) (Figure 

3(b)).  As indicated above, the control performance curve clearly shows the trade-off between drift 

and base shear, and enables to easily obtain the design solution to satisfy the desired response.  
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4.  DESIGN OF MDOF EP SYSTEM 

 

4.1  Design Conditions of MDOF Frames 

Three types of frame are considered: standard type (S-Type), upper-deformed type (U-Type) and 

lower-deformed type (L-Type).  The frames have three different heights: 3, 12, and 24-story.  

Member stiffness of the frames will be reduced due to incorporating the dampers, fundamental 

vibration period of them are Tf = 0.040H (12 and 24-story), 0.052H (3-story) as shown in table 1.  H 

represents the total height of structure, mass and story height are identical for every story: mi = 1.2 

kN·sec
2
/cm and hi = 4.2m, respectively.  The initial damping ratio of frame is h0 = 0.02. 

Consider 12-story frame for example, three types of frame stiffness distribution are shown in 

Figure 4(a).  The frame stiffness Kfi at ith-story of S-Type is designed such that story drift becomes 

uniform under the Ai lateral force distribution (Figure 4(b)).  As Figure 4 shows, in U-Type frame, 

story drift increases at upper stories, whereas in L-Type frame, story drift increases at lower stories.  

As mentioned above, story stiffness distributions of frames are obtained such that fundamental 

vibration period of them are Tf = 2.00 sec.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

The peak responses Sd, Spv, and Spa of SDOF idealized multi-story frame without damper are 

obtained from the seismic response spectrum, Tf and h0.  With these response values, displacement u0 

and base shear F0 of the SDOF frame are given by Eq. 8. 
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where Meq = equivalent mass of 1st mode and u0i = deformation shape of frame, which is assumed to be 

linear over the height of structure regardless of frame type, because desired drift angle distribution of 

EP system is uniform.  Considered that u0 is displacement of the MDOF frame without damper at 

equivalent height Heq, drift angle of the SDOF frame θf is given by Eq. 10(a). 
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where Hi = height at ith-story level. 

 

4.2  SDOF EP System Design 

For the MDOF frames designed above, SDOF EP systems are designed to meet the performance 

criteria: yield strength levels of damper corresponds to SDOF EP system ductility demands µ = 2, 4, 

and 8, and three target drift angles θmax = 1/200, 1/150 and 1/125. Each frame is analyzed for BCJ-L2 

artificial ground motion.  Firstly, the target displacement reduction factor Rd for each frame is given 

by Eq. 11. 

 

f

max
dR

θ

θ
=  (11) 

 

Secondly, determine the damper stiffness ratio Kd / Kf at the ductility demand µ to meet the target 

displacement reduction factor Rd.  From response spectrum of BCJ-L2, Spv will be assumed to be 

period-independent in the range greater than 0.7 sec, Spa will be also assumed to be period- 

independent in the range of shorter vibration period.  Therefore, displacement reduction factors Rd for 

the SDOF EP system in 12 and 24-story design are obtained by Eq. 6, those of 3-story designs are also 

obtained by Eq. 7.  It is clarified that damped effect factor Dh of BCJ-L2 artificial ground motion is 

much lower than an 31 ensemble of observed earthquakes in the work by Kasai et al. (2003).  In this 

case, substitute α = 75 (BCJ-L2 artificial ground motion) for Eq. 5.  

Considering the indicated above, damper stiffness ratio Kd / Kf to satisfy the target displacement 

reduction factor Rd can be obtained. 

 

4.3  Conversion to MDOF EP System Design 

Considering the change of equivalent stiffness of system Keqi due to yielding of damper under the 

earthquake excitation, a rule to arrange the damper stiffness Kdi at ith-story is proposed by Eq. 15 

(Kasai et al., 2002).  The following constraints are used for the conversion: 

 

1. The equivalent damping, which is ratio of total energy dissipated by damper per cycle divided 

by 4π times total elastic strain energy obtained from the system secant stiffness, for MDOF EP 

system becomes the same as that of SDOF EP system. 

2. Under the design shear force, the distributions of drift angle and ductility demand of MDOF 

EP system become uniform, although those of the frame without damper may be non-uniform. 

3. Yield drift angle for each story is uniform. 
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Then, constraint 1 gives  
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With constraint 2: drift angle θi and ductility demand µi at ith-story are θi = θ, µi = µ, respectively, Eq. 

12 is revised by Eq. 13.  
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where Kd / Kf = damper stiffness ratio obtained from SDOF EP system.  Constraint 3 is obviously a 

necessary and sufficient condition for constraint 2.  Also, shear drift angle is a quotient of story shear 

and stiffness and story height.  Thus, from constraint 2 
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where Qi = the design shear force based on Ai distribution coefficient.  Substituting Eq. 13 for Eq. 14, 

Eq. 15 is obtained. 

 

( ) ( ) 







⋅⋅⋅








⋅⋅=++ ∑∑

==

N

i

iiifi

N

i

ifiifdfidi hQhKhKQKKKK
11

2

)()(]1[]1[ µµ  (15) 

 

where Kdi / µ = Kdeqi : equivalent stiffness of damper at ith-story corresponding to µ.  For the frame 

with uniform story height as considered in this study, Eq. 15 indicates that the equivalent stiffness of 

system Keqi at ith-story is proportionate to the design shear force Qi.  Consider the condition: 12-story, 

θmax = 1/150 and µ = 4 for example, distributions of equivalent stiffness of damper Kdeqi and system Keqi 

by using the rule mentioned above are shown in Figure 5.  As the frame stiffness distribution Kfi of 

S-Type is proportionate to Qi, the ratio of equivalent stiffness of damper to frame stiffness at ith-story 

Kdeqi / Kfi evidently becomes uniform value over the height of building.  In both U-Type and L-Type 

frame, Kdeqi / Kfi becomes high value at the story expected large deformation of frame without damper.  

Whereas, no damper is inserted in the first story for U-Type, and in the top three stories for L-Type.  
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Also, Damper force Fdyi at ith-story is given by Eq. 16. 
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5.  NUMERICAL RESULTS 

 

Time history simulations were carried out for 81 MDOF EP systems designed above: 3 types of 

frame, 3 building height, 3 ductility demands, and 3 target drift angle.  Simulation models are MDOF 

shear-bar models as shown in Figure 6.  Consider the condition: 3 types of 12-story frames, θmax = 

1/150 and µ = 2, 4, and 8 for example, the peak drift angle obtained from time history simulations and 

design target are shown in Figure 7.  As you can see Figure 7, simulation results fairly meet design 

target due to inserting a sufficient amount of damper.  In addition, note that distributions of peak drift 

angle become uniform regardless of the deformation shape of each frame without damper.  Table 2 

summarizes the average accuracy of the drift angle for each frame type and building height.  

“Average” in Table 2 indicates the total average of the ratio of simulation to design target at every 

story for 9 cases: 3 ductility demands, 3 target drift angle.  Compared 3, 12, and 24-story systems, the 

peak drift angle of the taller building tends to be underestimated.  The most likely reason for this 

issue is that the present approach neglects the contribution of higher modes in evaluating the story drift 

of MDOF EP system, considering first mode alone is slightly inadequate for 24-story systems.   

As a whole, the proposed response evaluation method based on SDOF can provide a good 

estimation for response of MDOF EP system in preliminary seismic design.  It demonstrates that the 

simple rule to arrange the damper stiffness shown in Eq. 156 can produce the uniform distribution of 

peak story drift under earthquake excitation.  
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6.  DESIGN PROCEDURE FOR ELASTO-PLASTICALLY DAMPED STRUCTURES 

 

Characteristics of frame: fundamental vibration period Tf, initial damping h0, story stiffness 

distribution Kfi, mass distribution mi, and story height hi and performance criteria: ductility demand µ, 

and target drift angle θmax and design response spectrum are all given, design procedure for 

elasto-plastically damped structure is summarized in sequence of steps below:  

 

1. Obtain the drift angle θf and base shear F0 of SDOF frame without damper from design 

response spectrum, by evaluating the equivalent height Heq and equivalent mass Meq (Eq. 

8-10). 

2. Calculate the target displacement reduction factor Rd by Eq. 11. 

3. Determine the damper stiffness ratio Kd / Kf at the ductility demand µ to meet the displacement 

reduction factor Rd by using the control performance curve. 

4. Arrange the damper stiffness Kdi at ith-story by Eq. 15. 

5. Calculate the yield deformation ∆uyi and strength Fdyi of damper at ith-story by Eq. 16. 

6. Determine the details of EP dampers as shown in the manual (JSSI, 2003). 

 

 

7.  CONCLUSIONS 

 

This research is aimed toward developing the peak response evaluation method and design 

approach for elasto-plastically damped structure in preliminary seismic design.  The proposed 

method is based on the SDOF idealization of multi-story building structure, equivalent linearization 

technique and a rule to convert a SDOF design to a multi-story design.  The evaluation of the 

accuracy of this method for 81MDOF EP systems has led to the following conclusions: 

 

1. The proposed response evaluation method based on SDOF can provide a good estimation for 

response of MDOF EP system in preliminary seismic design.  Design by this approach fairly 

meets the performance criteria: target drift angle and ductility demand. 

2. It demonstrates that the proposed rule to arrange the damper stiffness over the height of 

structure can produce the uniform distribution of peak story drift under earthquake excitation.  

 

The present approach neglects the contributions of higher modes in evaluating the response of 

MDOF EP system, considering first mode alone is slightly inadequate for tall buildings such as 24- 

story systems.  It can be further improved by including a sufficient number of modes in evaluating 

the drift angle. 
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Abstract:  This paper discusses the wind vibration control for a tall building using passive control dampers.  

Viscous damper and viscoelastic damper are considered in this study, and they are attached to a wind tunnel 

test model.  The test set-up includes a special measurement system to obtain the damper hysteresis loop, 

which is extremely useful to understand the dynamic characteristics of the dampers and the model.  Free 

vibration tests as well as wind vibration tests using uniform flow are conducted with or without the dampers.  

The model global response is correlated with the damper local response.  Commonality of the damper 

responses obtained from the free vibration test and the wind tunnel test is discussed   

 

 

1.  INTRODUCTION 

 

In Japan, most buildings may be designed against earthquake load. However they will sometimes 

encounter wind-related vibration discomfort of occupants, mainly due to excessive accelerations of the 

upper part of the tall buildings. In addition, in a case of tall building which is over 200 mm high, it is 

known that wind load becomes larger than earthquake load.  So when the tall buildings are designed, 

it is necessary to consider earthquake and wind load.  A number of measures to reduce the 

wind-induced response of those high-rise buildings were proved effective.  On the aerodynamic point 

of view, reduction in wind forces may be achieved by configuration control to modify the structural 

shape.  On other point, increase of building mass, stiffness, and structural damping may provide an 

alternative way to reduce the wind-induced response of the structure.  However, increasing building 

mass and stiffness is expensive and may elicit larger seismic forces.  It is thus more promising to 

increase the structural damping by employing damper devices. 

In this study, either a viscous damper or a viscoelastic damper is considered as a damping device.  

The first application of the viscoelastic damper was made in 1969, for the World Trade Center, New 

York.  Although thirty years have passed since the first application, the effect of the viscoelastic 

damper on the wind-induced response has not been fully comprehended yet.  This is due to the 

complex nature of meteorology and wind flows, as well as sensitivity of viscoelastic material against 

the frequency, temperature, and strain.  On the other hand, it has been recognized that the damper has 

significant advantage of being effective against not only the wind but also the earthquake. 

While properties of viscous or viscoelastic damper are carefully considered when predicting 

seismic responses of the damped building, it has not been the case for wind responses.  In wind 

engineering, the parameters such as damping ratio and vibration period are traditionally used for 

response prediction. In field of seismic engineering, the prediction methods of considering the damper 

property are already developed. Therefore this paper adopts the method to estimate for the damper 
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property, and will survey if such approach can be applicable to wind vibration.  Pursuant to these, the 

present paper addresses such a study by referring to both viscous and viscoelastic dampers.   

The present study uses the viscous damper of silicone oil and the viscoelastic damper, either of 

which is attached to a building model.  The dampers are configured to suit the model, still retaining 

their fundamental characteristics.  The test set-up includes a special measurement system to obtain 

the damper hysteresis loop, which is extremely useful to understand the dynamic response of the 

dampers and model.  Free vibration tests as well as wind vibration tests are conducted with or 

without the dampers.  The results are discussed by relating the model global response with the 

damper response.  Regarding wind tunnel tests, uniform flow was considered and the responses due 

to the use of the viscous damper are explained as an example.   

 

 

2. TEST MODELS 

 

Figs. 1(a) and (b) show the test models installed with the viscoelastic dampers and viscous 

dampers, respectively.  From now on, they will be called as "viscoelastic damper system" and 

"viscous damper system".  A square balsa cylinder having an aspect ratio of 6 and a side ratio of 1 is 

used as the building model.  The plan dimension and height of the square cylinder are B = 50 mm x 

D = 50 mm and H = 300 mm, respectively.  The test model is mounted on a gimbal, and two coil 

springs are utilized to simulate the building stiffness in the cross-wind directions (Y-direction).  The 

gimbal can rotate freely in the Y-direction.  A laser displacement transducer is used to measure the 

Y-direction displacement of a point below the spring.  

The viscoelastic damper (Fig. 1 (a)) is installed on same height of springs. So the viscoelastic 

damper has the same deformation to one spring deformation.  The viscous damper (Fig. 1 (b)) is 

located under the displacement measurement point.  Two load cells are connected to the bottom of 

each damper respectively, and the damper force is obtained by summing the values measured from 

them.  

Viscoelastic damper (Fig. 1(a)) is made of the viscoelastic material (5 mm x 5 mm x 8 mm) and 

two aluminum plates (3 mm-thick) attached on its each side.  ISD112 viscoelastic material 

(Sumitomo-3M Company) is used.  When the building model vibrates, the relative motion between 

the two plates causes material deformation, reaction force, and consequently energy dissipation.  The 

viscous damper (Fig. 1(b)) consists of the lever arm with an end plate, and silicon oil filled in a 

container.  The end plate is sunk in the oil, and its in-plane motion causes shearing resistance of the 

oil and energy dissipation.  
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Figure 1  Test models (unit:mm): (a) Viscoelastic damper system, and (b) Viscous damper system 
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3. FREE VIBRATION TESTS 

 

Free vibration tests are conducted with or without the dampers before each set of wind tunnel test.  

Regarding the model without the damper, the natural frequency f0 =17.80 Hz and the damping ratio h0 

= 0.20 % are estimated from the successive peaks of the displacement time history during free 

vibration.  As for the model with the damper, the equivalent frequency feq and the equivalent damping 

ratio heq are also estimated using the same method as mentioned above.  After each set of wind tunnel 

test, free vibration tests are conducted again to verify whether there is no damage to the system.  

Damping ratio of the viscoelastic damper system is adjusted by changing the temperature of the 

viscoelastic damper: the material becomes softer and dissipates less energy under higher temperature. 

Temperature of viscoelastic damper is monitored using the infrared radiation thermometer, and the 

light bulbs are used to control temperature of viscoelastic. Damping ratio of the viscous damper 

system is adjusted by changing the amount of the silicon oil. 

    Figs. 2(a) and (b) show examples of the damper force Fd vs. the damper deformation ud curves, 

i.e., hysteresis loops of the viscous and viscoelastic dampers, respectively.  They are obtained from 

the free vibration tests, and the viscoelastic damper’s loop has clear inclination (stiffness) compared 

with viscous damper’s loop.  Thus, viscoelastic damper adds not only energy dissipation but also the 

stiffness to the system. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 
Figure 2  Results of Free Vibration Tests 
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To consider the effect of the damper on the system precisely, we developed a method to obtain the 

equivalent frequency of the system feq’ and the equivalent damping ratio of the system heq’, by using 

the hysteresis loops of the damper.  The procedure is as follows: 

A hysteresis loop of the viscous and/or viscoelastic damper when undergoing steady-state response 

is shown in Fig. 3.  The mechanical property of the damper is expressed by Kd’ and ηd, the former is 

a storage modulus representing the stiffness (loop inclination) and the latter a loss factor representing 

the energy dissipation capability (loop thickness) (Kasai,.K., Okuma, K. 2001). 

 

 

 

 

 

 

 

 

 

 

Kd’ and ηd can be written as in Eqs. 1a and b, using the experimental values Fd
( j )

 and ud
( j )

 at the j-th 

step (Kasai, K., Ooki, Y., Amemiy, K., Kimura, K. 2003). 
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where Σ means sum of “n” sets of Fd
( j )

 and ud
( j )

 per one cycle of the hysteresis loop.  ED’ is the 

energy dissipated by the damper per half cycle, and it is calculated from the area of the damper 

hysteresis loop. 

 

 

 

 

 

 

 

 

 

 

 

 

 

In case of the free vibration tests, the damper force and deformation decrease in subsequent 

cycles, and the hysteresis loop is not necessarily closed.  Thus, as shown by the solid curve in Fig. 

4(a), OA  is longer than OB , and a large calculation error appears when using Eq. (1a) and (1b) 

without alteration.  In order to obtain a closed hysteresis loop, the solid curve is moved along 

horizontal axis so that '' OBOA = (dashed curve, Fig. 4(a)), and rotated 180
0
 about the origin “O” (Fig. 

4(b)). 

After evaluating Kd’ and ηd, the equivalent storage modulus Keq’ and the equivalent loss factor 

ηeq of the damped system can be calculated using following equations. 

Figure 3  (a) Deformation of the Viscoelastic Damper, and (b) Force-Deformation Hysteresis Loop 
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Figure 4  (a) Half Cycle, and (b) Obtained Closed Hysteresis Loop 
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where Ks = sum of the Y-direction stiffness of the two coil springs, L1 = distance from the pivot point 

to the coil springs, and L2 = distance from the pivot point to the damper.  In the present set-up, Ks = 

9.42 N/mm, L1 = 118 mm and L2 = 118 mm (Viscoelastic damper system), = 177 mm (viscous damper 

system), respectively. 

The equivalent frequency of system feq’ and equivalent damping ratio of system heq’ can be 

expressed as follows:  

2
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where Meff  = effective mass at the point of coil spring, and it is estimated from the free vibration 

tests without damper, i.e., Meff  = Ks / (2πf0)
2
. 

The above relationship is commonly used for both viscous and viscoelastic damper systems.  The 

coefficient of viscosity Cd, often used to express the property of a viscous damper, can be written as 

follows: 

'

'

2 eq

dd

d
f

K
C

π

η
=  (4) 

The errors feq’ / feq and heq’ / heq are shown in Fig. 5.  As defined earlier, feq and heq are the 

equivalent frequency and damping ratio evaluated from the displacement time history of the test 

model, and feq’ and heq’ are those calculated from the damper hysteresis loop recorded (Fig. 2) as well 

as Eqs. 1 to 3.  As shown in Fig. 5, feq’ and heq’ agree well with feq and heq, respectively, validating 

both the measurement system and the proposed evaluation method. 
 

 

 

 

 

 

 

 

 

 

 

 

4. WIND TUNNEL TEST SET UP 

 

  Wind tunnel tests are performed using the Eiffel type wind tunnel at Tokyo Institute of 

Technology.  The cross section and length of the test section are 1000 mm x 800 mm and 7000 mm, 

respectively.  The contraction ratio is 5 and the maximum wind speed is 25 m/s. Schematic diagram 

of the test set-up is shown in Fig. 6.  For avoiding various noises, support structure is made very stiff 

and the base very heavy, thereby preventing their high-frequency vibration.  The end plate is installed 

to reduce the effect of boundary layer on the generated uniform flows.  Fig. 7(a) shows an example 

for the vertical distribution of U / UH measured, where U = mean wind velocity at each elevation, and 

UH= mean velocity at top of the model.  The U / UH appears to be 1.0 throughout the height of the 

Figure 5  Error plots (a) Viscous damper system, (b) Viscoelastic damper system 
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model.  Also, Fig. 7(b) shows the vertical distribution of the turbulent intensity that was measured at 

the center of the turn table (Fig. 6).  The boundary layer, defined to have the turbulent intensity of 

more than 0.3%, is located at the bottom of the model, and its depth is about 50mm, very small 

compared with the model height.  As these indicate, the set-up accurately produces the uniform flow 

condition. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

5. WIND TUNNEL TEST RESULTS 

 

5.1  Viscous Damper System 

Wind tunnel tests of the viscous damper system are performed as the first step in this study. It is 

general methods to use silicon oil as the damping device of the wind tunnel. 

The root-mean-square (RMS) of the displacement at the measurement point (Fig. 1), namely, yrms is 

obtained experimentally.  Fig. 8 shows the RMS of the rotational angle θrms ( = yrms / L1) against the 

reduced wind velocity Vr for various magnitudes of mass-damping parameter δ of the viscous damper 

system.  Note that Vr = UH /(f0 B), where B = width of the model.  Also, δ can be expressed as 

follows (Amano 1995): 
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Where,    = generalized mass, ρ = air density, L0 

= distance from the pivot point to the top of 

the model, 350mm.  The parameter δ is adjusted by changing only the damping ratio heq as estimated 

from free vibration tests.  The relation between δ and heq is indicated in Table 1.  When δ = 0.64 

( heq = 0.8 %), the peak of θrms is observed at Vr = 10.4.  As δ is increased, the peak occurred at 

smaller Vr , and for instance, when δ = 1.04 ( heq = 1.3 %), the peak occurred at Vr = 9.65.  Besides, 

the resonant vibration is suppressed as δ was increased to 1.12 (heq = 1.4 %).  The results agree well 

with those reported by Tamura et al. (2000). 

 

 

 

 

 

 

Figure 6  Schematic of the test setup in the

wind tunnel. (unit:mm) 
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Table 1  Relation between δ and heq

Figure 7  Vertical profile :  

(a) Normalized mean velocity, and (b) Turbulent intensity 
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Fig. 9 shows the damper hysteresis loops recorded when RMS rotational angle was at peak.  

Plots of ratios Cdw / Cdf  

are also shown in Fig. 10, where Cdf and Cdw = coefficients of damper 

viscosity estimated from the damper hysteresis loops recorded during the free vibration test and wind 

tunnel test, respectively.  Note that the latter was calculated from the loops at the resonance state (Fig. 

8), and the alteration such as shown in Fig. 4 was not needed.  As in Fig. 10, Cdf coincides well with 

Cdw 

, confirming that the resonance response under uniform flow can be characterized by the property 

of the damper obtained from the free vibration test.  In addition to this, the measurement system has 

made it possible to correlate the responses of the model and the damper.   

 

5.2  Comparison with Viscous Damper System and Viscoelastic Damper System 

Wind tunnel tests of the viscoelastic damper system are carried out under same damping ratio heq 

case of the viscose damper system.  The damping ratio of the viscoelastic damper system is obtained 

from the free vibration test in which is carried out before the wind tunnel test, and then the viscoelastic 

damper temperature, which is monitored by thermometer, is decided.  During wind tunnel test, the 

temperature is controlled adjusting the brightness of the light bulb, as maintained uniformly.  

Comparing the wind tunnel test results of the viscous damper system and the viscoelastic damper 

system are shown in Figs. 11 (a) and (b).  The result in the case of δ = 0.64 is shown in Fig. 11 (a), 

and the result in the case of δ = 0.72 is shown in Fig. 11 (b).  As in Fig. 11, the value θrms at peak are 

similar the viscose damper system and the viscoelastic damper system, but Vr when peak θrms occurs.  

In case of the viscoelastic damper system, peak θrms occurs at higher Vr compare in case of viscose 

damper system.  

Figure 10  Comparison between 
Cdw and Cdf 

Figure 9  Damper hysteresis loops in wind tunnel tests:
(a) δ=0.64, (b) δ=0.72, (c) δ=0.80, (d) δ=0.88, 
(e) δ=0.96, (f) δ=1.04 

Figure 8  RMS response curve in  
         the viscous damper system 
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6. CONCLUSION 

 

This paper has discussed the first step of our study on wind vibration control for a tall building 

using passive control dampers.  The objective of this study is to evaluate the wind response reduction 

scheme by considering significantly different characteristics of various dampers available in Japan.  

Viscous damper and the viscoelastic damper are considered in this study, and they are attached to a 

wind tunnel test model.  A special measurement system was created to obtain the relationship 

between local damper force and deformation, essential information towards a comprehensive study on 

building global responses.  The conclusions are as follows:  

 

(1)  Hysteresis loops of the dampers recorded during the free vibration tests clearly indicate different 

dynamic properties of the viscous damper and viscoelastic damper.  The proposed method to estimate 

the damper storage modulus and the loss factor from the loops appears to be very reliable. 

(2)  Equivalent frequency and equivalent damping ratio of the damped building model can be 

estimated from the above-mentioned damper storage modulus and the loss factor, and they appear to 

agree well with those evaluated from the global displacement time history of the model subjected to 

free vibration. 

(3)  The coefficients of the damper viscosity estimated from the free vibration tests and from the 

wind tunnel tests agreed well.  Thus, the resonance response under uniform flow can be characterized 

by the property of the damper obtained from the free vibration test.  Moreover, the measurement 

system has made it possible to correlate the responses of the model and the damper.  

(4)  The viscoelastic system showed the peak RMS rotational angle at a higher value than the viscous 

damper system.  
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PORE WATER PRESSURE RESPONSE AROUND PILE

AND ITS EFFECTS ON P-Y RELATION DURING LIQUEFACTION

H. Suzuki1) and K. Tokimatsu 2)

1) Graduate Student, Dept. of Architecture and Building Engineering, Tokyo Institute of Technology, Japan
2) Professor, Dept. of Architecture and Building Engineering, Tokyo Institute of Technology, Japan

hsuzuki@arch.titech.ac.jp, kohji@o.cc.titech.ac.jp

Abstract: The effect of pore water pressure response around a pile on p-y behavior during soil
liquefaction is investigated based on shaking table tests with a laminar shear box 6.0 m high and 12.0 m
long.  Three soil-pile-structure models having liquefiable sand deposits prepared at different densities are
tested with pore water pressure transducers densely instrumented around a pile.  The pore water pressure
around a pile in dense sand decreases considerably with increasing relative displacement between soil and
pile.  This causes an increase in subgrade reaction, making the p-y behavior stress hardening.  A close
examination indicates that the reduction in pore water pressure is greater on the extension side than on the
compression side of the soil around the pile.  This is because the pore water pressure on the extension side
decreases due to the combined effects of extension stress and dilatancy characteristics of the soil induced
by the shear stress developed around the pile, while that on the compression side does not decrease due to
the adverse effects of compression stress and dilatancy characteristics.  The pore water pressure around
the pile in loose sand, in contrast, does not decrease despite a larger relative displacement, making the p-y
behavior stress softening.

1. INTRODUCTION

The field investigation and subsequent analyses made after the 1995 Hyogoken-Nambu
earthquake indicated that ground movements could have a significant effect on damage to pile
foundations.  Especially, in liquefied area where the ground moves largely, the effect cannot be
neglected, as most of the pile damage was associated with large ground movement.

To estimate the kinematic effect from ground movement during liquefaction, p-y behavior, de-
fined as the relationship of subgrade reaction with relative displacement between ground and pile,
has been studied based on large shaking table tests and centrifuge model tests (Tokimatsu et al.
(2002 & 2001) and Wilson et al. (2000)).  These studies have shown that the pore pressure reduc-
tion around a pile has a significant effect on p-y behavior; however, the response mechanism of
pore pressure reduction including its variation around a pile is unknown.  Toward better under-
standing of the mechanism of p-y behavior and its effects on pile foundations, the distribution of
pore pressure around a pile should be identified.

The object of this paper is to investigate the variation of pore water pressure reduction around a
pile on p-y behavior during liquefaction.  Large shaking table tests are conducted for this purpose
with dense instrumentation of pore water pressure transducers around a pile, together with earth
pressure gauges, strain gauges, displacement transducers, and accelerometers.  The effects of pore
water pressure reduction and its variation around a pile on p-y relation during soil liquefaction is
then examined.
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2. LARGE SHAKING TABLE TESTS

To investigate qualitatively the effect of pore water pressure on p-y relation, the results of large
shaking table tests, conducted on soil-pile-structure systems using the shaking table facility at the
National Research Institute for Earth Science and Disaster Prevention (NIED), are used.  The di-
mensions of the shear box on the shaking table were 5.0 m high, 12.0 m wide and 3.5 m long.

Fig. 1 shows a soil-pile-structure system used for the tests.  The soil profile consisted of a top
dry sand layer 0.5 m thick, a liquefiable sand layer 3 m thick and an underlying dense gravelly layer
about 1.5 m thick.  The sand used was Kasumigaura Sand (emax = 0.961, emin = 0.570, D50 = 0.31 mm,
Fc = 5.4 %).  Table 1 summarizes test series.  The soil densities estimated were loose for D1, medi-
um for DL, and dense for DS.  Test series D1 had a foundation of 16.7 kN without a superstructure.
Test series DS and DL had a foundation of 20.6 kN with a superstructure of 139.3 kN, whose natu-
ral period was shorter or longer than that of the ground before liquefaction.  All the structure models
were supported by a 2x2 steel pile group that was fixed to the container base.  The piles had a dia-
meter of 31.85 cm with a 0.6 cm wall thickness.

The soil-pile-structure system was densely
instrumented with accelerometers, displace-
ment transducers, strain gauges, pore water
pressure transducers, and earth pressure trans-
ducers, as shown in Fig. 1.  The accelerations
and pore water pressures on the piles and in the
ground were measured at every 50 cm with
depth and the bending strains of piles at every
10-25 cm.  Particularly, many pore water pres-
sure transducers and some earth pressure trans-
ducers were installed around a pile at 1.5 and
2.5 m depth, as shown in Fig. 2.

In these tests, an artificial ground motion
called Rinkai, produced as an earthquake in
Southern Kanto district in Japan was used as an

Fig. 1 Model layout

Table 1 Test series
Series ID Superstructure Soil density

D1 No Loose

DL Yes (Tb > Tg) Medium

DS Yes (Tb < Tg) Dense

Fig. 2 Instrument on and around pile

(a) Section of ground surface

(c) Section of 2.5 m depth

(b) Section of 1.5 m depth
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input base acceleration to the shaking table, with a maximum acceleration of either 1.5 or 2.0 m/s2.
The test results evaluated in this study are those of series D1 with a peak input acceleration of 1.5
m/s2, and series DL and DS with 2.0 m/s2.

3. TEST RESULTS

3.1 Time History of Observed Value
To evaluate the effect of pore water pressure

on p-y relation, the displacements of the ground
and pile are calculated from the double integra-
tion of accelerations and the subgrade reaction
from the double differentiation of bending mo-
ment with depth.  Figs. 3, 4 and 5 show the time
histories of the displacements of soil and pile, the
relative displacement of the two, the horizontal
subgrade reaction and pore water pressure ratio at
2.5 m depth in series DS, DL and D1, together
with that of the input motion.  The pore water
pressure ratio is the average of the four values ob-
served on the surfaces of the pile.  The pore water
pressure ratio increases to 1.0 in about 20 s, ac-
companied by an increase in relative displace-
ment between soil and pile.

In dense sand (DS, Fig. 3), the subgrade reac-
tion becomes large at about 20 s, at which the
variation of pore water pressure ratio with time is
pronounced.  Both the subgrade reaction and the
variation of pore water pressure ratio with time in Fig. 4 Time histories at 2.5 m depth in DL

Fig. 5 Time histories at 2.5 m depth in D1Fig. 3 Time histories at 2.5 m depth in DS
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medium dense (DL, Fig. 4) to loose sand (D1, Fig. 5) are less than those in the dense sand (DS).  In
particular, the pore water pressure does not occur in the loose sand (D1) despite the largest relative
displacement among the three tests, yielding a very small subgrade reaction.

3.2 Effect of Pore Water Pressure on p-y Relation
To estimate the effect of pore water pressure on p-y behavior, Fig. 6 shows the relationships of

relative displacement between pile and soil with subgrade reaction or pore water pressure ratio at a
depth of 2.5 m in series DS, for three time segments, i.e., 0-20 s, 20-50 s and 50-80 s.  The subgrade
reaction increases sharply with increasing relative displacement and the p-y behavior shows an in-
verted S-shape, probably due to the dilatancy effects of dense sand.  This is well illustrated in Fig.
6(e) in which the pore water pressure in the dense sand decreases with increasing relative displace-
ment between pile and soil.

To examine the mechanism of the large subgrade reaction observed in series DS, Fig. 7 shows
the relationships between relative displacement and earth pressure increments measured with EP1
and EP2 on the surfaces of the pile (Fig. 2).  The earth pressure increment at EP1 is shown in (a)-(c),
and that at EP2 is shown in (d)-(f).  The total earth pressure acting on the pile, given by the differ-
ence between the two, is shown in (g)-(i).  The
total earth pressure obtained by the earth pres-
sure gauges is almost consistent with the value
of subgrade reaction (Fig. 4) if it is divided by
the pile diameter.  As expected, according to
Fig. 7 (a) and (d), when the earth pressure on
one side increases, that on the other side de-
creases.  This creates the compression stress
state on one side and extension stress state on
the other side of the pile.  It is interesting to
note that the change in earth pressure is larger
on the extension side than on the compression
side particularly in the period of 20-50 s.

It seems that the above deference in earth
pressures on the extension and compression
sides is due to the response of pore water pres-
sure around a pile.  Fig. 8 shows the relation-
ships between the relative displacement and
pore water pressure ratios measured at the both
sides of the pile surface.  The pore water pres-
sure on the extension side reduces considerably,
while that on the compression side is almost
unchanged or increases slightly.  The trend is
related to the variation of earth pressure shown
in Fig. 7, suggesting that the large stress in-
crement on the extension side could have oc-
curred due to the large reduction in pore water
pressure and the small stress increment on the
compression side due to the small change in
pore water pressure.

The differences in pore water pressure and
earth pressure responses between compression
and extension sides of a pile are probably

Fig. 6 Relationships of relative displacement with
subgrade reaction or pore pressure ration in DS

Fig. 7 Relationships between relative displacement
and earth pressure in DS
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caused by the difference in stress state as schematically shown in Fig. 9 (Narita et al. (2003)).  With
increasing relative displacement between soil and pile, not only extension and compression stresses
but also shear stress develops on the front and rear sides of the pile.  Noting that both extension and
shear stresses can reduce pore water pressure, the reduction in pore water pressure on the extension
side becomes pronounced due to the combined effects of extension stress and dilatancy characteris-
tics of the sand induced by the shear stress.  In contrast, the reduction in pore water pressure on the
compression side becomes small probably because the compression stress that increases pore water
pressure, tends to reduce the reduction in pore water pressure due to dilatancy of the soil induced by
the shear stress.

Fig. 10 shows the relationships between relative displacement and pore water pressure ratio at
distances equal to and twice the pile diameter from the pile at 2.5 m depth, after liquefaction (20-50
s).  The closer the distance from the pile, the larger becomes the pore water pressure reduction for
the extension stress (positive displacement in plates (a) and (b), and negative displacement in plates
(c)-(f)).  In addition, the reduction in pore water pressure at PWP8 is smaller than that at PWP6, in
spite of the same distance from the pile of the two sensors.  This is probably because the compres-
sion and extension stress from the left and right piles are canceled out in the soil inside the pile
group (Figs. 1(c) and 2) where PWP8 is located.  In contrast, the stress from the pile cannot be can-
celled out in the soil outside the pile group where PWP6 is located.  A similar trend can be seen in
the pore water pressure response observed at the pile surface, as shown in Fig. 8, in which the re-
duction in pore water pressure measured at PWP1 in the soil outside the pile group is significantly
larger than that at PWP2 inside the pile group.

3.3 Effect of Soil Density on p-y Relation
To investigate the effect of soil density on p-y

relation, Figs. 11 and 12 compare the relation-
ships of relative displacement with subgrade re-
action or the pore water pressure ratio at the pile
surface at 2.5 m depth in series D1 and DL hav-
ing soil densities looser than that in DS.  The re-
duction in pore water pressure is found to be
smaller than that in DS, suppressing the increase
in subgrade reaction.  Especially, the pore pres-
sure in D1 does not show any reduction despite
its large relative displacement, yielding a very
small subgrade reaction.

Figs. 13 and 14 show the relations between
relative displacement and pore water pressure
around the pile at 2.5 m depth in DL and D1.  The
pore water pressure around the pile in DL reduces
slightly on the extension side, while keeping al-
most the same value on the compression side.
The larger the distance from the pile, the smaller

Fig. 8 Relationship between relative
displacement and pore pressure ratio in DS

Fig. 9 Stress states around pile

Fig. 10 Relationships between relative displacement and pore pressure ratio around pile in DS
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becomes the pore pressure reduction on the extension side (Fig. 13).  This trend is similar to that
observed in DS.  The pore water pressures around the pile in D1, in contrast, do not show any sign
of reduction at any place (Fig. 14).

The above findings confirm that the soil density around the pile affects the p-y behavior during
liquefaction.  Namely, with increasing relative displacement, the dilative nature in dense sand re-
duces the pore water pressure around the pile particularly on the extension side, making the lique-
fied sand solid and increasing the subgrade reaction. Conversely, the contractive nature in loose
sand does not induce any reduction in pore water pressure at any place around the pile, keeping the
liquefied sand liquid and yielding a very small subgrade reaction.

To compare the response of pore water pressure around the pile in the tests, the reduction in
pore water pressure with distance from the pile is presented in Fig. 15.  The value of pore water
pressure ratio is the average of those of the lowest peaks in the period range of 20-30 s.  The arrow
shows the direction of pile displacement.  The compression stress develops in the soil on the front

Fig. 13 Relationships between relative displacement and pore pressure ratio around pile in DL

Fig. 14 Relationships between relative displacement and pore pressure ration around pile in D1
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side, while the extension stress on the rear side.  The
denser the soil, the more pronounced the pore pres-
sure reduction on the extension side.  It seems that
the reduction in pore water pressure on the exten-
sion side depends on the direction of displacement.
Namely, the pore water pressure reduction is more
significant in soil outside (Fig. 15(b)) than inside
(Fig. 15(a)) the pile group.  This is probably because
the compression and extension stresses from the left
and right piles are canceled out in the soil inside the
pile group.  In contrast, the extension stress from the
pile cannot be cancelled in the soil outside the pile
group.

4. CONCLUSION

The effect of pore water pressure response on the subgrade reaction of a pile during liquefaction
was investigated based on the large shaking table tests.  The test results and discussions lead to the
following conclusions:
(1) The pore water pressure around a pile in dense sand decreases considerably with increasing re-

lative displacement between soil and pile.  This causes an increase in subgrade reaction, making
the p-y behavior stress hardening.  The pore water pressure around the pile in loose sand, in
contrast, does not decrease despite a larger relative displacement, making p-y behavior stress
softening.

(2) The reduction in pore water pressure is greater on the extension side than on the compression
side of the soil around the pile.  This is because the pore water pressure on the extension side
decreases due to the combined effects of extension stress and dilatancy of the soil induced by
the shear stress, while that on the compression side does not decrease due to the adverse effects
of compression stress and dilatancy of the soil.

(3) The reduction in pore water pressure on the extension side is more remarkable in the soil outside
the pile group than inside the pile group.  This is probably because the compression and exten-
sion stresses from the left and right piles are canceled out in the soil inside the pile group.  In
contrast, the extension stress from the pile cannot be cancelled in the soil outside the pile group.
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Abstract:  Fundamental studies on elastic waves propagating in the presence of obstacles such as cavities, 

embedded footings and underground tunnels are important in earthquake engineering.  Previous studies 

have been restricted to the case where the surrounding medium is considered to be linear elastic.  In this pa-

per, the effect of pre-stress on the scattering of plane SH-waves from a circular cylindrical cavity in a com-

pressible isotropic elastic medium, is studied.  The complex function method is employed to analyze the in-

cremental boundary value problem.  The spatial variables (x1, x2) are mapped on to two different complex 

planes, to represent the series solution of the incident waves and the scattered waves.  The coefficient of 

each term in the series solution can be computed numerically from a set of linear simultaneous equations, 

which are constructed by satisfying the incremental traction free boundary condition along the surface of the 

cavity.  Varga material is assumed in the numerical example and in the absence of pre-stress, the analytical 

solution for linear isotropic elastic case is recovered.  Varying the values of principal stretches, the effect of 

pre-stress on the speed of incident SH-waves and the dynamic stress concentration factor along the surface of 

the cavity is clearly seen.   

 

 

1.  INTRODUCTION 

 

The dynamic response due to seismic waves, of underground structures such as foundations of su-

perstructures, transportation tunnels or pipelines, is an important engineering problem.  There are 

many previous studies on the analysis of wave scattering problems, where linear elastic assumptions 

are used, e.g., analysis of SH-waves scattered from a rigid semicircular cylinder embedded in isotropic 

half-space (Wijeyewickrema and Keer, 1986) and dynamic stress concentration analysis for SH-wave 

scattering from a cavity in a linear anisotropic elastic medium (Liu 1988; Liu and Han, 1993; Han et. 

al. 1995).  However, considering that the earth is an initially stressed medium, it may be more appro-

priate to model the earth as a pre-stressed elastic medium.  In the last two decades, wave propagation 

problems in pre-stressed elastic media have been extensively studied but due to the complexity of the 

analysis, which comes from the effects of pre-stress, analytical results of wave reflection and scatter-

ing problems, have been limited to reflection of waves from a linear plane boundary or interface only 

(Ogden and Sotiropoulos, 1998 and Hussain and Ogden, 2001).   

In the present paper, SH-wave scattering from a circular cylindrical cavity in a compressible 

pre-stressed unbounded elastic medium is studied.  The complex function method is employed where 

the fundamental equations and formulation of the problem are given in Sec. 2.  The numerical results 

of two examples when the Varga strain energy function is assumed are given in Sec. 3, and the dy-

namic stress concentration factor and the non-dimensional displacement and stresses are plotted.  The 

conclusions in Sec. 4 are useful for engineering practice and further studies are suggested. 
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2.  FORMULATION OF THE PROBLEM 
 
2.1  Basic Equations 

Consider a homogeneous compressible isotropic elastic material with an initial unstressed state 

denoted by Bu, which after being subjected to pure homogeneous strains has the new configuration Be,  

the pre-stressed equilibrium state.  A Cartesian co-ordinate system 
1 2 3

,Ox x x  with axes coincident 

with the principal axes of strain, is chosen for the configuration Be.  Let u  be a small, time de-

pendent displacement superimposed on Be.  The incremental equations of motion for small time de-

pendent displacements superimposed on the finite quasi-static deformation and the component of in-

cremental nominal stress tensor ,
0
s  can be written as (Chapter 6, Ogden, 1984) 

 
0 ,

,jikl l jk iu uρ= &&A    
0 0 ,

,ji jilk k ls u= A  (1) 

where 
0 jilkA  are the components of the fourth-order tensor of first-order instantaneous elastic moduli 

which relates the nominal stress increment tensor and the deformation gradient increment tensor, ρ  

is the material density in the current configuration and superimposed dot and comma indicate differen-

tiation with respect to time t  and spatial coordinate component in Be, respectively. 

The corresponding equations for anti-plane deformation where 
3 3 1 2

( , , )u u x x t=  and 
1 2

0u u= =  

can be written as  

 
01313 3,11 02323 3,22 3

,u u uρ+ = &&A A   
013 01313 3,1

,s u= A   
023 02323 3,2
s u= A  (2) 

in which the instantaneous elastic moduli 
01313

A  and 
02323

A  are given in term of the strain energy 

function 
1 2 3

( , , )W λ λ λ  and the principal stretches , ( 1,2,3)
i

iλ =  as, 

 
2 2 2

3 3 3 3

0 3 3 21

3 3 32

( ) /( ),

( ), ,

i i i i i

i i

i ii i i i i i

W W
J

W W W

λ λ λ λ λ λ λ

λ λ λ λ λ λ

 − − ≠
= 

− + =
A  (3) 

where ,
i i

W W λ= ∂ ∂  2

ij i j
W W λ λ= ∂ ∂ ∂  and 

1 2 3
J λ λ λ=  (Roxburgh and Ogden, 1994). 

The incremental nominal stress components 
0 3r
s  and 

0 3
s

θ
 in the cylindrical coordinate system 

3
( , , )r xθ  where 

1
cosx r θ=  and 

2
sinx r θ=  can be expressed as, 

 
0 3 01313 3,1 02323 3,2 0 3 01313 3,1 02323 3,2

cos sin , sin cos .
r

s u u s u u
θ

θ θ θ θ= + = − +A A A A  (4) 

Since the complex function method is used from Eq. (4), the complex expression of non-dimensional 

stresses are obtained as, 

 2 2

0 3 0 3 3,1 3,2 0 3 0 3 3,1 3,2
ˆ ˆ ˆ ˆ[ ]e , [ ]e ,

i i

r r
s is u iu s is u iu

θ θ

θ θ
γ γ

−

− = − + = +  (5) 

where 2

01313 02323
,γ = A A  

0 3 0 3 02323
ˆ

r r
s s= A  and 

0 3 0 3 02323
ˆ .s s
θ θ

= A  

 

2.2  Embedded Cavity and the Incident Plane SH-Wave 

Consider an infinitely long circular cavity embedded in an unbounded pre-stressed elastic solid as 

shown in Fig. 1.  The homogeneous principal stretches , ( 1,2,3)
i

iλ =  yield the corresponding ho-

mogeneous static principal Cauchy stresses , ( 1,2,3)
i

iσ =  (pg. 216, Ogden, 1984) and are given by, 
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 / , ( 1,2,3).
i i i

W J iσ λ= =  (6) 
 

Since homogeneous principal stretches are assumed which yields homogeneous Cauchy stresses the 

internal static traction that should be applied along the inner surface of the cavity is 
 

 2 2

0 1 2 1 2
( ) ( cos sin ) ( )cos sin ,

r θ
θ σ θ σ θ σ σ θ θ= − + + −t e e     (7) 

 

where 
r
e  and 

θ
e  are unit basis vectors.  For the equibiaxially pre-stressed 

1 2
σ σ=  the traction 

0
( )θt  in Eq. (7) corresponding to an internal static pressure (i.e., 

0 1
p σ= − ).  

The incremental displacement of the incident time harmonic plane SH-wave ( )

3 1 2( , , )i
u x x t =  

1 2
( cos sin )

0e e
ik x xi t

U α
α αω +−  can be expressed in the polar coordinate system as 

 
cos( )( )

3 0( , , ) e e ,
ik ri i t

u r t U α
θ αω

θ
−−

=  (8) 

where θ α=  is the direction of wave propagation, ω  is an angular frequency, /k c
α α

ω=  is 

wavenumber, and c
α

 is wave speed in this direction, i.e., 2 2 2

01313 02323
cos sinc

α
ρ α α= +A A  (pg. 

474, Ogden 1984).  Here the superscript (i) indicates the incident wave.  

 

 

 

 

 

 

 

 

 

 

Equation (8) may be expressed in the form of a Fourier series expansion (Liu, 1988) as, 

 ( ) ( )

3 0( , , ) e e ( )i i t n in

n

n

u r t U i J k r
ω θ α

α
θ

∞

− −

=−∞

= ∑  (9) 

where ( )
n

J k r
α

 is the Bessel function of order n  with argument .k r
α

 

To use the complex function method introduce the complex variables,  

 
1 2

e ,
i

z x ix r
θ

= + =   
1 2

e ,
i

z x ix r
θ−

= − =    | | ,z r=   (10) 

which yields,  

 ( ) ( ) ( ) ( ) ( ) ( )

3,1 3, 3, 3,2 3, 3,, ( ),i i i i i i

z z z z
u u u u i u u= + = −   (11) 

 

where ( ) ( )

3, 3

i i

z
u u z= ∂ ∂  and ( ) ( )

3, 3 ,

i i

z
u u z= ∂ ∂  from which Eq. (9) can be expressed as 

 ( )

3 0( , ) e e ( | |)( | |) .i i t n in n

n

n

u z t U i J k z z z
ω α

α

∞

− −

=−∞

= ∑  (12) 

From Eqs. (5), (11) and (12) the stress components due to the incident wave can be written as 

Figure 1.  Unbounded pre-stressed material with cavity and the incident plane SH-wave. 
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 (13) 

2.3  Wave Scattering Solution 

When the incident wave ( )

3

i
u  impinges on the surface of the cavity, the scattered wave ( )

3

s

u  is 

generated and the total displacement is the summation of both incident and scattered waves i.e., 
( ) ( )

3 3 3 .

i s
u u u= +   For the scattered wave, another set of complex variables is introduced i.e., 

 

 
1 2

(cos sin ),x i x r iη γ θ γ θ= + = +     
1 2

(cos sin ),x i x r iη γ θ γ θ= − = −     (14) 
 

and hence, 

 

( ) ( ) ( ) ( ) ( ) ( )

3,1 3, 3, 3,2 3, 3,

( ) ( ) ( ) ( ) ( ) 2 ( ) ( ) ( )

3,11 3, 3, 3, 3,22 3, 3, 3,

, ( ),

2 , ( 2 ).

s s s s s s

s s s s s s s s

u u u u i u u

u u u u u u u u

η η η η

ηη ηη ηη ηη ηη ηη

γ

γ

= + = −

= + + = − − +

  (15) 

Substituting Eq. (15) into Eq. (2a) yields 

 2 ( ) ( )

0 3, 34 ,
s s

c u u
ηη

= &&  (16) 

where 
0
c  is the SH-wave speed in 

1
x -direction i.e., 2

0 01313.cρ = A  

Following the work of Liu et al., (1982) the solution of Eq. (16), which satisfies the radiation con-

dition when r→∞  can be written as 

 ( ) (1)

3 0( , ) e ( | |)( | |) ,s i t n

n n

n

u t a H k
ω

η η η η

∞

−

=−∞

= ∑  (17) 

where ,
n

a  0, 1, 2,...n = ± ±  are arbitrary constants and (1)

0( | |)
n

H k η  is the Hankel function of order 

n  with argument 
0
| |k η  and 

0 0
/ .k cω=  

The corresponding stress components are 

 

{

}

{

1( ) 2 2 (1)1
0 3 0 1 04

12 2 (1)

1 0

1( ) 2 2 (1)

0 3 0 1 04

ˆ ( , ) e [( )e ( )e ] ( | |) ( | |)

[( 1)e ( 1)e ] ( | |) ( | |) ,

ˆ ( , ) e [( )e ( )e ] ( | |) ( | |)

ns i t i i

r n n

n

ni i

n

ns i t i ii

n n

n

s t k a H k

H k

s t k a H k

ω θ θ

θ θ

ω θ θ

θ

η γ γ γ γ η η η

γ γ η η η

η γ γ γ γ η η η

∞

−− −

−

=−∞

+−

+

∞

−− −

−

=−∞

= + + −

− − + +

= + − −

−

∑

∑

}12 2 (1)

1 0[( 1)e ( 1)e ] ( | |) ( | |) .
ni i

n
H k

θ θ
γ γ η η η

+−

+
− − +

 (18) 

 
The incremental boundary condition along the surface of a circular cavity with radius a  is ex-

pressed as 

 ( ) ( )

0 3 0 3
ˆ ˆ( , ) ( , ) 0,i s

r r
s z t s tη+ =  on | | .z a=  (19) 
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Substituting Eqs. (13) and (18) into Eq. (19) yields 

 ,
n n

n

a φ φ
∞

=−∞

=∑  (20) 

where,  

 

{
}

12 2 (1)

0 1 0

12 2 (1)

1 0

2 2 1

1

2 2

1

( / ) [( )e ( )e ] ( | |) ( | |)

[( 1)e ( 1)e ] ( | |) ( | |) ,

[( 1)e ( 1)e ] ( ) e ( | |) ( | |)

[( 1)e ( 1)e ] ( ) e (

ni i

n n

ni i

n

i i n in n

n

n

i i n in

n

k k H k

H k

i J k z z z

i J k

θ θ

α

θ θ

θ θ α

α

θ θ α

φ γ γ γ γ η η η

γ γ η η η

φ γ γ

γ γ

−−

−

+−

+

∞

− − −

−

=−∞

− −

+

= + + −

− − + +

= − + + −

+ − + +

∑

1| |) ( | |) , on | | .n

n

z z z z a
α

∞

+

=−∞

=∑

 (21) 

Multiply both side of Eq. (20) with e imθ−  and integrating from π−  to π  yields a set of simulta-

neous equations: 

 , 0, 1, 2,
n mn m

n

A mφ φ
∞

=−∞

= = ± ±∑ K  (22) 

where  

1

2
e

im

mn n
d

π
θ

π
θ π

φ φ θ−

=−

= ∫  and 1

2
e .

im

m
d

π
θ

π
θ π

φ φ θ−

=−

= ∫   The coefficients ,
n

A  0, 1, 2,...n = ± ±   

can be determined numerically by solving the above system of simultaneous equations.   

 

2.4  Dynamic Stress Concentration Factor 

Along the surface of the cavity, the dynamic stress concentration factor is defined as the ratio of 

incremental stress along the circumference to the maximum amplitude of the incident incremental 

stress at the same point.  For the time harmonic incident SH-wave given in Eq. (8), the maximum 

incremental stress is ( ) 2

max 02323 0.
i

s k U
α

γ= A   Therefore the dynamic stress concentration factor is  
 

 ( ) ( ) ( ) 2

0 3 max 0 3 0 3 0
ˆ ˆ| | ( ).i i s

s s s s k U
θ θ θ α

γ= +  (23) 

 
 

3.  NUMERICAL RESULTS 
 

As mention in Sec. 2.1 the instantaneous elastic moduli 
01313

A  and 02323A  depend on the strain 

energy function of the material and the principal stretches.  In this section compressible Varga mate-

rial is assumed and the strain energy function is given as (Roxburgh and Ogden, 1994), 
 

 ( )

0 1 2 3 1 2 32 [ 3 ln( )].V
W µ λ λ λ λ λ λ= + + − −  (24) 

From the definition of 01313,A  
02323

,A  and γ  in Sec. 2.1, Eq. (24) yields 

 2

01313 0 1 1 3
2 ( ) ,J µ λ λ λ= +A    2

02323 0 2 2 3
2 ( ) ,J µ λ λ λ= +A   2 31

2 1 3

.

λ λλ
γ

λ λ λ

+

=

+

 (25) 

In the absence of pre-stress (i.e., 
1 2 3

1λ λ λ= = = ), Eq. (25) yields 
01313 02323 0

,µ= =A A  1γ =  

which from the orthogonal properties of e ,
imθ−  0, 1, 2,...m = ± ±  the linear isotropic solution (pg. 

121, Pao and Mow, 1973) is recovered and the coefficient 
n

A  in Eq. (22) can be expressed as  
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 0 0 0 0 1 0 0

(1) (1)

0 0 0 0 0 0

( ) ( )
, ( 0, 1, 2,...),

( ) ( )

n n n

n

n n

nJ k a k a J k a
A i n

nH k a k a H k a

+
−

= − = ± ±

−

 (26) 

 

where in this case 
0 0 0

/k ω ρ µ=  is the wavenumber, 
0

ρ  and 
0

µ  are the material density and the 

shear stiffness in an undeformed configuration, respectively. 

For the pre-stressed material that is equibiaxially deformed in 
1 2

( )x x -plane (i.e., 
1 2
λ λ λ= = ), Eq. 

(25) yields 
01313 02323

µ= =A A  and 1,γ =  where 2

0 1 1 3
2 ( )Jµ µ λ λ λ= +  is the shear stiffness of the 

material in the equilibrium configuration.  Since 1γ =  the coefficient 
n

A  is still given by Eq. (26) 

but with 
0 0
k a  replaced by /ka aω ρ µ=  where 

0
/ Jρ ρ=  and 2

0 1
a a λ=  are material density 

and radius of cavity in the equilibrium configuration, respectively.  It can be seen that for the same 

frequency of the incident waves, the dynamic stress concentration factor ( )

0 3 max/
i

s s
θ

 in pre-stress me-

dia is different with of linear isotropic case. 

Example 1:  Figure 2 shows the geometry of this example when the material is equibiaxially de-

formed in 
1 2

( )x x -plane (i.e., 
1 2
λ λ λ= = ), the internal pressure 

0 0
2 (1 ) /p Jµ λ= −  is applied inside 

the cavity.  The internal pressure is necessary since homogeneous stretches are assumed.  The inci-

dent wave is assumed to propagate in the 
1
x -direction with non-dimensional frequency 

2

0 0 0
/ .aω ω ρ µ=   The principal stretches are varying as 0.1, 0.5,1.0λ =  and 

3
0.5,1.0, 2.0.λ =  

The non-dimensional phase speed of the SH-wave 
0 0
/c µρ µ ρ=  and non-dimensional internal 

pressure 
0 0
/p p µ=  which depend on the values of principal stretches are shown in Fig. 3, while the 

dynamic stress concentration factors are shown in Fig. 4.  

 

 

 

 

 

 

 

 

 

 

It can be seen in Fig. 3 that for 
3

1.0λ λ< <  which simulates the pre-stressed earth when the 

1 2
( )x x -plane is parallel to the horizontal ground surface, the speed of SH-waves is slower than that of 

the non pre-stressed material i.e., 1.0,c <  while the surrounding pressure 0p > . 

Since the 
1 3

( )x x -plane is a plane of symmetry ( )

0 3 max

i
s s

θ
 is plotted for θ≤ ≤

o o0 180 .  It 

should be note that the maximum static stress concentration factor in the linear isotropic case is 2.0 at 

θ =
o90  (pg. 133, Pao and Mow, 1973).  In this example when 0.1ω =  the maximum value of 
( )

0 3 max

i
s s

θ
 is slightly greater than 2.0 and for the higher frequencies ( 1,2ω = ) the maximum values 

of ( )

0 3 max

i
s s

θ
 are lower than 2.0.  Therefore, the low frequency wave is an important consideration 

in the study of dynamic stress concentrations in pre-stress media as well as in linear elastic material.  

The effect of pre-stress on the distribution of ( )

0 3 max

i
s s

θ
 is more for high frequency and less for the 

low frequency waves. 

Figure 2.  Geometry of Example 1. 
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1 2 3

(a) 0.1, 0.5λ λ λ= = =  
1 2 3

(b) 0.5, 0.5λ λ λ= = =  
1 2 3

(c) 1.0, 0.5λ λ λ= = =  

 

    

 
1 2 3

(d) 0.1, 1.0λ λ λ= = =  
1 2 3

(e) 0.5, 1.0λ λ λ= = =  
1 2 3

(f) 1.0, 1.0λ λ λ= = =  

 

   

 
1 2 3

(g) 0.1, 2.0λ λ λ= = =  
1 2 3

(h) 0.5, 2.0λ λ λ= = =  
1 2 3

(i) 1.0, 2.0λ λ λ= = =  

 

 

Example 2:  The Varga material is equibiaxially deformed in the 
1 3

( )x x -plane with the principal 

stretches 
1 3

0.9λ λ λ= = =  and 
2

0.7,λ =  where the internal static traction 
0 0
( ) 3.527θ µ=t  

2[(3cos θ +  2sin )
r

θ e sin 2 ]
θ

θ− e  is applied along the inner surface of the cavity since uniform 

stretches are assumed.  The incident SH-wave has an incident angle o

45α =  (see Fig. 1) and 

non-dimensional frequency 2
/ 0.5.aω ρ µ =  Using the method presented in Sec. 2 with 

max
20n = , 

the coefficients ,
n

A  0, 1, 2,..., 20n = ± ± ±  are numerically obtained.  The real and imaginary parts 

of the amplitude of the displacement and shear stresses along the surface of cavity and the distribution 

of dynamic stress concentration are plotted in Figs. 5-8. 

  

 

 

 

 

 

 

 

 

Figure 4.  Dynamic stress concentration factor 
( )

0 3 max

i
s s

θ
of Example 1. 

Figure 6.  Non-dimensional shear stress 
( )

0 3 max| |i

r
s s  

along the surface of cavity. 

Figure 5.  Non-dimensional displacement 
3 0
/u U  

along the surface of cavity. 
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Figures 5 and 7 can be used to calculate the displacement and shear stresses at any time in the pe-

riod of vibration, while Fig. 6 shows that the results agree with the boundary condition at the surface 

of the cavity.  It is seen from Fig. 8 that the position of maximum stress concentration factor is at 

θ =
o110.1  with ( )

0 3 max 1.939,
i

s s
θ

=  and the another local maximum is at θ =
o297.3  with 

( )

0 3 max 1.810
i

s s
θ

=  and the distribution of ( )

0 3 max

i
s s

θ
 is not symmetric with respect to any plane or 

axis for this example. 
 
 

4.  CONCLUSIONS 

 
Using the complex function method the scattering of plane SH-waves from a circular cylindrical 

cavity in a pre-stressed elastic medium is analyzed.  The effect of pre-stress on the speed of plane 

SH-waves and the dynamic stress concentration factor can be clearly seen from the numerical results.    

Low frequency waves will have a higher stress concentration than the high frequency waves.  The 

distribution of stress concentration factor for pre-stressed media is not always symmetric, except for 

the in-plane equibiaxially deformed case.  Scattering problems for non-circular cavities and inclu-

sions in pre-stressed elastic unbounded media or in a half-space and the scattering of in-plane waves 

(P and SV waves) should also be studied. 
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Abstract : In this study, we propose a model which describes evacuation behavior in a city fire following
a strong earthquake by considering the effect of evacuees’ familiarity / unfamiliarity with areas. Through
some of the simulations in the model, we examine the layout of evacuation areas. As the result, it is shown
that the largest number of people can evacuate in the case that all evacuation areas are placed on the center
of the target city.

1 INTRODUCTION

1.1 Background and Objectives

Many studies on evacuation behavior in a city fire following a strong earthquake have been
carried out (e.g., Itoigawa et al 1989). Most of these studies were based on the assumptions that
everybody can take an appropriate route and evacuate to the nearest evacuation area. From the fol-
lowing two reasons, however, those assumptions are hardly accepted in the case that people evacuate
in an unfamiliar area. The first reason is that it seems to take more time to move in an unfamiliar area
by losing their way or taking roundabout route. The second reason is that people are likely to take
familiar routes even if more suitable and short routes may exist, as shown in Murosaki and Yamada
(1980). Hence, in this study, we construct a model which describes evacuation behavior in a city fire
following an earthquake by considering of the effect of their familiarity with areas, and examine the
proper layout of evacuation areas through simulations.

In the previous study, Aoki et al (1992) showed that the information boards on main evacua-
tion routes could bring smooth evacuation. In addition, the effectiveness of pre-learning and guide-
information was reported (Kaji 1989, Aoki et al 1992, Kumagai 1992, Kakei et al 2000). However,
evacuees’ familiarity / unfamiliarity with areas was not discussed in the previous researches.
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1.2 Simulation Model

It is necessary to integrate the situation of fire spreading and behavior of evacuation, when we
estimate human injuries caused by considering the phenomenon in which evacuees are surrounded and
killed in the flames. It is, however, too difficult to treat the situation of fire spreading and behavior of
evacuation simultaneously using the real complex road networks of cities.

From the viewpoint of practical availability and effectiveness, a grid based model was proposed
(Okada et al 1979). In this model, on one hand each area is represented by a grid, and the behavior of
evacuation is expressed by the number of person who move across the boundary between two adjacent
grids, and all the evacuation starts directly after the earthquake. The amount of movement per unit
time is determined by the total road width on a grid line. On the other hand the original point of a fire
is represented on the intersection of two grid lines, and the state of fire spreading is represented on
grid lines. The accuracy of these model is limited since the situation of inside of grids is simplified,
while it is still useful for looking at the situation in perspective.

In this study, the Okada’s model is modified by describing the evacuation behavior more accu-
rately. In the following section, the outline of model is described. The details of this model can be
found in Okada et al (1979) and Aoki et al (1992).

2 FIRE-SPREAD MODEL

Spreading of fire is considered as a kind of stochastic processes. Therefore, Monte Carlo method
is appropriate for simulating fire-spreading of each building. In respect of a grid based model, how-
ever, it is not always effective to use an accurate stochastic model like the Monte Carlo method.
Hence, in this study, we adapt a compact and non-stochastic model based on Hamada’s formulation
which was used in Okada et al (1979). In this model, we assume that the specific number of fires break
out at random place after a strong earthquake, and spread at the speed V represented by equation (1):

V = Cw × Ce ×K × Vwood, (1)

where Cw and Ce are the coefficient of wind and the coefficient of extinguishing respectively. In
addition, K is the coefficient of prevention of surrounding buildings and Vwood is the fire spread speed
in pure wooden urban district. The value of K is calculated as follows:

K =
{
(a + b)(1 − c)

} ÷ {
a +

b

0.6

}
, (2)

where the parameters a, b and c respectively represent the ratio of pure-wooden buildings, fire-
prevention building and fire-resistant building. The above parameter Cw, Ce and Vwood are set up
as the average state of city as follows:

Cw = 1.0, Ce = 0.8, Vwood = 2.3m/min.
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3 EVACUATION MODEL

3.1 Daily Life Area (DLA)

The area where people usually move on foot is seemed to be restricted, and people seldom move
to the outside of this area. In this study, this area is called Daily-Life-Area (DLA) and the effect of
this area on the evacuation behavior is discussed.

DLA seems to be similar to the area surrounding the house and nearest railroad station in Tokyo
or other Japanese cities. Hence, we compute DLA in the following procedures. Firstly, we draw the
straight line which connects a evacuee’s house and the center of district which includes a railroad
station. If evacuees at Area(x0, y0) are in their DLA, we express DLA(x0, y0) = 1, and otherwise
DLA(x0, y0) = 0. In case evacuees in an area come from two or more areas, the coordinates(x0, y0)

of Area(x0, y0) is obtained from the average coordinates weighted by the number of evacuees.

Figure 1: Daily-Life-Area

3.2 Effects of Daily Life Area in Evacuation Behavior

Evacuees staying at outside of DLA are likely to lose their way or take roundabout route, as
compared with evacuees in DLA. That is, the evacuation speed at outside of DLA is expected to be
less than that at inside of DLA. Therefore, we estimate the time to move across a grid line for each
evacuee, denoted by T , as follows:

T (x, y) =
(1 − αDLA(x, y)) × E(x, y)

∑
w Cf × Rp(x, y, ω)

. (3)

In equation (3), α expresses the effect of DLA. α = 0 shows the case that the effect of DLA is
negligible, and α = 1.0 shows the case that the effect of DLA is critical. In the following case study,
the value of α is changed at intervals of 0.2 from 0.0 to 0.6. In addition, E(x, y) is the number
of evacuees, Rp(x, y, ω) is total width of passable road to each direction and Cf is the coefficient
of fluidity of crowded people. The value of above parameter Cf is assumed to be low, i.e., Cf =

1.0 person/m · sec, since old people and children are included in evacuees.

3.3 Evacuation Route Selection

In this model, evacuees in the same area are treated as one group and move together. When a
group of evacuees on each grid decides where to go next, the following procedures are used. Firstly
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the average time to pass through each areas is estimated by equation (3). The time to pass areas in
outside of DLA are excessively estimated according to the effect of DLA (α). Secondly the shortest
time to reach to each evacuation area is searched, and the route is recorded. Finally the evacuation
area, where the time for evacuation is shortest and the capacity is large enough, is selected. Thus, the
grid which the group of evacuees moves to is determined. Note that they don’t move toward the truly
nearest evacuation area.

After the above procedures, the number of evacuees who move to the next grid is determined by
the total road width on grid line as M(x, y, ω) by following equation (4):

M(x, y, ω) = E(x, y)× R(x, y, ω) · Cv · Cf∑
w R(x, y, ω) · Cv · Cf

, (4)

where E(x, y) is the number of evacuees, R(x, y, ω) is total width of passable road in the each direc-
tion, Cv and Cf are the coefficient of effective road width and the coefficient of fluidity of crowded
people respectively. The value of Cv is assumed to be 0.4 because many barricades on evacuation
routes such as cars and various obstructions disturb their evacuation. Evacuees who reach to evacua-
tion area are added to the number of successful evacuees. Evacuees who can’t move any directions in
surrounding fire are regarded as death toll.

4 CASE STUDY

The space of target city is composed of the grid data of 20×20 cells, and the size of a grid repre-
sents 500m×500m. In this study, we compare the following 4 layouts of evacuation areas (see figure
2). All evacuation areas of type-A are distributed on the perimeter zone, meanwhile all evacuation
areas of type-D are distributed on the central zone.

Figure 2: Layout of evacuation area

The process of evacuation is visualized in figure 3. The number of evacuees in each area is
represented by the color of area. The number of evacuees who move to neighboring area is represented
by the length of arrows on each grid line. Each original point of a fire is represented at one of the
intersections, and fire-spread is represented on grid line.

Figure 4 shows the process of evacuation and fire-spread of each layout. Quite different move-
ment of evacuees is observed for each layout. Figure 5 shows the relationship between the speed of
evacuation and the effect of DLA(α). The ordinate is total number of evacuees who succeed in evac-
uation in 10 hours. It is obvious that the largest number of people can evacuate in the case of type-D.
This means that if the effect of DLA is not negligible, type-D is the best among these 4 layouts.
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Figure 3: Visualization of evacuation process

In order to understand the detail of this result, the process of evacuation of each layout is exam-
ined. Figure 6 shows the changes of evacuation speed according to lapsed time after earthquake. The
ordinate is the number of evacuees who succeeded in evacuation in 1 hour. It is shown that type-A is
superior layout in 2 hours after earthquake, and type-B and type-C are superior layouts in the next 2
hours. However, type-D becomes the most superior layout after 4 hours.

5 Conclusion

The proper layout of evacuation areas are examined by considering the difference in evacuation
behavior caused by evacuees’ familiarity / unfamiliarity with areas. As the result of 4 layouts of
evacuation areas, the largest number of people can evacuate in the case that evacuation areas are
placed on the center of the city.

In Japan, evacuation areas are often located in public facilities such as large parks in the suburbs.
However, according to our results of some simulations, evacuation areas should be located at the
center of city, although further research is needed.
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Figure 4: The process of evacuation and fire-spread ( α=0.2 )
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Fig. 1. Tidal record at Fukaura 
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Abstract:  In recent years, serious damages have been caused by near field tsunamis whose arrival time is 

less than or equal to a few minutes after the occurrence of earthquakes. In this research, to develop a new 

tsunami warning system that is more quickly and more accurate than the current systems, we aimed Rayleigh 

wave inducng the sea surface disturbance preceding tsunami. For this purpose, we research the characteristics 

of Rayleigh wave and the sea surface disturbance from simulation and real data. The good correlation 

between the static uplift and the displacement of Rayleigh waves was found on the hanging wall side of the 

fault plane only. 

 

 

1.  INTRODUCTION 

 

In recent years, serious damages have been caused by near field tsunamis whose arrival time is 

less than or equal to a few minutes after the occurrence of earthquakes. Current tsunami warning 

systems need at least some minutes to announce tsunami warning because they are usually based on 

submarine faults estimated from seismic data observed at several points. Additionally, the wave height 

estimated from the real time tsunami warning system does not correspond to the actual wave height in 

near field owing to some approximations in that estimation. 

To develop a new tsunami warning system that is more quickly and more accurate than the current 

systems, we are trying to make use 

of Rayleigh wave that induces the 

sea surface disturbance preceding 

tsunami. The purpose of this study 

is to investigate the possibility of a 

tsunami warning system by means 

of Rayleigh wave and the sea 

surface disturbance. For this 

purpose, we study the 

characteristics of Rayleigh wave 

and the sea surface disturbance 

from simulation and real data.  

Figure 1 shows the wave 

height observed at Fukaura in 

1983 Nihonkai-Chubu earthquake. 

The main purpose of this 
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instrument is to record the tide, so the chart speed is very slow. Each thick line crossing the horizontal 

axis indicates 1 hour. From this record, long period waves arriving after 12 o’clock can be seen. These 

waves are the tsunamis that attacked Fukaura. Another wave with amplitude 44cm can be seen at  

just 12 o’clock, which arrived 7 minutes before the tsunami. This wave is the sea surface disturbance 

preceding tsunami. 

 

 

2. TWO-DIMENSIONAL TSUNAMI SIMULATION 

  

The generation of the sea surface disturbance and the tsunami are evaluated by a 2-dimensional 

simulation. The technique in this simulation is different from conventional ones that use the static 

seabed displacement and long wave approximation. In the present technique, a total system consisting 

of the sea water and the underlying ground is assumed to be a weakly coupled system. As a simulation 

procedure, earthquake ground motion due to seismic fault rupturing is first simulated by the boundary 

element method (BEM). Then, sea water disturbance including tsunami resulting from the seismic 

ground motion is simulated by the finite difference method (FDM) using the ground motion velocity 

as an input to the sea water. In the fluid domain simulation, the governing equation is the 

Navier-Stokes equation, which accounts for acoustic effects (Ohmachi et al., 2001). 

Figure 2 illustrates the analytical model employed. Due to its contribution to tsunami generation 

we assumed thrust faulting for a 30km wide segment, dipping at 30 degrees, located 7km under the 

seabed.  This fault undergoes unilateral faulting, which means that the fault rupture starts at the 

bottom of the fault and propagates upward. The rupture velocity, dislocation, and rise time are as 

shown in Fig. 2. The water depth above the seabed is 3km, and the simulation area extends to +/- 

100km from the fault. 

Snapshots at several seconds after the fault rupturing are shown in Fig 3. The lower and upper 

surfaces represent the seabed and the sea surface, respectively. At 15sec after the fault rupturing occurs, 

the wave height in the near-fault area is larger than the seabed displacement. From 20 to 30 sec, 

Rayleigh waves are generated in the near-fault area, propagating along the seabed, to the right of the 

figure. The short period sea surface waves travel with the same speed as these Rayleigh waves. The 

profile of tsunami remaining in the near-fault area at 50 sec propagates to the both side. From this 

simulation, the sea surface disturbance excited by Rayleigh wave preceding tsunami can be estimated. 

7km

3km

30°

30km

ｰ100km +100km0
Epicentral Distance

Rupture velocity  3.0km/s

Dislocation             10.0m

Rise time               2.0sec

7km

3km

30°

30km

ｰ100km +100km0
Epicentral Distance

ｰ100km +100km0
Epicentral Distance

Rupture velocity  3.0km/s

Dislocation             10.0m

Rise time               2.0sec

Fig. 2. A 2-D tsunami simulation model. 
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Fig. 3. Two-dimensional tsunami simulation. 
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3.  CHARACTERISTICS OF PROPAGATION 

 

3.1  The 1993 Hokkaido-Nansei-Oki tsunami 

To develop a single-point observation system, it is needed to know how Rayleigh waves as well as 

the sea disturbance propagate from the source area. To investigate the characteristic of the propagation, 

we check the tidal records of the 1993 Hokkaido-Nansei-Oki tsunami, and the seismic data of the 1999 

Chi-Chi Taiwan earthquake. 

Figure 4 shows wave height distribution of sea surface disturbance observed prior to the tsunami 

1993 Hokaido-Nansei-Oki earthquake. In this figure, tidal observation points and wave height in cm 

are shown by black circles and numbers. A fault model proposed by Mendoza and Fukuyama(1996) 

has northern and southern faults. The fault projection is also shown in Fig. 4. In this model, fault 

rupturing starts at northern fault and propagates to the southern fault. Black stars in Fig. 4 are 

epicenters of the faults. From the figure, the sea surface disturbances are observed at limited points 

from Iwanai to Noshiro. These points extend to the south. It is because the sea surface disturbance are 

induced by Rayleigh waves, which becomes larger gradually as fault rupturing propagates from 

Northern fault to Southern fault. The Rayleigh wave propagates in the ground, so the sea surface 

disturbance is observed at Mori where tsunami did not arrive. 
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Fig. 4. Wave height distribution of sea surface disturbance. 
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3.2  The 1999 Chi-Chi Taiwan earthquake 

The 1999 Chi-Chi Taiwan earthquake is due to low angle thrust-faulting with Ms = 7.6 (USGS), 

occurred in central Taiwan on September 20, 1999. Though thrust-faulting subduction earthquake 

causes tsunami frequently, for this reason, we use this earthquake in this study. 

Digital seismic acceleration data that contains 441 points all around Taiwan were provided by Lee 

et al (2001). Figure 5 shows these observation stations and the fault projection proposed by Kikuchi at 

el. (2000). This fault model is low angle thrust faulting, and slopes down to the east. To find 

displacement by Rayleigh waves, the vertical acceleration records were integrated with a bandpass 

filter from 2 to 20 sec.  

The distribution of maximum displacement is shown in Fig. 6. From this figure, the displacement 

is larger on the northwest side of the fault than the other side. Moreover larger displacement is limited 

to the front of the fault. The epicenter of this earthquake is located at around the center of this fault. 

We thought that the Rayleigh wave increased in the amplitude gradually on the west side as fault 

rupturing propagates in shallow area, while the Rayleigh wave does not increased on the east side that 

fault rupturing propagated in deep area. From the result, it can be thought the Rayleigh wave showed 

directionality that the amplitude increased in the direction of fault rupturing and in the front area of the 

fault. 

 

3.  CORRELATION BETWEEN THE AMPLITUDE OF GROUND MOTION AND 

VOLUME OF SEA-BED UPLIFT 

 

 

To investigate possibility of tsunami warning by means of Rayleigh waves and the sea surface 

disturbance, next we investigate the relationship between the coseismic ground displacement and the 

volume of the seabed uplift. First, we define the dynamic maximum displacement and volume of the 

uplift as shown in Fig. 7. The Volume of the uplift is a part of uplift relative to an observation point 

(-50km) expressed as a shadow part in the left figure. The dynamic displacement of the ground is the 

Fig. 5. Observation points and projection 

of the fault plane (Lee et al ,2001). 

NN

 

Fig. 6. Distribution of maximum displacement.
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displacement reduced from the maximum displacement to static displacement in Fig. 7. 

Figure 8 shows the relationship between the dynamic displacement and the volume in cases of dip 

angles 30, 45, 60 degree when depth of the fault changes. In the left figure, we can see their correlation 

looks linear. Similarly, right figure in Fig. 8 shows their relationship when width of the fault changes. 

The correlation looks almost linear. The linear correlation is found on the hanging wall side in near 

field area. But, the relation is not linear far field area, or on the foot wall side.  

 

4.  CONCLUSIONS 

 

As conclusions, we can point out the followings: 

1. Rayleigh waves excite the sea surface disturbance that propagates faster than tsunamis.  

2. Rayleigh waves show directionality, from which the amplitude increases in the direction of fault 

rupturing and in the front area of the fault. 

3. A correlation between the dynamic maximum displacement and volume of uplift is almost linear 

in the near-filed area of hanging wall side. 
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Fig. 7. Uplift Volume of ground and dynamic maximum displacement. 
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Fig. 8. A correlation between uplift volume and dynamic maximum displacement.  
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Abstract:  The GIS building inventory data in Metro Manila, Philippines is updated by using the satellite 

remote sensing data in order for the reliable earthquake damage assessment.  The distribution of mid-rise 

and high-rise buildings is captured by the application of the building detection method using the 

high-resolution satellite images.  The distribution of low-rise buildings is estimated from the land cover 

classification based on the time-series middle-resolution satellite images.  The building damage due to a 

scenario earthquake is assessed by means of simplified procedure considering the seismic capacity of the 

buildings.  The result shows that the damage of low-rise buildings is concentrated at lowland areas while the 

damage of high-rise buildings are slight to moderate at most of the areas. 

 

 

1.  INTRODUCTION 

 

Influx of population to urban areas is a common problem faced by developing countries.  The 

number of mega-cities, which are vulnerable to disasters, is increasing.  The disaster mitigation 

activities in mega-cities should be strengthening immediately.  The earthquake loss estimation is 

indispensable to efficient earthquake disaster mitigation planning.  The GIS (Geographic Information 

System) building inventory data is a basic data to practice the reliable loss estimation.  Due to the 

rapid growth in the urban area, the number of buildings has been swelling.  Not only the number of 

low-rise buildings, but also that of high-rise buildings is increasing especially in developed 

commercial zones.  However, the system for updating GIS data continuously is hardly established in 

developing countries.  As a result, the number of buildings that are not included in the GIS data is 

increasing. 

Satellite remote sensing can capture land cover information in urban areas widely and 

continuously.  Recently, high-resolution satellite images (e.g., IKONOS, QuickBird) with the ground 

resolution 1m or less have been available at relatively low cost.  Individual building in an urban area 

can be identified in the images.  Therefore, the high-resolution satellite images are useful to grasp the 

distribution of mid-rise and high-rise buildings that are difficult to identify the individual location in 

middle-resolution satellite images (e.g., Lantsat, SPOT).  In this paper, the method for automatic 

detection of newly constructed buildings from a high-resolution satellite image is applied in Metro 

Manila, Philippines in order to grasp the distribution of mid-rise and high-rise buildings.  Combining 

the result together with the distribution of low-rise buildings estimated from the land cover 

classification based on the time-series Landsat images, the up-to-date building inventory data is 
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constructed.  The building damage assessment due to a scenario earthquake is conducted by means of 

simplified procedure based on the seismic capacity of the buildings and the computed ground motion. 

 

 

2.  SOCIAL CONDITION AND DATA SOURCES IN METRO MANILA 

 

Metro Manila, the capital of Philippines, consists of seventeen cities and municipalities including 

Manila, Makati, Quezon and Marikina.  The population concentration and the urban sprawl have 

been strongly observed.  As shown in Fig. 1, about fifty years ago the urbanized area was less than 

100km
2
 with a population of 1.6 million, but now is expanded to more than 600km

2
 with a population 

of 10 millions (Doi and Kim (1998)).  In the downtown such as Manila, densely built-up area with 

low-rise and mid-rise buildings has been developed.  In the commercial zones such as Makati and 

Ortigas, many high-rise buildings have been constructed.  According with the sprawl of urbanized 

area, new commercial zones have been expanded. 

In Metro Manila, the GIS base map was constructed based on the topographic map with a scale of 

1/10,000 edited in 1987.  In the base map, the footprints of the buildings and the congested housing 

areas are included.  The building survey was conducted in the major commercial zones such as 

Makati, Manila, Ortigas and Quezon (Midorikawa et al. (2002)).  The number of the buildings whose 

footprints are shown is about 280,000.  In Metro Manila, the total number of the buildings is about 

910,000 as of 1989 (Sarausad (1993)).  The difference of the numbers suggests that about 630,000 

buildings are located in the congested areas.  Thus, assuming that the 630,000 low-rise buildings are 

uniformly distributed in the congested areas, they are added in the GIS data.  However, the buildings 

that are newly constructed after 1989 are not included in the GIS data. 

The satellite IKONOS color images with 1m ground resolution are used in this study in order to 

grasp the distribution of newly constructed mid-rise and high-rise buildings.  These images are 

composed of 3 bands with visible (Red, Green, Blue) range and 1 band with near infrared (NIR) range.  

Figure 2 shows the coverage areas of the images.  These images cover 75 percent of Metro Manila. 

 

 

3.  FLOW OF UPDATING GIS BUILDING INVENTORY DATA 

 

In order to assess the earthquake damage appropriately, it is necessary to grasp the up-to-date 

building distribution.  Figure 3 shows the flow of updating GIS building inventory data employed in 

this study.  The distribution of mid-rise and high-rise buildings is captured by the high-resolution 

satellite images, while the distribution of low-rise buildings is estimated from the middle-resolution 

satellite images. 

Individual location and their height of mid-rise and high-rise buildings are detected from 

IKONOS images using the method proposed by the authors (Miura and Midorikawa (2003)).  The 

locations of the newly constructed buildings are detected from the difference between the image and 

the GIS data.  In this method, the edges are extracted from the image in order to detect the boundaries 

of the buildings.  The shadow area, the vegetation area, the existing building area, the road area and 

the water area are extracted as “the known areas” from the image and the GIS data.  After the 

elimination of the edges in the known areas, the image analysis is conducted for discriminating 

building edges from the others.  Considering that edges of a building are always neighbored to their 

shadow, the edge pixels neighbored to the shadow pixels in the direction of the sun are identified as 

the building edges.  The regions including the building edges are finally extracted in the analysis.  

The numbers of stories of the buildings are estimated using the shadow length observed in the image. 

The up-to-date distribution of low-rise buildings is estimated from the land cover classification 

based on the time-series Landsat images by Yamazaki et al. (2003).  They classified the built-up 

areas into the three categories according to the developing period.  Considering that the newest 
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built-up areas almost correspond with the distribution of the buildings that are constructed after the 

edit of the GIS data, we estimated the distribution and amount of the low-rise buildings.  Combining 

the results of the analysis, the GIS building inventory data is updated. 

 

 

4.  DISTRIBUTION OF MID-RISE AND HIGH-RISE BUILDINGS 

 

First, we examine the applicability of the proposed method (Miura and Midorikawa (2003)) to 

the data in Metro Manila.  Figure 4 (a) shows a part of the IKONOS image acquired in 2001/9/28.  

The area covers recently developed commercial zone in the northeastern part of Makati.  The 

high-rise buildings shown in the circles in Fig. 4(a) are newly constructed after the edit of GIS data. 

We apply the method to the data shown in Fig. 4(a).  Figure 4(b) shows the result of the analysis.  

The rectangles indicate the locations of correctly detected buildings.  The triangles and the circles 

represent the location of mis-detected objects and un-detected buildings, respectively.  All of the 

high-rise buildings shown in Fig. 4(a) are detected correctly.  Figure 5 shows the result arranged 

according to the building size and the number of stories.  A lot of low-rise buildings whose sizes are 

under 25m are observed in the image.  Using the proposed method, it is difficult to detect such 

low-rise and small buildings individually.  However, almost 90% of the mid-rise and high-rise 

buildings are detected successfully. 

We estimate the numbers of stories using the shadow lengths observed in the image.  The 

number of stories is calculated using the shadow length, the sun elevation and the average floor height 

set as 3.2m.  The result shows that most of the buildings are estimated successfully within the error 

range of 2 stories. 

The proposed method is applied to the whole area of the images shown in Fig. 2.  Figure 6 

shows the result of the analysis.  The regions indicate the locations of detected buildings.  About 

2,600 newly constructed buildings are detected from the images.  The numbers of stories of the 

buildings are estimated using their shadow lengths.  The number of the mid-rise buildings (4-9F), 

that of the high-rise buildings (10-30F) and that of the super high-rise buildings (31F-) are 666, 202 

and 24, respectively.  In order to provide quantitative assessment of the analysis, the un-detected 

buildings are extracted by the visual interpretation with the images.  The detection percentage of 

mid-rise and high-rise buildings is computed as shown in Table 1.  The result shows that all the 

detection percentages are more than 90%.  All the footprints of the newly constructed buildings are 

included in the GIS data. 

 

 

5.  DISTRIBUTION OF LOW-RISE BUILDINGS 

 

It is difficult to detect the individual location of low-rise buildings accurately using the proposed 

method.  Yamazaki et al. (2003) revealed the distribution of built-up area in Metro Manila using 

time-series Landsat images (30m-resolution).  They classified the built-up areas into the three 

categories according to the developing period (-1972, 1972-1992, 1992-).  The older built-up areas 

before 1992 almost coincide with the building distribution of the existing GIS data.  The built-up 

areas after 1992 correspond with the building distribution developed after the edit of the GIS data.  

We compare the number of the buildings of the existing data and the built-up areas.  The number of 

the buildings in the existing data is about 910,000 while the number of pixels in the built-up areas 

before 1992 is about 330,000.  Therefore, the number of buildings that are located in the one pixel is 

estimated at three.  Considering that the number of pixels in the built-up areas after 1992 is about 

130,000, the number of the buildings in the built-up area after 1992 is estimated at about 380,000.  

Assuming that the most of the estimated buildings consist of low-rise buildings and the low-rise 

buildings are uniformly distributed in the built-up areas, they are added in the GIS data.  Combining 
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the distribution of mid-rise and high-rise buildings and that of low-rise buildings, the building 

inventory data is updated.  The total number of the buildings is estimated at about 1,290,000, which 

almost corresponds with the result of the recent survey by JICA et al. (2003). 

 

 

6.  ESTIMATION OF BUILDING DAMAGE 

 

Using the updated GIS building inventory data, building damage assessment due to a scenario 

earthquake is conducted considering the seismic capacity of the buildings.  The flow of building 

damage estimation is shown in Fig. 7.  The ground motion due to a scenario earthquake was 

computed by the hybrid simulation method with the 3-D underground structure model and the soil 

response analysis using the surface soil profiles (Yamada et al. (2003)).  The building response is 

evaluated by the capacity spectrum method.  The buildings in Metro Manila are classified into 

several categories.  The nonlinear response of the buildings is estimated from the capacity curves and 

the ground motion spectrum.  The damage state for each building category is determined by the 

building response and the fragility curve.  Multiplying the damage state of each building category 

and the updated building inventory data, the distribution of the building damage is computed. 

The building types proposed by Vibrametrics, Inc. (2003a) are used in this study.  They 

classified the buildings into three major categories; CHB (concrete hollow block), C1 (concrete 

moment frame building) and C2 (concrete shear wall building), and twenty detailed categories 

considering the possible height range and the design vintage for each structural type.  Taking account 

of the height range and the typical design vintage, we classify the buildings into seven categories 

shown in Table 2.  The capacity curves and the fragility curves proposed by Vibrametrics, Inc. (2003a, 

b) are used in the capacity spectrum method. 

The West Valley Fault is selected as the source of a scenario earthquake because the fault is closer 

to the central part of Metro Manila.  The computed peak ground velocity on the surface due to the 

scenario earthquake (M 6.7) is shown in Fig. 8 (a).  The large ground motion is computed in the areas 

that are located on the thick soft soil such as Coastal lowland and Marikina valley. 

The number of the damaged buildings is computed by multiplying the damage ratio and the 

number of the buildings.  Figure 8 (b) shows the distribution of low-rise buildings (1-3F) with the 

complete or extensive damage level.  The damage of low-rise buildings is concentrated in Coastal 

lowland and Marikina valley.  The number of the damaged buildings is about 180,000, which 

corresponds with almost 15% of the low-rise buildings in Metro Manila. 

The distribution of mid-rise buildings (4-7F) with the complete or extensive damage level is 

shown in Fig. 8 (c).  The damage is concentrated in Manila.  About 20% of mid-rise buildings are 

damaged because a lot of mid-rise buildings are located in Manila.  The distributions of high-rise 

buildings with the moderate damage level are shown in Fig. 8 (d)-(f).  The building damages for the 

higher types are relatively slight.  Most of the high-rise buildings may suffer less than moderate 

damage level.  One of the reasons is the spectral characteristic of ground motion.  The magnitude of 

the scenario earthquake (6.7) is not large enough to generate the strong ground motion with longer 

period, which contributed to the response of higher buildings. 

 

 

7.  CONCLUSIONS 

 

The GIS building inventory data in Metro Manila, Philippines is updated by using the satellite 

remote sensing data in order for the reliable earthquake damage assessment.  The distribution of 

mid-rise and high-rise buildings is captured by the application of the building detection method using 

the IKONOS images.  The distribution of the low-rise buildings is estimated from the land cover 

classification based on the time-series Landsat images.  The building damage due to a scenario 
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earthquake is assessed by means of simplified procedure considering the seismic capacity of the 

buildings.  The result shows that the damage of low-rise buildings is concentrated at lowland areas 

while the damage of high-rise buildings are slight to moderate at most of the areas. 
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Fig.2  Coverage area of IKONOS imagesFig.1  Urban development in Metro Manila
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Fig.3  Flow of updating GIS building inventory data 

Fig.4 (a)  IKONOS image in the developed commercial zone 

Fig.4 (b)  Result of the image analysis 
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The number

of stories
Detected Un-detected Detection percentage

4-9 666 74 90%

10-30 202 7 97%

31- 24 0 100%

Table 1  Detection percentage of the analysis 

Building

Type
Structural Type

Number of

Stories
Design Vintage

CHB Concrete Hollow Block 1-3 Sub-Type 3

C1L 1-3 Sub-Type 3

C1M 4-7 Sub-Type 3

C1H 8-15 Sub-Type 2

C2V 16-25 Sub-Type 1

C2E 26-35 Sub-Type 1

C2S 36- Sub-Type 1

Sub-Type1 : Constructed after 1992

Sub-Type 2: Constructed from 1972-1991

Sub-Type 3 : Constructed before 1971

Concrete Shear Wall Building

Concrete Moment Frame Building

Fig.6  Locations of detected buildings 

Fig.7  Flow of building damage estimation

Scenario Earthquake

Hybrid Simulation Method and

Soil Response Analysis

Ground Motion on Surface

Capacity Spectrum Method

Damage Ratio of Buildings

Distribution and Amount

of Building Damage

Capacity Curves

Fragility Curves

Building Inventory

Table 2  Building types used in this study 
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Fig.8 (a)  Peak ground velocity on surface 

Fig.8 (b)  Distribution of low-rise building with complete or extensive damage 

Fig.8 (c)  Distribution of mid-rise building (4-7F) with complete or extensive damage 

Fig.8 (d)  Distribution of high-rise building (8-15F) with moderate damage 

Fig.8 (e)  Distribution of high-rise building (16-25F) with moderate damage 

Fig.8 (f)  Distribution of high-rise building (26-35F) with moderate damage 
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Abstract:    The geomorphological map of Dhaka city area with eighteen geomorphic units and four 

categories of landfills created by the authors previously employed as a major source of data used in 

this study.  Data compiled from 140 boreholes provided information that allowed characterization of 

nine of the geomorphic units under analysis in terms of representative soil profiles and SPT-N values.  

Further analysis of overall shape of the SPT-N curves corresponding to these representative soil 

profiles suggested the possibility of regrouping them into four general patterns.  Estimation of the site 

response through the evaluation of the predominant periods and corresponding amplification factors 

relied on the application of the horizontal to vertical spectral (H/V) technique employing 58 

microtremor recordings distributed over twelve of the geomorphic units. Consideration of the 

similarity of the overall shape of the resulting transfer functions, predominant periods, and maximum 

amplification ratios suggested classification of the sites into three typical patterns. These H/V patterns 

displayed good correlation with the derived representative soil profiles. The compilation of a more 

extensive microtremor and borehole dataset covering all geomorphic units proved necessary for the 

further precise development of this work. 

 

 

1.    INTRODUCTION 

 

       The infrequent occurrence of destructive earthquakes does not permit the compilation of 

enough data to support the estimation of the distribution of damages in the future.  To overcome 

this lacking, different authors proposed the use of alternative sources of excitation, such as, 

distant earthquakes, small near earthquakes, explosions, aftershocks and microtremors.   The use 

of microtremors, an idea pioneered by Kanai et. al. (1954) turns into one of the most appealing 

approaches in site effects studies, due to its relatively low economic cost, and the possibility of 

recordings without strict spatial or time restrictions (Rodriguez and Midorikawa, 2002).  The 

H/V spectral ratio technique of microtremors gained popularity in the early nineties, after the 

publication of several papers (Nakamura; 1989; Field and Jacob, 1993; Lermo and Shavez-

Garcia, 1994) claiming the ability of this technique to estimate the site response of soft 

sedimentary deposits satisfactorily. The method is rather attractive in developing countries 

characterized by a moderate seismicity, where only very limited resources are available for 

seismic hazard studies. 

       Bangladesh is a country characterized by a moderate seismicity with almost no resources is 

available for large scale seismic hazard studies.  The objective of this study was to evaluate the 

site response using H/V spectral ration of microtremors in terms of peak period and 

corresponding amplification within Dhaka city area (Figure-1), Bangladesh. This work was 

important for the nation, as a recent study conducted by Cardona et. al (2001) on twenty cities of 
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 2

the world showed Dhaka appeared to have one of the highest values of earthquake disaster risk 

index (EDRI) mainly due to its inherent vulnerability of building infrastructures, high population 

density and poor emergency response and recovery capacity. Dhaka is positioned in the central 

part of Bangladesh, on a northwest-southeast elongated and southeastward tilted tectonically 

uplifted Pleistocene terrace. Regionally, Bangladesh is a part of the Bengal Basin, originated as 

a result of intra-plate movements involving the Indian, Tibetan and Burmese plates between 

Cretaceous to Holocene period. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

2.    DATA USED  

 

      The geomorphological map of Dhaka city with eighteen units and four categories of 

thickness of the landfills (Figure 2) were created by the authors (Kamal and Midorikawa, 2003), 

through the combined analysis of old aerial photographs acquired in 1954, borehole data, and 

satellite images of Landsat TM
+
 of bands (30 m resolution) 5, 4 and 3 and IRS-1D PAN (5.8 m 

resolution) taken in 2002 and 2000 respectively was used a major source of data in this study. 

The soil profiles of 140 boreholes with their SPT-N value curves were compiled and 

subsequently simplified them into patterns. Fifty-eight microtremors recording was measured at 

the ground surface with a three components velocity meter and processed to derive their spectral 

ratios (H/V). The H/V spectral ratio curves were analyzed and differentiated into three patterns. 

A simple flow chart of the materials and procedures used in this study shown in Figure 3:  

 

 

 

 

 

 

 

 

 

Figure 3: Simple flowchart of methodology  

      In the ‘integration, discussion and conclusion’ scheme, we overlaid the sites of the derived 

patterns of both boreholes and microtremors as the point information on the geomorphological 

map and examined the correlation among them. 
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Figure 1A): Study area in white polygon on a Landsat TM mosaic of Bangladesh, 1B):  Dhaka 

city area within the four river system as shown on Bangladesh topographic map no. 79I  
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 3

 

 

Figure 2: Geomorphological map with Landfills. Both the patterns derived from SPT-N 

values of boreholes and spectral-ratios of microtremors were superimposed in this map.
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3.    BOREHOLE DATA ANALYSIS 

 

      We compiled the soil-profile and SPT-N value curves of 140 boreholes which were 

randomly distributed on the nine geomorphic units out of eighteen. All the SPT-N curves of a 

geomorphic unit were overlaid in a plot which provided the information of the representative 

soil profiles and corresponding SPT-N value of that geomorphic unit. Figure 4 below showed 

the representative soil profiles with SPT-N curves of the nine investigated geomorphic units.  

Figure 4: The representative soil profiles and SPT-N value of boreholes 

      In Figure 4, some geomorphic units showed more than one representative soil profiles. For 

instance, the younger active floodplain showed two representative soil profiles plotted as YAFP-

1 and YAFP-2. The demonstration of SPT-N value curves of the boreholes of younger active 

floodplain justified two distinct appearances of YAFP-1 and YAFP-2, named as ‘category 1’ 

and ‘category 2’ respectively as shown in Figure 5. Thus, 140 boreholes of nine geomorphic 

units came-out into thirteen representative soil profiles and corresponding SPT-N value curves. 

      To investigate the relationship among the geomorphic units and to find-out the possibility in 

order to further simplify the thirteen representative soil profiles, we overlaid their SPT-N curves 

in a plot (Figure 6). It was observed that some SPT-N value curves closely correspond with each 

other. As an example, the curve of Higher Pleistocene terrace showed its close association with 

the curves of Moderately high Pleistocene terrace, Old natural levee and Shallow alluvial valley. 

Thus, based on the close association of representative SPT-N value curves, we grouped these 

four geomorphic units into a ‘pattern’. The thirteen representative soil profiles with SPT-N value 

curves, thus, simplified into four different patterns (Figure 7) for the nine geomorphic units of 

the study area. The association of the derived patterns with the geomorphic units was given 

below: 

Pattern-1: The geomorphic unit of Higher Pleistocene terrace, Moderately higher Pleistocene 

terrace, Old natural levee and Shallow alluvial Valley.  
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Pattern-2: Category-2 of Deep marshy land, category-2 of Moderately deep alluvial valley and 

Deep alluvial valley. 

Pattern-3: Category-1 of younger active floodplain and Point bar deposits.  

Pattern-4: Category-1 of Moderately deep alluvial valley, Category-1 of deep marshy land and 

category-2 of Younger active floodplain. 

 

 

4.    SPECTRAL ANALYSIS FOR H/V RATIOS OF MICROTREMORS 

 

       As mentioned before, 58 microtremors records were measured on twelve geomorphic units. 

Each record comprises of three components, viz., EW, NS and UD. For spectral analysis we 

took three noise-free portions of 20.48s of the recordings as the instrumental sampling frequency 

was 100Hz. However, to determine at which frequency of the spectrum, the sedimentary 

packages caused the larger amplifications we applied first Fourier transform on the time domain 

records, then smoothed the corresponding spectra and finally applied the spectral ration (H/V) 

technique to derive transfer functions. The applied sequences were given below: 

(1) At first, we calculated the Fourier spectra of the two horizontal and the vertical components.  

As the Fourier spectra of the two horizontal components looked alike, their horizontally 

combined spectra were calculated to obtain the maximum Fourier amplitude spectrum as a 

complex vector in the horizontal plane. While that of the UD component provided the vertical 

motion spectra.  

(2) Smoothing of the spectra: After Fourier transformation, we digitally filtered the combined 

horizontal and vertical spectra applying a logarithmic window (Konno and Ohmachi, 1998; 

Rodriguez and Midorikawa, 2002) with a bandwidth coefficient equal to 15. This filtering 

technique was applied to reduce the distortion of peak amplitudes. 

(3) Calculation of the soil response functions: The smoothened combined horizontal spectrum 

was divided with the vertical counterpart (H/V) which provided the desired predominant period 

and corresponding amplification factor of the investigated portions (20.48s) of records. 

 (4) After calculating three sets of the H/V ratios at each site, they were normalized to obtain a 

relatively non-biased site specific H/V ratio.  

      All the 58 records of microtremors were analyzed to obtain the predominant periods and 

corresponding amplification factors of the sites following the above sequences of analyses using 

a microtremor record measured on the Higher Pleistocene terrace as shown in Figure 8. From the 

tri-axial waveform W, three noise- free portions A, B, C having 20.48s long were selected for 

analysis in Figure 8. In the plots A(f), B(f), and C(f), the horizontal to vertical motion Fourier 

spectra were shown after smoothing by logarithmic window (width coefficient b=15). The plots 
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D, E and F showed the soil response functions, where as, G represented the normalized H/V 

rations after averaging D, E and F.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 8: Flow of calculation process applied to obtain the transfer functions (H/V ratios).       

 

      The circle on the H/V curves in G showed the predominant period 1.13s and corresponding 

amplification factor 2.87 after averaging. The predominant period indicates the frequency of the 

spectrum under which the near-surface soft sediment amplifies the earthquake ground motion, 

which is often referred as the site effects. The degree of damage caused by earthquake shaking is 

larger when the predominant period of the sites appears near the period of the structure. 

 

 

5.    PATTERN RECOGNITION OF H/V CURVES 

 

      We observed that some of the H/V curves looked alike in shape even their measuring sites 

were located on different geomorphophic units. So, in order to increase the simplicity of the 

analysis, we classified the fifty-eight H/V spectral ratio curves of twelve geomorphic units into 

the cluster of three ‘patterns’ (Figure 9) based upon: (1) the shape of the overall amplification 

spectra within the frequency range of interest; and (2) The coincidence between predominant 

periods and maximum spectral rations. The descriptions of the patterns were as follows: 

      Pattern 1: We observed that the amplification spectra of 39 sites belonging to the six 

geomorphic units viz., Higher Pleistocene terrace, Moderately higher Pleistocene terrace, Old 

natural levee, Old inactive floodplain, Shallow Alluvial Valley and some sites on Younger 

active floodplain represented a unique shape and their predominant periods around 1.0s with a 

standard deviation of 0.13. We found that on Higher Pleistocene terrace, the amplification was 

less than 3, where as, on the other geomorphic units of this pattern, the amplification factor 

fluctuates in an order of 3-5. 

      Pattern-2: There were nine sites in pattern 2 under five geomorphic units, namely, 

Moderately erosional lower Pleistocene terrace, Gently sloping erosional terrace edge, Inundated 

abundant channel, and some sites on Moderately deep alluvial valley as well as Younger active 

floodplain. The predominant period in this pattern was rather higher, in an average of around 

1.86s. In the five sites of first three geomorphic units of this pattern the amplification factors 

were around 4, where as, in the four sites of the last two, the amplification factors were higher 

fluctuating around 6-7.5   

      Pattern-3: The sites of this pattern were located on eight thick soft sediments, belonging four 

geomorphic units, namely, Deep marshy land, Deep alluvial valley, Moderately deep alluvial 

valley and Younger active floodplain. There were two mode of predominant period observed in 
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 7

this pattern. The short period mode fluctuated around 0.56s where as long period mode showed a 

typical 1.57s. The amplification factors were observed around 3.25 and 3-6 in short and long 

period modes respectively. In the Figure 9 below, the amplification spectra of each pattern and 

their calculated average were shown. 

 

 

 

 

 

 

 

 

 

  

 

 

 

 

Figure 9: Spectral ratio curves and their normalized average shape as obtained from the analyses 

microtremors records on nine geomorphic units. 

 

 

6.    DISCUSSIONS AND CONCLUSIONS 

 

      We superimposed both the patterns derived from the borehole and microtremor data on the 

geomorphological map units as shown in Figure 2 in order to investigate whether the spatial 

distribution of sites under the SPT-N value-based patterns correspond with the spectra ration-

based patterns. 

      It was observed that the spatial distribution of most the data comprising both the pattern-1 

nicely corresponds with each other.  The geomorphological units comprising these patterns 

included 99 boreholes and 39 microtremor data out of the total investigated amount of 140 and 

58 respectively. The surface soil of these units was encountered comparatively stiffer than that 

of other geomorphic units.  Although, the predominant period on these units were around 1.0 s 

but we observed the fluctuation of amplification in an order of 3-5 in the geomorphic units 

belonging to this pattern. This phenomenon can be explained by the inspections of Figure 10. 

The figure demonstrated that the SPT-N value of the top-soil of 

Higher Pleistocene terrace (HPT) was relatively higher than that 

of other geomorphic units of this pattern. The legend of SPT-N 

value curves in Figure 10 was organized from top to bottom 

according to the decrease of surface soil stiffness of the 

respective geomorphic units. The HPT, MHPT, ONL and SAV 

stood for Higher Pleistocene terrace, Moderately high 

Pleistocene terrace, Old natural levee and Shallow alluvial valley 

respectively. According to legend, the surface sediments of 

Higher Pleistocene terrace was very stiff, where as, shallow 

alluvial valley and Old natural levee represented less 

stiffness in surface soils. The Moderately higher Pleistocene 

terrace stood in between the above mentioned three 
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 8

geomorphic units. The variations in the stiffness from hard to relative softness of the surface soil 

would be responsible for the fluctuations of amplification factors in the geomorphic units of this 

pattern. The SPT-N based ‘pattern-1’showed that other than the above mentioned four units, Old 

inactive floodplain and three sites of Younger active floodplain belong to this pattern. Due to the 

lacking of borehole data, we could not correlate this pattern with SPT-N value based pattern-1. 

      The pattern-3 of the microtremor seems to be corresponded with pattern-2 of boreholes. The 

spatial distribution of these patterns incurred the geomorphic units, namely, Deep marshy land, 

some sites of Deep alluvial valley and Moderately deep alluvial valley. The representative soil 

profile with SPT-N curves in figure 4 suggested that the sites of these patterns showed a good 

impedance contrast in the near-surface strata at a depth of around 10 m. We assumed that this 

near-surface velocity contrast was the responsible for the developments of first mode of peak 

around 0.56. Due to the shallow depth of borehole, we could not explain the reason of another 

peak around 1.57 s. The amplification factors fluctuated in an order of 4-7, such a fluctuation of 

amplification was difficult to explain using this small amount of preliminary dataset. 

       The pattern-2 of microtremor did not show any specific relation with the borehole patterns. 

The pattern 3 and 4 of the boreholes included the sites which were under the geomorphic units 

of younger active floodplain, Point bar, Moderately deep alluvial valley and Deep marshy land. 

The representative soil profile showed the intercalation of many sub-soil strata in the sites of 

these patterns. 

      The amount of the data under the spectral ratio-based patterns 2 and 3 and SPT-N value 

curve-based patterns 2, 3 and 4 were not sufficient enough in this preliminary stage to draw a 

conclusion about their relationship. These spatial ratio-based and SPT-N value curve-based 

patterns included 19 and 41 sites of investigation. The compilation of a more extensive 

microtremor and deep borehole (more than 30 m depth) dataset covering all geomorphic units 

proved necessary from this preliminary investigation to draw the convincing conclusion among 

the relationship in the patterns of microtremor and boreholes with respect to geomorphic units.  
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Abstract: In the Kanto basin, when we consider the case of next great earthquake, long period 
component will appear as the result of surface waves excited by deep sedimentary layers. By a
series of Izu earthquakes on July 2000, the surface waves about 10 seconds predominate extremely at 
the central Boso peninsula in eastern part of the Kanto basin. In compared with the dispersion curve of group 
velocity calculated with underground structural model by Yamada et al. (2003), we confirmed that this 
phenomenon was amplified by the deep sedimentary layers at the central Boso peninsula. These amplified 
surface waves have the potential to cause the disaster of large structures, e.g. fuel tank. 

1. INTRODUCTION

In the Kanto basin, when we consider the case of next great earthquake, long period component 
will appear as the result of surface waves excited by deep sedimentary layers. Consequently, we 
must understand this phenomenon to evaluate earthquake ground motions for larger structures. 
Several researchers have studied on the effect of long period motions at the Kanto basin; Kinoshita 
et al.(1992) and Zama(1992) pointed out that Love waves generated from edge of the Kanto basin 
are dominant in the long period later arrivals observed around Tokyo-bay area. Koketsu et al.(2000)
showed the propagation of the 5 seconds low-pass filtered motions by 384 strong motion 
instruments across the Kanto sedimentary basin and its surroundings. They identified wave fronts 
with abrupt changes in the amplitude and trajectory of ground motion. On the other hands, Koketsu 
et al.(1992) made the 3D structural model of the Kanto basin. Miura et al.(2000, 2001) made the 3D 
underground structure by PS converted wave in Yokohama city to examine the characteristics of 
Love wave propagation. 3D simulation of the1923 great Kanto earthquake are performed by Sato et
al.(1999).Yamada et al.(2003) tried the simulation of earthquake motions and constructing new 3D 
underground structural model at the Kanto basin.  

In this paper, we found out about the peculiar amplification characteristics for the prediction of 
the surface waves in the central Boso peninsula using a series of Izu earthquake on July 2000.

2. RISK OF SURFACE WAVES IN THE DEEP SEDIMENTARY BASIN 

Earthquakes have never taken place larger than magnitude 7 after the great 1923 Kanto 
earthquake at the Kanto basin, many large structures, high-rise, base-isolated buildings and fuel 
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tanks, with long natural period have been constructed in decades. Strong earthquake motions have 
not subjected such kind of large structures. Figure 1 shows the distribution of these structures. 
Many structures concentrate around the Tokyo-bayside. Especially, the fuel tank at the industrial 
area around Tokyo-bay has the various natural periods based on the size of tank and liquid volume. 
Taking the recent disaster, in 2003 Tokachi-oki earthquake, some fuel tanks burned for two days at 
Tomakomai. Figure 2 shows the wave plot with EW component from strong motions site near the 
epicenter to Tomakomai, and long period motions were amplified around Tomakomai. It has been 
proposed that long period components are excited by deep sediment to seismic bedrock Thus, the 
survey of deep underground structures and the amplification characteristics of long period 
earthquake motions have been important problems in case of next great earthquake associated with 
Tokai-earthquake and South-Kanto earthquake. In this paper, we used the strong motions data of 
two earthquakes observed on July 2000 at K-Net and SK-Net in the Kanto basin (Fig.3). 

3. EFFECTS OF SURFACE WAVES GENERATED IN DEEP SEDIMENTARY BASIN 

3.1 Features of Surface Waves in The Kanto Basin on July 2000 earthquakes 

Many researchers have studied the propagation of long period strong motions in the southern part 
of the Kanto basin. For example, Fig.4 shows the trajectories of horizontal velocity using observed 
earthquake motions at the southern part of Tokyo by Koketsu et al. (2000). Similarly, we made the 
trajectories map including the Boso peninsula to understand the propagation at all of Kanto basin 
(Fig.5). Trajectories were made for long-period motions filtered from 6 to 12 s. We reconfirmed that 
surface waves generated from two different directions, the epicenter and the western mountain area 
in the Kanto basin from Fig.5. Besides, we remarked that two earthquakes have the different feature 
in terms of the amplification between the eastern and western part of Tokyo-bayside. Thus, we 
focused on this peculiarity, and separated Tokyo-bayside into three areas; western, northern and 
eastern, to compare with the surface waves characteristics. Figure 6 shows velocity Fourier spectra 
at each area with 15 July 2000 (EQ.1) and 30 July 2000 (EQ.2). And the wave-plots of time 
histories filtered around dominant periods on EQ.2 are shown Fig.7. These spectra have the eminent 
peak with long period, but their predominant periods are not same on each earthquake. In the case 
of EQ.1 (Fig6 (a)-(c)), predominant periods at the almost sites are from 7 to 9s, and only eastern 
area have the wide band periods including 10s. These components still remain the high amplitude 
even around northern area. In the case of EQ.2 (Fig6 (d)-(f)), almost sites have the predominant 
period between from 8 to 12s. The amplitude at western area and northern area are same, but ICH, 
CHB014 and SOD at the eastern area are higher than other area. The group velocity at the eastern 
area inferred from Fig.7 is slower than western area. As the surface waves propagate toward 
northern part of the Boso peninsula, they are amplified gradually. 

3.2 Peculiar Case of Amplification Characteristics at The Boso Peninsula 

As mentioned in the preceding section, the amplification characteristics at the eastern area of 
Tokyo-bayside are different from other area. Figure 8 shows the comparison of the multiple filtered 
ground motions with three sites, CHB023, CHB015 and CHB014. Earthquake motions on EQ.1 and 
EQ.2 are composed of the different wave band. Collections of marked periods are two; from 6 to 8s 
and from 9 to 12s. In periods of the former, Fig.8 (d)-(f) did not contain these phases, and amplitude 
of these phases at CHB014 is not higher than CHB023 in Fig.8 (a)-(c). That is to say, Love waves 
of the period from 6s to 8s were hardly excited at the Boso peninsula in the case of July 2000 
earthquakes. The other hands, surface waves with period range from 9s to 12s were amplified much 
higher than other periods as these phases propagate toward northern parts of Boso peninsula. Next, 
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we use the 3D underground structural model in the Kanto basin by Yamada et al. (2003) shown 
Fig.9 to consider about this cause. The central part of the Boso peninsula have the most deepest 
sedimentary to the seismic bedrock. Also above layers with an S-wave velocity of 1.7km/s and 1.0 
km/s are deeper than other area. Figure 10 is the dispersion curve of Love wave group velocity 
calculated using structural model by Table.1 excerpted from Fig9. Airy phase in which surface 
waves are exited can be seen around 10s. Therefore, these Love waves are amplified highly by these 
deep sedimentary layers located at central the Boso peninsula. 

4.  EXPECTATED SURFACE WAVES DURING MAJOR EARTHQUAKE

The scale of predicted magnitude for next major earthquakes at the Kanto basin is larger than 7. 
Figure 11 shows the observed spectral acceleration amplitude at bedrock by Ohta et al.(1976). The 
larger the magnitude of earthquake is, the longer periods surface motions are excited at the epicenter. 
Earthquakes of magnitude 7 or more have the prevailing energy with period of 10s. Thus, if the 
major earthquake occurs near the Kanto basin, the earthquake motions with predominant period of 
10 seconds will be amplified at the central Boso peninsula. These motions will affect to the fuel 
tank and large bridge rather than high-rise and base-isolated buildings.

5.  CONCLUSION 

We examined the effects of surface waves generated in Kanto basin on a series of Izu earthquake 
on 15 July and 30 July 2000. Firstly, we remarked that two earthquakes have the different feature in 
terms of the amplification between the eastern and western part of Tokyo-bayside. Especially, the 
amplitude with period of 10s at the central Boso peninsula was much higher than other area. Next, 
we calculated the Love wave group velocity using the model of deep underground structure to 
consider this phenomenon. In the result, we confirmed that surface waves amplified by the deep 
sedimentary layers at the central Boso peninsula. These long period motions have the potential to 
cause the disaster of large structures, e.g. fuel tank. 
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Figure 1 Distribution of large structures with long natural
period, high-rise, seismically isolated buildings and fuel
tanks. 

Figure 2 The velocity waves of E-W component
with period of 1 to 10s from near fault site to
Tomakomai on 2003 Tokachi-oki earthquake.

Tomakomai

Tomakomai Fault

Figure 4 The trajectories of horizontal velocity at the
southern part of the Kanto basin using the southwest of
Tokyo earthquake 3 May 1998 (M5.7) by Koketsu et al.
(2000)  

Figure 3 The strong motion sites observed on July
2000 earthquakes at the K-Net and SK-Net in the
Kanto basin 
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Figure 7 Velocity wave pest-up with period of 7 to 12 s 
on 30 July 2000

Figure 5  Trajectories map in the Kanto basin by
a series of Izu earthquakes on July 2000;  
(a) 15 July 2000, (b) 30 July 2000 

(a) 15 July 2000 (M6.3, Depth=5km)  

(b) 30 July 2000 (M6.4, Depth=18km)  
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Figure 6 Fourier spectra of ground motions on 
July 2000 earthquakes;  
(a) – (c) : 15 July 2000  (d) – (f) : 30 July 2000

(d) Western area (e)Northern area (f) Eastern area 

(a) Western area 

(b) Eastern area 

(a) Western area (b)Northern area (c) Eastern area 
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(a) CHB023 (15 July 2000)   (b) CHB015 (15 July 2000)         (c) CHB014 (15 July 2000) 

(d) CHB023 (30 July 2000)   (e) CHB015 (30 July 2000)        (f) CHB014 (30 July 2000) 
Figure 8 Observed ground motions with multiple filtered from 6 to 12 s at the CHB023, CHB015 and CHB014

Figure 11 Observed acceleration 
spectrum on rock site by Ohta et
al.(1976).

(a) 1st layer                (b)2nd layer              (c)3rd layer 
Figure 9 3D underground structural model in the Kanto basin by Yamada et al.
(2003) and Location of strong motion sites, CHB023, CHB015 and CHB014. Each
number shows the depth of km.
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Abstract:  Significant later phases following the S-wave arrivals in horizontal components often appear in 
the ground motions recorded in the sedimentary plain. In this paper, we discuss the propagation process of 
ground motions generated by a shallow earthquake through the analysis of seismograms recorded on rock 
and sediment sites. To accomplish it, we first deployed a temporary stations for seismic refraction
prospecting to clear up the boundary between the mountain range and the edge of the sedimentary plain in 
the southwestern edge of the Kanto Plain. Accordingly, we employed the recordings of seismic waves 
generated by explosions to model the subsurface structures applying travel time analysis . We also applied a 
2D finite difference method to simulate the later phases during an earthquake observed at the sediment sites 
using the subsurface structures derived from the seismic prospecting process. The results indicate that when 
considering basin excited waves, the characteristics of the simulated waveforms including the later phases 
display good agreement with the observed seismograms .

1. INTRODUCTION

It is essential to understand propagation characteristics of seismic motion in sedimentary basin in 
order to estimate the damage distribution from an earthquake. It has been recognized that the 
long-period ground motions, which consist mainly of surface waves, become larger in amplitude on 
sedimentary basins and longer in duration than at its margins. This is of great engineering concern. 
Because many large cities have a number of large-scale structures, such as high-rise buildings, 
long-spanned bridges and huge oil tanks in the world, including Tokyo Metropolitan area is located in 
a large sedimentary basin.

Tanaka et al. (1980) has reported that surface waves with a period of around 8 seconds are 
predominant in seismograms recorded at station on sediments in Tokyo during large earthquake. On 
the other hand, Toriumi et al. (1984) has pointed out that surface waves are generated secondary in the 
edge of basin by using seismograms from array observations. Therefore, it is necessary to consider 
underground structures not only particular observation sites but also process of propagation of seismic 
motion in order to clarify the propagation characteristics of the long-period ground motions.

In this study, seismic waves from the explosions are used to investigate the deep underground 
structure down to seismic basement in the Sagami area, which located at boundary between mountain
region and the edge of the Kanto plain. The purpose of our investigation was to clear up the nature of 
the boundary between mountain region and the edge of basin, and the propagation characteristics are 
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discussed at this region using seismograms recorded on rock site and sediment sites due to the July 11, 
2003 earthquake that occurred at the western part of Kanagawa prefecture (M=4.1,H=21km).

2. EARTHQUAKE OBSERVATION AT SOUTHWESTERN EDGE OF THE KANTO
PLAIN

The southwestern part of the Kanto plain is depicted in Figure 1 with the observation points and 
the surface geology conditions. The Sagamihara area, located about 50km southwestern of Tokyo 
where is a diluvial terrace on the north side, and the Kanto Mountains, which is on the sedimentary 
rocks on the northwest side of this terrace.

Velocity type strong motion seismometers with three orthogonal components each were installed
are 7 sites in this area. The stations ASK and AKW are located at the western part of the plain on a 
hard rock. YKY and FCN are located around the same area at the edge of the plain in the sediment.

Figure 2 shows an example of the horizontal components with velocity seismograms recorded at 
this region during the July 11, 2003 earthquake that occurred at the western part of Kanagawa 
prefecture (M=4.1,H=21km). Significant later phases appear following the first S-wave arrivals in 
horizontal components, especially transverse component at YKY and FCN. Such phenomena can be 
seen only in seismograms of earthquakes that occurred between the western part of Kanagawa 
prefecture and the eastern Yamanashi prefecture areas. The focal depth of these earthquakes is 
comparatively sallow (less than about 30km). 

Kinoshita(1985) found seismograms observed during earthquake with the same shape from
records at Fuchu array observation on the Kanto plain. As the results of analyses of characteristics of 
seismograms, by using apparent velocity method and Hilbert transform method. It was observed that 
the train of impulsive later phases was produced by multiple reflections of SH-wave at the upper 
boundary of dipping basement around the edge. Kurita(1996) found the significant later phase
observed during the August 5, 1990 earthquake that occurred at the western part of Kanagawa 
prefecture (M=5.1,H=13.6km) at FCN. As the results of analyses of characteristics of seismograms,
by using polarization analysis method and travel time analysis method. This phase was generated at 
the edge of sedimentary plain due to time difference between onset of first S-wave and first later phase.
However, it has not resulted in detailed examination in propagation process because the underground 
structure at the edge of plain was not cleared.

3. DEEP SUBSURFACE STRUCTURES NEAR THE EDGE OF THE KANTO PLAIN

A seismic refraction prospecting was carried out in the southwestern part of the Tokyo
Metropolitan area in January 15, 2000, for purpose of earthquake disaster prevention to clarify the 
deep underground structure down to the seismic basement. The explosions were denoted at 3 sites; 
Zama (SP1), Hiratsuka (SP2) and Tamagawa (SP3) are shown in Figure 3. The charge sizes were 
500kg, 300kg and 50kg for SP1, SP2 and SP3, respectively.

In this experiment, we observed an explosion from SP1 by 9 stations on a 20km from Zama shot 
point to north observation line (N-Line), and 30 stations on a 25km east to west line (EW-Line)
(Saguchi et al, 2000). EW-Line is on the line of one of the Yumenoshima explosions, of which 
research group made a series of seismic prospecting by exploding dynamite underground at
Yumenoshima for more then twenty five times since 1975 (Research Group on Underground Structure 
in the Tokyo Metropolitan Area, 1989). The other group observed an explosion from SP1 by 40 
stations and SP2 by 9 stations on a 15km from Zama shot point to south observation line (S-Line)
along the Sagami River crossing the Hiratsuka shot point (Maeda et al, 2000). Locations of more than 
70 observation stations in detail are shown in Figure 4. Digital recorders with a 200Hz sampling 
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recorded vertical component of ground velocity. Sensors we used geophones with a natural frequency 
of 4.5Hz were used for N-Line, and 2.0Hz were used for EW-Line. Synchronized time was carried out 
by GPS almost of stations.

Vertical component seismograms along the N-Line, the S-Line and the EW-Line released from 
SP1 are shown in Figure 5, respectively. The amplitudes, which were traced in Figure 5, are
normalized by its maximum of each amplitude. The quality of the data is quite well and clear first 
arrivals corresponding to a refracted wave from seismic basement can be traced up to offsets of more 
than 10km along the N-Line (Figure 5(a)). The apparent P-wave velocity of the first arrivals is 5.3km/s 
in this section, and the intercept times are about 1.0s. On the other hand, these are not appeared along
the S-Line (Figure 5 (a)), indicated that the upper layers of seismic basement are thicker than N-Line.
Instead, the layer that has apparent velocity of 4.0-4.5km/s whose intercept times are about 0.5s is 
refracted wave from a shallow layer is recognized in both of sections. Along the S-Line, vertical 
component of seismic wave released from SP2 were obtained. The basin area along the EW-Line
(Figure 5(b)), the apparent P-wave velocity of the first arrivals corresponding to a refracted wave from 
the identical layer is 3.8km/s, and the intercept times are about 0.5s. On the other hand, the mountain 
area crops out Cretaceous rock in this section have an apparent velocity greater than 7.0km/s. It is 
consider that there are interpreted as refracted wave from the seismic basement. In additionally, many 
later phases are recognized in all of the section. Travel time diagram for P-wave initial onsets along 
the line are shown in Fig. 4.Authors must follow the format details given in this section.

P-wave velocity profiles obtained from the travel time diagrams along the line are shown in Figure
6. As a primary process, the method of differences (Hagiwara, 1938) was applied to the travel time 
data obtained form the travel time diagrams along the S-Line, since the method is useful for
understanding a general structure and also estimates approximated P-wave velocities of layer. As 
shown in Figure 7 (a), it consists of two layers with P-wave velocities of 2.2 and 4.3km/s from results 
of this method in this section. At the Zama shot point, the thickness of the upper sedimentary layer 
with P-wave velocity of 2.2km/s is about 0.7 km, and thinner than one at the Hiratsuka shot point. And 
second one with velocity of 4.3km/s. Then as a secondary process, we constructed a P-wave velocity 
model with three layers using by time term method along the N-Line (Figure 7 (b)) based on the result 
from the S-Line profile. Finally, the underground structure with a P-wave velocity along the EW-Line
(Figure 7 (c)) was revealed using by time term method. It was confirmed that the basement structure 
of the boundary in the mountain region inclines drastically to the edge of the basin. The depth of
basement in this area is about two or three hundred meters.

4.  NUMERICAL SIMULATION BY FINITE-DIFFERENCE METHOD

In this study, the 2-D finite difference method is used to perform a numerical simulation. We are 
interested in significant later phases generation and propagation within sedimentary layers, and a 
observed seismogram on the rock site can be regarded as an input wave to sedimentary layers. 
Therefore, the velocity record of transverse component, which observed at AKW station on a hard 
rock, the July 11, 2003 earthquake that occurred at the western part of Kanagawa prefecture
(M=4.1,H=21km), is used as input wave. The main portion of the seismogram consists of SH wave 
and Love waves, and set the input wave as plane wave with 45-degree incidence. It is determined by 
simple horizontally layered crustral structure shown in Figure 9a, which is assumed near AKW. In the 
computation, a band pass filter with periods from 1 to 5 second was applied considering the stable 
condition. This filtered record with duration of 5 second is shown in Figure 8, in which the main 
portion of the ground motions is included, is used as the input wave. An underground structural model 
for the profile along the EW-line in Figure 4 is depicted in Figure 9a, and the computed velocities on 
the ground surface along this line are shown Figure 9b. Three phases appear in the computed 
velocities, and theses phase corresponds first SH-wave, multiple reflections of SH-wave and excited 
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wave from the edge of plain, respectively.  In this figure, it seems that the multiple reflections of 
SH-wave at the upper boundary of dipping basement is remarkable less than 35km from the epicenter,
but excited wave which have an apparent velocity of 1.1km/s is remarkable more than 35km from the 
epicenter. The comparison between the observed and the synthetic seismograms at each station on the 
sedimentary is shown in Figure 10. According to the arrival time of each phase can be compared, it
regard observed significant phases as the multiple reflections of SH-wave at the upper boundary of 
dipping basement at STN, YKY and FCN station. To a contrary, it turns out that the excited wave has
appeared predominantly at OGM station.

5.  CONCLUSIONS

The deep subsurface structure in the southwestern part of the Kanto plain was revealed by travel 
time analysis. The main results from our experiment are as follows the underground structure along
the N-Line consists with three layers. The P-wave velocities of these layers are 2.3, 4.3 and 5.3km/s,
respectively.  But along the S-Line and the EW-Line, the layer with P-wave velocity of 5.3km/s was 
not found. Therefore, we estimate the profile along the EW-Line using by time term method based on 
the layer with P-wave velocity of 4.3km/s along the EW-Line. It was confirmed that the basement 
structure of the boundary in the mountain region inclines drastically to the edge of the plain. The depth 
in this area is 200 to 300 hundred meters.

We also applied a 2D finite difference method to simulate the later phases during an earthquake 
observed at the sediment sites using the subsurface structures derived from the seismic prospecting 
process. The results indicate that when considering then as basin excited waves, the characteristics of 
the simulated waveforms, including the later phases, display good agreement with the observed 
seismograms. It seems that the excited wave from edge of plain is remarkable more than 10km from 
the southwestern edge of the Kanto plain.
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Figure 3. Map of the studied filed, the southwestern part of 
the Kanto plain, Japan. The solid circles and circles show 
explosion points and observation stations, respectively.

Figure 4. Map of the studied filed with the
observation stations and surveying lines. N-Line
located from Zama shot point to the north. S-Line
located from Zama shot point to the south

Figure 1. Map of the studied filed, the southwestern part of the 
Kanto plain, Japan. The solid circles indicate observation sites. The 
star shows the epicenter of earthquake.

Figure 2. Horizontal velocities observed near
southwestern edge of the Kanto plain during the 
earthquake on July, 11 in 2003. Each trace is
filtered in a period range from 1 to 5 seconds.
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Figure 7. (a) Under ground structure obtained 
from the method of differences for the S-Line.
Observed travel times are shown by triangles.
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Figure 5. (a) Seismograms observed at the stations along 
the N-Line and the S-Line during the Zama explosion. Each
trace is normalized to its maximum amplitude.
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Figure 5. (b) Seismograms observed at the stations 
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Figure 6. Travel time diagram on Hiratsuka-Hachiohji line. Solid circles and triangles show arrivals of initial and later
phases for the Zama explosion, respectively. Open circles and triangles show arrivals of initial and later phases for the Zama 
explosion, respectively.  Open squares show arrivals of initial and later phases for the Hiratsuka explosion, respectively.
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Figure 7. (c) Comparison of time terms on the 
EW-Line derived from Zama explosion.

Figure 7. (b) Under ground structure obtained
based on profile for the N-Line.
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Figure 10 (a) Comparison of observed and synthetic velocities for STN (Left) and YKY (Right). Band pass filter with 
period from 1 to 5 seconds for the observed velocity records. Upper: Observed velocity. Middle: Synthetic velocity using 
the only first motion observed at AKW as an input. Lower: Synthetic velocity using all data observed at AKW as an 
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Figure 10 (b) Comparison of observed and synthetic velocities for FCN (Left) and OGM (Right). Band pass filter with 
period from 1 to 5 seconds for the observed velocities. Upper: Observed velocity. Middle: Synthetic velocity using the 
only first motion observed at AKW as an input. Lower: Synthetic velocity using all data observed at AKW as an input.
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Abstract: The paper presents the main characteristics of ground motions recorded in Bucharest during strong and 

moderate earthquakes from the intermediate depth Vrancea seismic source, and the existing seismic 

instrumentation in Bucharest, Capital City of Romania, with emphasis on the recently installed seismic network 

(2003) of the National Centre for Seismic Risk Reduction NCSRR in the frame of the Technical Cooperation 

Project “Seismic Risk Reduction for Buildings and Structures” with Japan International Cooperation Agency. 

This new network with digital instruments has three components: stations for ground motion attenuation analysis 

(6 stations outside Bucharest), stations for site effects assessment in Bucharest (7 sites instrumented with free field 

and borehole sensors at 2 depth levels, between 25m and 153m), and stations for structural monitoring in 

Bucharest (4 instrumented buildings). The paper also presents preliminary site response assessment based on 

seismic records from the new network, and building characteristics derived from building records.   

 

 

1.  INTRODUCTION 

 

Located in the alluvial Romanian Plain and crossed by two rivers, Bucharest, the capital city of 

Romania suffers from earthquakes originating from Vrancea intermediate depth (focal depth 60÷170km) 

earthquakes. There is a significant variability of ground shaking characteristics within the city, and it is 

considered that deep sediments of variable thickness and composition are responsible for the site effects 

observed in Bucharest.  

The main characteristic of ground motions in Bucharest is the long predominant period of soil 

vibration, the city being characterised in international scientific literature as "Large city with Mexico-city 

effect" (The World Map of Natural Hazards, Munich Re, 1998). The relatively high seismic hazard, the 

peculiarities of ground motion, the existing building stock with many pre-code vulnerable  buildings, the 

concentration of economical, political, administrative and cultural activities, all of these make Bucharest as 

one of the cities with the highest seismic risk in Europe. 

Seismic instrumentation is essential for the proper establishment of input ground motion for design of 

new buildings and for seismic evaluation and retrofitting of existing buildings. The development of 

seismic instrumentation, in terms of quantity and quality, represents a continuous concern and effort of 

Romanian and foreign institutions and/or projects. 

2. SEISMIC GROUND MOTIONS RECORDED IN BUCHAREST 
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The history of strong ground motions recorded in Bucharest started with the March 4, 1977 (moment 

magnitude MW=7.5) earthquake. The 1977 earthquake killed 1,424 people and injured 7,598 in Bucharest, 

most of them in the 31 buildings that collapsed. One accelerogram was recorded on a SMAC-B Japanese 

instrument from INCERC (National Building Research Institute) seismic network. The record was 

digitised and processed by the Observational Committee of Strong Motion Earthquake of the Building 

Research Institute, Japan, 1978. The main characteristic of the record was the large spectral amplification 

at long periods. "The field study of the Romanian earthquake of 1977 suggests that strong ground motions, 

for engineering purposes, may differ considerably from those currently adopted for design on the basis of 

US West Coast-type of recordings." (Ambraseys, 1977). Fig.1 presents the spectral acceleration SA - 

spectral displacement SD spectra of the record.  
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     Fig.1 SA-SD spectra of 1977 INCERC record            Fig.2 Normalised SA spectra for 1986 event 

                    recorded at INCERC station (East of Bucharest) 
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Three other important earthquakes were later recorded in Bucharest: August 30, 1986 (MW=7.2) and 

May 30&31, 1990 (MW=7.0&6.4) Vrancea earthquakes. The records were obtained in three seismic 

networks: INCERC – 24 records, INFP (National Institute for Earth Physics) – 2 records and GEOTEC 

(Institute for Geotechnical and Geophysical Studies) – 3 records.  

These records indicated that there is a significant difference in the ground shaking characteristics within 

the city and from one earthquake to another (mobility with magnitude). For exemplification, in Fig.2 is 

presented the variation of normalised acceleration response spectra at two sites during 1986 earthquake 

(Lungu et al., 1997), and in Fig. 3 is presented the microzonation of Bucharest in terms of peak ground 

acceleration PGA for 1986 earthquake (Lungu et al., 2000). There is a clear difference between the Eastern, 

Central and Southern Bucharest and the rest of the city. In this part of Bucharest the PGA has lower values 

and the control period has higher values in comparison with North and Western side where PGA reaches the 

highest values and the control period is lower. This is explained by the difference in the subsoil conditions. 

The long control period of response spectra is a characteristic of Bucharest and it appears just in case of 

moderate and strong Vrancea earthquakes (Lungu et al., 1997, 2000). The quite large spectral values at long 

periods are not just a local phenomenon, the microzonation of SA for 1986 event showing in the city a 

practically uniform distribution of the SA ordinates at T=1.5s at values of about 200cm/s
2
 (Aldea et al., 

2003).  

HAZUS 99 underlines that it’s demand spectrum does not apply for the combinations of source and site 

conditions characterised by significant amplifications at periods larger than 1 second, case in which 

HAZUS spectrum over-estimate the spectral acceleration at low periods and under-estimate it at long 

periods. Mexico-city and Bucharest city (Figure 1) are such special cases.  
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Fig.3 Bucharest – August 30, 1986 Vrancea earthquake: microzonation of PGA 

 

3. SEISMIC NETWORKS IN BUCHAREST 

 

The three networks with analog instruments of INCERC, INFP and GEOTEC continue to function in 

Bucharest and a significant effort for developing a digital network was done by all institutions. INCERC 

installed 9 Romanian digital instruments in the '90s, and in 2003, with the support of State Inspectorate for 

Construction also installed 7 Etna Kinemetrics instruments. In the frame of the SFB 461 German Science 

Foundation Project at Karlsruhe University with Technical University of Civil Engineering UTCB, INFP 

and INCERC, Karlsruhe University installed in the last decade 15 K2 Kinemetrics instruments that are 

operated by INFP. In 2003 a new seismic network was created: in the frame of the Japan International 

Cooperation Agency JICA Technical Cooperation Project "Reduction of Seismic Risk for Buildings and 

Structures", the National Centre for Seismic Risk Reduction NCSRR installed in Bucharest 7 free field 

stations and instrumented 4 buildings with K2 Kinemetrics instruments. The total number of stations in 

Bucharest is now 56. The distribution within the city of these instruments is presented in Fig.4. 

 

 

4. NCSRR SEISMIC NETWORK IN BUCHAREST 

 

The National Centre for Seismic Risk Reduction NCSRR seismic network was installed in 2003 by 

staff from OYO Japan, NCSRR and UTCB. The Kinemetrics equipment was donated by JICA. All the 

stations are K2 Kinemetrics and, for the moment, they are stand-alone stations.   
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Fig.4 Bucharest – existing seismic networks in 2003 

 

The NCSRR network has 2 components in Bucharest: (i) free-field instrumentation for site effect 

assessment (7 sites with sensors at ground surface and in two boreholes) and (ii) building instrumentation 

(4 buildings). A brief description of the network is presented in Table 1 and Table 2. At all the free-field 

stations the soil profile of the boreholes is known. Down-hole tests were performed by NCSRR and Tokyo 

Soil and their results will be soon published. Laboratory tests are underway. All these data will allow the 

numerical modelling of site response. 

 

Table 1 NCSRR seismic stations for site effect assessment 
No. Site Station ID Surface sensor 

location  

Depth of sensor in 

shallow borehole, 

m 

Depth of sensor in 

deep borehole, m 

Type of 

equipment

1 UTCB Tei UTC1 free field -28 -78.4 

2 UTCB Pache UTC2 1 storey building -28 -66 

3 NCSRR/INCERC INC 1 storey building -24 -153 

4 Civil Protection Hdq. PRC 1 storey building -28 -68 

5 Piata Victoriei VIC free field -28 -151 

6 City Hall PRI free field -28 -52 

7 Municipal Hospital SMU free field -30 -70 

 

 

K2 + 

FBA-23DH

 

Table 2 NCSRR seismic stations in buildings 
No. Site Station  

ID 

Station & 

sensor 1 

location 

Sensor  

2 

Sensor 

3 

Sensor 

4 

Bldg.  

data 

Type of 

equipment

1 Stefan cel Mare 1 BLD1 11th floor 12th floor  5th floor 1st floor RC frame '80s 

2 Stefan cel Mare 2 BLD2 Basement 7th floor  4th floor Free field RC frame '60s 

3 National Television TVR 14th floor 15th floor basement - RC frame '60s 

4 BRD-SG Tower BRD 19th floor 3rd basement - - RC dual 2003 

K2 + 

Episensor 

ES-T 
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4.1 Available data 

Ambient vibration measurements were performed at all sites using the Kinemetrics equipment. Some 

outputs of these measurements are herein presented.  

At all the free-field stations sites microtremor measurements were done with velocity sensors and 

equipment made by Tokyo Soil and Buttan Service, Japan, donated by JICA to NCSRR. Microtremor 

velocity data is under analysis. 

Four small earthquakes were recorded by NCSRR network, three originating from Vrancea source: 

October 5, 2003 (MW=4.6, h=143km), December 24, 2003 (MD=3.8, h=86km) and January 21, 2004 

(Mb=4.7, h=111km), and one from Bulgaria: December 17, 2003 (MD=4.5, h=10km), and a total of 14 

records were obtained. 

 

4.2 Preliminary site response assessment 

Using earthquake records, the H/V spectral ratio technique was compared with the borehole 

top/bottom spectral ratio technique. Both techniques are commonly used nowadays for the assessment of 

site response, especially for identifying the predominant periods of ground vibration.  

H/V spectral ratio has to be tested in Bucharest, since the classical and reliable spectral ratio that uses a 

reference rock site is not applicable. In Bucharest area there is no outcropping bedrock, and the bedrock is 

believed to be at about 800÷1000m depth, the city being located on deep sediments. The H/V single station 

spectral ratio, despite a lack in theoretical justification, was tested successfully by an increasing number of 

authors (for example Lermo et al. 1993). The basic assumption is that the vertical component of ground 

motion is not affected by site effects.   

The technique that uses borehole records (Surface-Borehole Spectral Ratio SBSR) is considered by 

some authors as the most reliable (Atakan, 1995), while others do not recommend it since "the downhole 

sensors records not only the incident waves coming from the source, but also waves reflected from the 

surface" (Safak, 1997). In our case, the method is used only for comparison, the main limitation coming 

from the fact that the borehole sensor is not located on the bedrock, and consequently the spectral ratio 

may characterise just the response of the soil profile corresponding to the borehole depth. 

In Fig. 5 are presented the H/V ratio and the SBSR for NCSRR/INCERC site, for Dec.17, 2003 event, 

and in Fig.6 the same ratios for Jan.21, 2004 earthquake. The borehole sensor (B2) is located at –153m. 

Majority of the ratios indicates a first major peak around 0.8Hz. The SBSR are more clear and show a 

similar pattern for both earthquakes, identifying also the higher vibration modes. These results are in 

agreement with previous studies indicating for INCERC site a predominant frequency of ~0.75Hz in case 

of March 4, 1977 earthquake (Lungu et al., 1997) and 0.87 Hz as a mean of H/V ratio for several small 

earthquakes (Aldea, 2001). 
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Fig.5  NCSRR/INCERC site, Dec.17, 2004 event: H/V ratio (left) and SBSR (right) 
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Fig.6  NCSRR/INCERC site, Jan.21, 2004 event: H/V ratio (left) and SBSR (right) 

 

In Fig. 7 are presented the H/V ratio and the SBSR for UTC2 site, for Dec.17, 2003 event, and in Fig.8 

the same ratios for Jan.21, 2004 earthquake. The borehole sensor (B2) is located at –70m. 
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Fig.7  UTC2 site, Dec.17, 2004 event: H/V ratio (left) and SBSR (right) 
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Fig.8  UTC2 site, Jan.21, 2004 event: H/V ratio (left) and SBSR (right) 
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The SBSR ratios are very much similar for both earthquakes, clearly identifying a predominant 

frequency of 1.5Hz at UTC2. The H/V spectra are less clear, and the predominant peak is at 1-1.2Hz. 

The analysis of more data, completed by numerical modelling and by H/V Nakamura (1989) method 

(for microtremors) will allow an improved assessment of site response in Bucharest.    

4.3 Preliminary building response assessment 

 

In the case of instrumented buildings, the ambient vibration at bottom/basement represents an input 

signal that is amplified by the building. The top vibration includes the building vibration and, if 

soil-structure interaction exists, it also includes the contribution of rocking and sway. A soil-structure 

interaction assessment for the instrumented buildings has not yet been performed, and in the followings, 

the identified frequencies are considered as the frequencies corresponding to the vibration modes of the 

building. 

In Fig.9 are presented the Fourier spectra of ambient vibration records at the top of the Romanian 

National Television TVR (14 storeys). The spectra indicate clearly the main period of vibration for each 

direction of the building, and also the higher modes of vibration can be identified: 0.85Hz, 3Hz, 5Hz for 

NS direction, and 0.75Hz, 2.9Hz, 5Hz for EW direction. 

 

Fourier Spectrum (Time: 0-77s, Parzen: 0.2Hz)
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Fig.9 Fourier spectra of ambient vibration at TVR building 

 

In Fig.10 are presented the Fourier spectra of ambient vibration records at the top of the      BRD-SG 

Tower (20 storeys). The spectra indicate clearly the main period of vibration for each direction of the 

building: 1.5Hz for NS direction and 1Hz for EW direction. These values are in agreement with a previous 

microtremor study done at UTCB for the BRD-SG building in 2002. 
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Fig.10 Fourier spectra of ambient vibration at BRD-SG building 

  

Fig. 11 presents top/basement Fourier spectral ratios for earthquake records at BLD 2 station, 

indicating the main periods of vibration of the building: 2.2Hz for NS direction and 2.5Hz for EW. 
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Fig.11 Top/basement Fourier spectral ratio for earthquake records at BLD2 seismic station 

 

 

5.  CONCLUSIONS 

 

Bucharest city is one of the well instrumented cities in Europe, but efforts are still needed for having an 

entirely digital network, for a better distribution of seismic stations and for a modern communication of 

recorded data allowing in the future the development of near-real time shake maps. The NCSRR seismic 

network offers remarkable conditions for a better understanding of site response by providing seismic data 

in 14 boreholes at seven sites with the city. The network will also help the understanding of RC structures 

behaviour during earthquakes.  
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